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To Ragnar: our mentor, source of inspiration, 
and friend.
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Preface

This book is a collection of invited papers presented at the International Conference 
on Earthquake engineering and Structural Dynamics (ICESD) that was held in 
Reykjavik, Iceland, from 12th–14th June, 2017. The conference was held in honour 
of late Professor Ragnar Sigbjörnsson. Ragnar received his formal education in 
structural mechanics, which he applied in solving practical engineering problems 
and advancing the state-of-the-art in areas such as wind engineering, engineering 
seismology, earthquake engineering, and offshore engineering. Application of 
structural dynamics principles in wind and earthquake engineering was his main 
area of research and teaching. He had a very keen interest and deep understanding 
of modelling and analysis of random fields, which combined with his knowledge 
and skills in structural mechanics, established him as a leader in research areas such 
as structural dynamics and earthquake engineering. Ragnar was also keenly inter-
ested in safety science and reliability, and actively studied and pursued research in 
disaster risk management. Although Ragnar maintained a very diverse and cross-
disciplinary research portfolio, his main focus was on (i) earthquake engineering 
and seismology (ii) dynamics of special structures such as floating bridges, long-
span suspension bridges, submerged floating tunnels, and offshore structures, and 
(iii) earthquake risk evaluation, perception, and management.

This book includes contributions in these three fields. Due to the vast nature of 
these fields, it is impossible, in a small volume like this, to thoroughly and rigor-
ously address all the issues they deal with. We merely present selected topics within 
these fields: topics which Ragnar was most interested in and contributed to. Many 
of the chapters are written by his collaborators, close friends, and colleagues, pre-
senting methods and results that cover and extend beyond the state of the art in 
structural dynamics and earthquake engineering. Of the 19 chapters presented here, 
7 are written by invited Keynote Speakers at the ICESD, who are among the most 
distinguished scientists and researchers. These chapters showcase, not only the his-
torical perspective of the state-of-the-art, but also the most recent developments and 
provide a glimpse into the future of research in earthquake engineering and struc-
tural dynamics. Other chapters are written by renowned researchers, many of whom 
were also close collaborators of Ragnar. Some of the chapters are based on the work 
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initiated and led by Ragnar himself. The book will be useful for both researchers 
and practising engineers who are interested in the recent advances and future direc-
tions in these fields of scientific research and engineering practice.

The book starts with a short biography of Ragnar, entitled, “Ragnar Sigbjörnsson: 
A Scientist who went from a Tiny Town to World Reknown”. The chapter is written 
by one of Ragnar’s daughters, S. Ragnarsdóttir, together with his long-time collabo-
rators S. Ólafsson and Svein Remseth, and his student and apprentice R. Rupakhety. 
The chapter highlights aspects of Ragnar’s life as a scientist and educator, as well as 
a person and a family man; the latter is perhaps not as well-known to the readers as 
the former. This is a short description of his fascinating and inspiring journey from 
a small village of Borgarfjörður Eystri in North Iceland, to become one of the most 
distinguished scientists not only in Iceland and Norway, but worldwide.

The rest of the chapters are divided into three parts. The first part includes 
selected topics in earthquake engineering and engineering seismology. It starts with 
the chapter written by P. Gülkan and M. A. Sözen, presenting a genealogy of perfor-
mance-based seismic design. This chapter is a must-read for anyone interested in 
the history of performance-based seismic design (PBSD), its evolution and matura-
tion, as well as uncertainties and challenges in its practical application. The focus is 
on using structural drift as a central parameter in performance evaluation, which is 
although a positive influence of PBSD, the authors review and present compelling 
evidence on the lack of knowledge and tools to accurately estimate seismic drift 
demands of, for example, reinforced concrete structures. They highlight important 
considerations for practical use of PBSD, and advise its cautious use with a proper 
understanding of uncertainties in structural calculation, which may be, to non-spe-
cialists, masked by the sense of false confidence offered by advanced structural 
analysis methods. The second chapter of Part 1, written by Michael N.  Fardis, 
addresses the important issue of structural design to multiple extreme hazards. The 
chapter describes how the vast knowledge of research and development in seismic 
design of structures that has accumulated since the 1970s can provide a baseline for 
structural design for extreme loads such as larger blasts and fire. Ignoring extreme 
events in structural design is projected as a defeatist stance which is not in lieu with 
the spirit of modern performance based design. At the same time, the futility to 
associate probabilities to extreme threats, which are by definition unknown, is high-
lighted and emphasis is placed on consequence-based design method. Design deci-
sions for such extreme events are more rationally based on the expected 
consequences. Issues such as progressive collapse and unexpected loss of a struc-
tural member and its consequences on the global stability of structures are addressed, 
and are illustrated with experimental and numerical investigations. Based on 
detailed investigations and thorough analysis of experimental results, the chapter 
provides guidelines on design features which enhance structural resilience to mul-
tiple hazards in contrast to those that are efficient against some hazard but detrimen-
tal against others. These guidelines are stipulated in simple terms and serve practical 
conceptual design of structures resilient to multiple hazards.

Moving on from the philosophy and intricacies of PBSD in Chap. 1 and struc-
tural design for extreme loads in Chap. 2, Chap. 3 by A. Ansal et al. addresses a very 
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important issue in seismic design of structures: the definition of design loads con-
sidering local site effects, in particular, the effect of site response in design accelera-
tion spectrum. The chapter addresses the problem of deriving a uniform hazard 
spectrum (UHS) at the surface of a site based on the UHS at the bedrock. The chap-
ter introduces a simplified procedure to derive a response spectrum at surface based 
on UHS at the bedrock and probabilistic treatment of uncertainties in site amplifica-
tion through site response analysis using multiple hazard-compatible ground 
motions and Monte Carlo simulation of soil layer thickness and shear wave veloci-
ties. Modelling of damping in nonlinear time history analysis of structures is 
addressed in Chap. 4 by A. J. Carr and A. M. Puthanpurayil. Modelling damping at 
global level, by using models such as mass and/or stiffness proportional models has 
been found to be unrealistic in many studies. In lieu of stiffness and inertial proper-
ties, formulation of damping properties at element level, and subsequent assembly 
of global damping matrix is desirable, and consistent within the general framework 
of finite element analysis. This chapter presents the formulation of damping matrix 
at element level, both for discretized elements and continuum models, and illus-
trates the advantages of this approach against the conventional damping models 
based on global structural mass and stiffness matrices.

Challenges in modelling the seismic response of reinforced concrete (RC) walls, 
which are very effective in carrying lateral forces due to wind and earthquakes, is 
discussed in Chap. 5 by T. Isakovic and M. Fischinger. This chapter underlines the 
limitation in modelling inelastic response of structures referred to as a difficult 
obstacle in successful implementation of PBD, as discussed in Chap. 1 by P. Gülkan 
and M. A. Sözen. Isakovic and Fishinger present the basic features of a macro ele-
ment capable of modelling flexural-axial-shear interaction in RC walls. They also 
present experimental results that demonstrate the efficacy of the proposed macro 
element to model complex axial-flexural-shear interactions and capture global 
response of the experimentally tested walls. In Chap. 6, I. Takewaki et al. address 
one of the most pressing contemporary issues in earthquake engineering: modelling 
of near-fault ground motions and their effects on structures. They use double- and 
triple-impulse excitations to represent near-fault ground motions and derive approx-
imate closed-form solutions for response of elastoplastic system subjected to such 
motions. The approximate solutions are shown to be close to that obtained from 
inelastic analysis of recorded near-fault ground motions. Closed-form solutions of 
these kind are very valuable to study a large number of structures, to conduct reli-
ability analysis, as well as in parametric analysis to understand the effects of differ-
ent ground motion and structural parameters in seismic reliability of structures. 
Effect of near-fault ground motions on seismically isolated liquid storage tanks is 
addressed in Chap. 7 by S. Öncü-Davas et al. This chapter investigates the effective-
ness of simple analytical models of near-fault ground motion in predicting the seis-
mic response of base-isolated liquid storage tanks. Their results indicate that not all 
analytical models match the response induced by actual near-fault ground motion 
equally well. The success of the analytical models was found to be dependent on the 
response quantity being investigated: bearing displacement, isolation system shear 
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force, and fluid-tank shear forces were found to be represented more accurately than 
sloshing displacements.

Wave height and total energy of landslide-generated tsunamis is addressed by 
J. Eliasson in Chap. 8. Submarine landslides triggered by even small earthquakes 
can cause large tsunamis. Eliasson uses translatory wave theory, which was origi-
nally proposed by him, to estimate the initial wave height and the associated wave 
energy. Equations to estimate these parameters are given and a general outline to use 
the results in estimating their exceedance statistics, which essentially constitute a 
probabilistic tsunami hazard curve, is presented.

Estimation of surface strain rate tensor field from GPS network, and the subse-
quent interpretation of seismicity of Iceland is presented in Chap. 9 by R. Sigbjörnsson 
et  al. Based on GPS measurements from the base stations of the National Land 
Survey of Iceland, the methodology of estimating strain rate tensor and vorticity 
tensor is demonstrated. The results, based on data assembled between 1993 and 
2004, indicate a velocity field governed by rigid plate motion of the North American 
Plate and the Eurasia Plate. Significant strain rates exist in the rift between the two 
plates. The largest shear strain is in the South Iceland Seismic Zone, where the epi-
central areas of the two ~Mw6.5 earthquakes in June 2000 conform to the regions 
of largest strain rates. Stochastic modelling of strong ground motion due to earth-
quakes in South Iceland Seismic Zone (SISZ) is presented in Chap. 10 by Ólafsson 
et  al. Ground motion records from the recent earthquakes were found to have a 
source spectra which fit well with the point source model of Brune. Source param-
eters of the four largest earthquakes in Iceland for which accelerometric records are 
available are estimated and used to construct theoretical models of peak ground 
motion parameters. Such models are based on source spectra of point source, with 
incorporation of attenuation in the near- and far-field, and provide closed-form solu-
tions for root-mean-square (rms) acceleration, which can be converted to peak 
acceleration through peak factors that depend on duration of shaking. The resulting 
model is shown to fit the recorded data better than purely empirical Ground Motion 
Prediction Equations (GMPEs), and can also be used to simulate artificial ground 
motion models, stochastically equivalent to the data they are calibrated from.

Seismic vulnerability of Icelandic residential buildings is presented in Chap. 11 
by B. Bessason and R. Rupakhety. Based on damage data collected during recent 
earthquakes, the chapter provides a review of the types of damages sustained by 
buildings and their corresponding frequencies. Fragility and vulnerability curves for 
different building typologies, and their application in scenario risk estimation are 
presented. Buildings in South Iceland are found to be very resilient to earthquakes 
of magnitude 6.5 or lower, even in the near-source area where ground acceleration 
as high as 80% of acceleration due to gravity has been recorded. Most of the dam-
age was of non-structural type, which indicates that despite the good structural per-
formance, considerable risk of injury/casualty exists due to movement of household 
objects. This risk was somewhat mitigated due to the fortunate timing of the earth-
quakes in June 2000 and May 2008. Measures to improve seismic safety in South 
Iceland should focus on prevention of hazardous movement of building contents, 
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which is more easily accomplished than improving structural performance, but per-
haps, overlooked due to complacency and lack of safety culture.

Damage to non-structural elements and the subsequent loss of function and cost 
of repair are a growing concern in earthquake engineering research. Infill walls 
constitute a major concern in this regard. Damage and failure are not only costly, but 
may also cause serious injuries to the occupants. M. Vailati et al. present in Chap. 12, 
a novel technology of earthquake resilient and energy-efficient infill panels using 
hollow concrete or clay blocks that are dry-juxtaposed, rather than joint with mortar 
layers. The joints consist of recycled-plastic elements forming a preferential sliding 
plane to accommodate horizontal displacements imposed by ground shaking. 
Experimental and analytical results presented in the chapter show that the proposed 
infill panels are not only structurally more resilient than traditional mortar-joined 
brick walls, they are also more energy efficient.

The second part of the book contains three chapters written by Ragnar’s col-
leagues and collaborators at Norwegian University of Science and Technology 
(NTNU). These chapters are related to structural dynamics, design, and monitoring 
of special bridges; namely long-span suspension bridges, floating bridges, and 
marine bridges. These chapters are based mostly on research carried out at NTNU 
to find innovative solutions to make the E39 Highway in Norway ferry-free under 
the Coastal Highway Route E39 Project, in collaboration with the Norwegian Public 
Roads Administration (NRPA). The highway needs to cross many deep and wide 
fjords where conventional bridges are not feasible, and more challenging modern 
solutions are being sought. The first chapter in this section, Chap. 13 by A. Fenerci 
and O. Øiseth, is about the Hardanger Bridge, which Ragnar studied as a young 
engineer during his early career at NTNU. The bridge is the longest suspension 
bridge in Norway with a main span of 1310 meters. The chapter presents full-scale 
measurements and analysis of wind-induced vibrations of the bridge, which lies in 
a complex terrain. The results indicate that mean wind speed and vertical turbulence 
intensity are the two most important wind parameters influencing dynamic response 
of the bridge. Lateral response is controlled by the along-wind turbulence while 
cross-wind turbulence was found to produce torsional vibrations. The results show 
that variability in wind field in complex terrain can result in large scatter in dynamic 
response. Modelling of such effects is essential in reliable design and is being 
actively pursued at NTNU.

In Chap. 14, K. A. Kvåle et al. present methods of simulation and monitoring of 
a floating bridge dynamics. The bridge discussed in this chapter is the Bergsøysund 
Bridge, a 931 m long arch-shaped pontoon bridge. The chapter presents the theoreti-
cal framework of dynamic modelling of floating bridges considering fluid-structure 
interaction, modelling of random water waves, as well as time- and frequency-
domain solution strategies of the governing equations of motion. Results of dynamic 
simulation of the Bergsøysund Bridge using the finite element method are pre-
sented, and compared with results of operational modal analysis carried out from an 
extensive structural monitoring system installed on the bridge. Stochastic dynamic 
second-order response analysis of marine bridges is presented in Chap. 15 by  
B. J. Leira. This chapter presents the formulation of basic equations of motion of 
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second-order wave-induced loading on floating and submerged bridges, and demon-
strates a simplified procedure to estimate second-order loading. The simplified pro-
cedures for a submerged tunnel bridge with surface pontoons are compared with 
more refined methods, namely, the numerical panel model. A case study of the 
3700 m long Sognefjord Bridge is presented, and the results from simplified analy-
sis methods were found to be in good agreement with those obtained from refined 
models.

The last part of the book is related to selected topics in seismic risk assessment, 
risk communication/perception, and management. This part consists of four chap-
ters. The first chapter of this part, Chap. 16 by C. S. Oliveira et al. discusses new 
tools and methods for the analysis of generalized impacts of earthquakes. The chap-
ter is based on research carried out in the last decade by the Group of Seicmic Risk 
of Instituto Superior Técnico (IST), Lisbon, Portugal. The chapter focuses on indi-
cators of earthquake impact. Of particular interest is the newly developed idea of 
Disruption Index (DI) which is a holistic measure of earthquake impact, that incor-
porates the physical damages to different elements of an infrastructure, the loss of 
function due to such damages, and the complex interactions and interdependencies 
between these elements including the cascading effects of loss of functionality of an 
element due to damage in another element. The chapter also provides a framework 
for incorporating the impact indicators with performance indicators such as risk 
reduction worth and risk achievement work to mitigate risk. Chap. 17 by 
G.  Musacchio et  al. presents the main findings of the UPStrat-MAFA (Urban 
Disaster Prevention Strategies using Macrosiesmic and Fault sources) project, that 
incorporated a multi-disciplinary approach to disaster prevention encompassing 
strategies based on the analysis of level of risk and information. Ragnar was one of 
the key persons in the project, and was very enthusiastic about it. Uses of macroseis-
mic information and its probabilistic treatment for hazard analysis are presented. A 
holistic approach to risk assessment, through the DI (see Chap. 16) was one of the 
most important contributions of the project, and some of its applications are detailed 
in this chapter. The project strongly emphasized prevention strategies based on edu-
cation and communication of risk, and developed video games for children, and 
audio-visual products for the general public. A summary of these achievements and 
products is presented in this chapter.

Chapter 18 by R. Sigbjörnsson et al., is the penultimate chapter of this book, and 
is related to gender-dependence on the perception of earthquake effects and 
residential safety. The chapter presents statistical analysis of response to a 
questionnaire survey campaign carried out in the epicentral area of the two ~Mw 
6.4 earthquakes in South Iceland. The questions addressed in this chapter are the 
actions taken by people inside their houses during earthquakes. The results indicate 
that a significant proportion of the respondents (~15%) could not move during the 
earthquakes. While majority of male did not seek shelter, most of the female 
respondents sought shelter. The results also showed that female take more time than 
male to recover from the negative experience of earthquakes. It was also observed 
that the female respondents were biased towards higher intensities (macroseismic, 
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Modified Mercalli Intesnity), while the male respondents were biased towards 
lower intensities.

In the final chapter in this book, Chap. 19, S. Platt discusses and analyses the 
factors affecting the speed and quality of post disaster recovery and resilience. The 
chapter provides an insight about post-disaster resilience and recovery from a com-
parison of ten recent earthquake disasters. The analysis indicates that speed of 
recovery is, at least for the disaster studied in this chapter, not strongly dependent 
on exogenous factors of size of impact, population demographics and economics 
factors. Both speed and quality of recovery are shown to be strongly related to the 
post-disaster management and decision making. The chapter provides key issues to 
be considered by governments and decision makers in hazard prone countries to 
“build back better” after a disaster. Despite growing knowledge, research and devel-
opment in seismic resilient construction, earthquakes are a serious threat to our 
society. While some countries are better prepared to mitigate and manage disasters, 
others are very poorly prepared. In the latter case, post-disaster recovery becomes a 
very complicated process with several national and international actors. Lack of 
local leadership and a clear and rational vision for recovery and reconstruction 
makes disasters more disastrous. It is our belief that earthquake engineers have a 
prominent role to play, not only in designing and constructing resilient infrastruc-
ture, but also in shaping the reconstruction plan, as they are well equipped with the 
knowledge to learn what went wrong during a disaster, and how it can be fixed. 
Involvement of earthquake engineers in academic research as well as practical par-
ticipation in disaster mitigation planning and post-disaster reconstruction decision-
making will be vital for our future earthquake resilient societies.

We wish to extend our gratitude to all the authors of the included chapters for 
their contributions to this book. We are thankful to Professor Atilla Ansal, who pro-
posed the idea of the ICESD, and provided us continuous support and encourage-
ment in preparing this book. Special thanks are due to Petra van Steenbergen, 
Springer executive editor of Earth Sciences, Geography and Environment, for her 
support in preparing this book. We are grateful to the international scientific com-
mittee of the ICESD and other colleagues for reviewing the chapters presented in 
this book, and for providing valuable comments and suggestions for improvement.

Selfoss, Iceland� Rajesh Rupakhety 
 � Símon Ólafsson
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Ragnar Sigbjörnsson: A Scientist Who Went 
from a Tiny Town to World Renown

Ragnar Sigbjörnsson was born on May 7, 1944, in Borgarfjörður Eystri, a small vil-
lage in the northeast of Iceland. This village remained very dear to him. His parents 
were Sigbjörn Jakob Guðmundsson (1904–1970), a carpenter and an organist, and 
Jónanna Steinsdóttir (1906–1979), a housewife. Ragnar was one of three brothers: 
Bjarni, the eldest (1938–1981); Ragnar, the middle child; and Guðmundur Ingi, the 
youngest (1947) (Fig. 1).

Fig. 1  left Ragnar with his maternal grandmother Guðrún right top: Ragnar‘s parents Jónanna 
and Sigbjörn right bottom The three brothers (from left) Guðmundur Ingi, Bjarni and Ragnar
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Ragnar’s family home in Borgarfjörður Eystri was named Ásgarður. There, he 
grew up in a big family with his parents, brothers, both grandmothers, and two 
maternal uncles. From a young age, he was greatly influenced by Jóhannes S. Kjarval 
(1885–1972) who was, and still is, one of Iceland’s most beloved artists. Kjarval 
grew up in Geitavík, also in Borgarfjörður Eystri, and went there every summer to 
stay at his summer cabin. Ragnar often followed him around, watching him paint in 
nature. On one occasion, Kjarval gave him a piece of string in the colours of the 
national flag. Ragnar treasured this string and tied a knot on both ends so it would 
not unravel. Many years later, when Ragnar was at university, he met Kjarval again. 
Kjarval asked him if he still had the string. Ragnar had to tell him, with great sad-
ness, that it had gone missing. Ragnar, who picked up a few tricks from Kjarval, was 
himself a good painter and even sold paintings during his school years. This experi-
ence shaped him and gave him a great love of and appreciation for art.

As a child, Ragnar already had the strong urge to ask questions, get answers and 
challenge things. He was always experimenting, for example, on how high a box 
kite or various types of balsa-wood aeroplanes could fly and asking what needed to 
be changed or improved so that they did better. He built all kinds of models, not to 
have on the shelf, but on which to experiment.

At the age of 13, he went to a boarding school called Alþýðuskólinn á Eiðum. It 
was not very common that children from his remote village would seek further edu-
cation since the town lacked an overland connection during winter until 1965. 
However, Ragnar’s desire and urge to know more drove him to pursue his education. 
To attend school, he had to make a two-day’s journey. He had to walk or ski, some-
times in heavy snow or blizzards, for a day until he reached the farm, Unaós, where 
he stayed overnight and continued onward with a vehicle. Ragnar’s diligence, 
endurance, and perseverance definitely came from this early hardship in seeking an 
education. These are traits that he carried throughout his life—always working as 
hard as he could, driven by desire to know more, and possessing a strong will and 
determination.

Ragnar moved to Akureyri, at the age of 16 to attend secondary school at 
Menntaskólinn á Akureyri (MA), where he met his future wife Bjarnveig 
Höskuldsdóttir (1946). Music was second nature to Ragnar, as he was brought up in 
a very musical family. He played classical guitar. During his years in Eiðar and 
Akureyri, he played in a few groups. During his life, the guitar was never far away 
from him. He loved playing either to relax or to be at the centre of a party, singing 
and strumming. Ragnar graduated from MA in June 1965. At that time, he and 
Bjarnveig moved to Reykjavík (Fig. 2).

During his MA and university years, Ragnar worked for the Icelandic Road 
Administration, building structures, for example, roads and bridges, during summer 
vacations. Ragnar was always thankful for the opportunity to work for the Icelandic 
Road Administration. He said many times that this made it possible for him to pur-
sue his education at MA and the University of Iceland. He also worked for the 
National Land Survey of Iceland. While working there, he met Jón í Möðrudal 
(1880–1971) who taught him to sight-read music in the church in Möðrudalur. Jón 
once told Ragnar’s parents that he had never taught such a quick-learning teenager.
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In July 1964, Ragnar and his younger brother were building bridges across rivers 
in Njarðvík. Usually, everyone went home for the weekend, but, as the brothers 
lived in Reykjavík, it was not possible for them. Therefore, the brothers decided to 
climb the magnificent mountain of Dyrfjöll (Door Mountains, 1136 m, shown in 
Fig. 3). It was a warm, sunny day on that side (Fljótdalshérað). When they came up 
through the pass and looked over Borgarfjörður Eystri, they could only see the high-
est peaks of Staðarfjall and Svartfell due to heavy fog rolling in below. Jökuldalur 
(Glacier Valley), named after the small glacier situated below, is on this side of 
Dyrfjöll. The brothers decided to go down through the pass and jump onto the gla-
cier. They followed the glacier until they found the glacial river that they knew 
would take them home. When they came down, the fog had lifted and they arranged 
for someone to drive them back to Njarðvík. Not many had done this before them, 
and it was considered quite a dangerous achievement at that time.

In the autumn of 1965, Ragnar began his engineering studies at the University of 
Iceland. In February 1966, their first daughter, Anna Birna, was born. Ragnar and 
Bjarnveig got married on September 30, 1967, and he finished his studies at the 
University of Iceland in June 1968.

After finishing his first engineering degree in Iceland, Ragnar and his young fam-
ily headed to Denmark, where he earned his master’s degree from the Technical 
University of Denmark (DTU) in 1971 and a PhD from the same university in 1974. 
Following his studies in Denmark, he was hired as a research engineer at SINTEF, 
the research foundation of the Norwegian Institute of Technology (NTH), which is 
now called the Norwegian University of Science and Technology (NTNU).

Ragnar had a solid mathematical background, which was important when it 
came to stochastic modelling of environmental loads, such as wind, sea waves, and 
earthquakes, and their associated effects on structures. His exceptional skill in 
applying knowledge to practical problems soon made him a prominent researcher at 

Fig. 2  left: Ragnar on graduation day from MA middle: Ragnar was fond of music and played 
guitar from an early age right: Ragnar and Bjarnveig on their wedding day
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SINTEF in the development of safe offshore structures for the oil and gas industry 
and long suspension bridges in cooperation with the Norwegian Public Road 
Administration. Ragnar worked at NTH/SINTEF until 1979. During this time, he 
and his family lived in Heimdal, Trondheim. Two more daughters were born in 
Norway, Sólveig (October 1977) and Bryndís (July 1979) (Fig. 4).

The family returned to Iceland in the autumn of 1979, when Ragnar initially took 
a research position and later a professorship at the University of Iceland. The family 
settled down in the beautiful town of Mosfellsbær, where they built a home designed 
by Ragnar.

Although Ragnar lived in Iceland for the remainder of his life, he continued to 
have strong contact and collaboration with his colleagues in Norway. In 1979, 
Ragnar and Ivar Langen published a textbook on the dynamic analysis of structures 
(Dynamisk Analyse av. konstruksjoner, in Norwegian). Ragnar had very close and 
productive collaboration with his colleagues and friends Erik Hjorth-Hansen, Svein 
Remseth, and Bernt Leira, among others, at NTNU, as well as at the Norwegian 
Public Roads Administration (NPRA). Ragnar held a professorship at NTNU until 
his death and had been supervising MSc and PhD students at NTNU for a long 
period. He was an excellent supervisor and was very much appreciated by the stu-
dents and his colleagues.

A major effort made by Ragnar, when he went to NTNU in 2009, was the planning 
of a research program for fjord crossings along the highway route E39 on the western 
coast of Norway. The seven or eight major fjords require bridges to span between 2000 
and 5000 meters. Ragnar’s knowledge and experience from planning offshore struc-

Fig. 3  The Dyrfjöll (Door Mountains, 1136  m) in Borgarfjörður Eystri (photo credit: Hafþór 
Snjólfur Helgason)
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tures and various types of bridges, such as submerged floating tunnels, floating bridges, 
and suspension bridges, was of vital importance in defining the research required for 
the new bridges requiring extreme spans. The research program was planned for sev-
eral PhD students and postdoctoral researchers, along with additional research by 
senior personnel acting as supervisors. At present, between 15 and 20 temporary posi-
tions at NTNU are financed by this research program. The project comprises the theo-
retical development of methods of analysis and numerical models of load processes 
based on meta-ocean data and integrated analysis of interactions between the bridge 
structure and the fluid, air, and soil environments. These are complex problems, and 
there is a definite need to compare numerical simulations with measurements. Ragnar 
played a vital role in the planning of the instrumentation on two bridges with relevance 
to the E39 project, the Hardanger Bridge and the Bergsøysundet Bridge (see Chaps. 12 
and 14 for more details). Ragnar had, as a young researcher, worked on the analysis 
and design of Hardanger Bridge and was very excited when one of his first, major 
engineering projects was built and opened to traffic. The instrumentation program 
planned by Ragnar has already provided, and continues to do so, very valuable data 
that have proved important for the validation of load and interaction modelling.

When Ragnar came to the University of Iceland in 1979, he soon became a leader 
in engineering research. He was the director of the Engineering Research Institute 
during its starting phase of 1983–1990. Ragnar also headed the Applied Mechanics 
Laboratory, a small research group that focussed on research in structural mechanics. 
Gradually, he focussed his research on earthquakes and their effects on structures. 
Ragnar established the Icelandic Strong Motion Network in 1986. The Icelandic 
Strong Motion Network has recorded many significant earthquakes in Iceland, and it 

Fig. 4  Ragnar with his wife and daughters in 2003
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is the most important source of strong ground-motion data in Iceland. The Icelandic 
Strong Motion Network has tremendous value for seismic-hazard assessment in 
Iceland. In 2000, he founded the Earthquake Engineering Research Centre of the 
University of Iceland. He was its director until he retired in 2014 and the head of its 
Board of Directors until his passing. Ragnar contributed to the establishment of 
seismic design provisions of the most noteworthy, contemporary civil engineering 
works. He was very successful in applying the results of his research to solving 
practical problems and was consulted by various industries in Iceland regarding the 
safe design of their structures, most notably power plants near seismically hazardous 
areas in the south Iceland lowlands, as well as in northern Iceland. The advances in 
strong-motion monitoring, structural monitoring, seismic-hazard assessment, and 
structural design that he initiated are very important for Iceland, with the majority of 
its 330,000 inhabitants living close to seismically active areas.

While very active and productive in academic research and practical consulting, 
Ragnar was equally passionate about his teaching at the University of Iceland. He 
played an important role in shaping the current curricula of the civil engineering 
degree at both the BS and the MS levels. He was very ambitious as a teacher and 
designed, coordinated, and taught advanced courses, such as continuum mechanics, 
computational mechanics, stochastic mechanics, structural dynamics, earthquake 
engineering, risk analysis, etc. Many of these courses are still very relevant to the 
curriculum and are being taught following his vision and objectives. Ragnar spent a 
lot of time preparing lecture notes, slides, and other educational materials for his 
students. He continuously worked to provide his students with the most up-to-date 
information, not only on the classical theories that he taught, but also on their practi-
cal implications and developments at the forefront of research (Fig. 5). 

Fig. 5  Ragnar programming on a punching machine during his early career at University of 
Iceland

Ragnar Sigbjörnsson: A Scientist Who Went from a Tiny Town to World Renown



xxiii

Ragnar was very active internationally and had numerous contacts worldwide. 
One of his most notable research collaborations was with the late Professor Nicholas 
Ambraseys at Imperial College London, where Ragnar was a visiting professor dur-
ing 2001–2003. A review of an earthquake catalogue for Iceland was among the 
many works they completed. In 2006, he was a visiting professor at the University 
of Canterbury in New Zealand with Professor Athol Carr, a time he greatly enjoyed 
and fondly remembered. He participated in many international scientific confer-
ences. In 2014, he attended the Second European Conference on Earthquake 
Engineering and Seismology (2ECEES) in Istanbul, Turkey. Ragnar was very satis-
fied with the conference and enjoyed his time in Istanbul by visiting its magnificent 
monuments, which brought back memories from earlier visits (Figs. 6 and 7).

Ragnar was very enthusiastic about the last international project he worked on, 
the EU project UPStrat-MAFA (Urban Disaster Prevention Strategies using 
MAcroseismic and FAult sources). He played a valuable role in this project, which 
produced many innovative methods and products for the prevention of urban disas-
ters due to earthquakes and volcanoes. He worked very closely with his friends and 
collaborators, Carlos Sousa Oliveira and Gaetano Zonno, during this project. Ragnar 
played a very important role in producing the special issue of the prestigious journal 
of the Bulletin of Earthquake Engineering, presenting the research results of the 
UPStrat-MAFA project. He was a co-editor of this issue as well.

Fig. 6  Ragnar with his friend and colleague Prof. Athol J. Carr during his visiting professorship 
at the University of Canterbury
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Ragnar’s appetite for engaging in scientific work, initiating scientific dialogue, 
and disseminating research results was perhaps best exemplified by his strong will, 
despite his degrading health, to participate in his last international conference: The 
IZIIS International Conference on Earthquake Engineering and Engineering 
Seismology, which was held on the cruise ship MSC Orchestra travelling in the 
Baltic Sea May 12–16, 2015. He was very passionate about this conference and 
delivered a lecture on offshore-earthquake engineering (Fig. 8).

Ragnar was very fond of travelling and learning about various different cultures. 
He appreciated the natural beauty and sociocultural heritage of the places he visited. 
In 2012, he and Bjarnveig travelled to Nepal to attend the wedding of his student 
and apprentice Rajesh Rupakhety. Ragnar enjoyed the trip very much and often 
mentioned that he felt like he had been there before. He was touched by the land-
scape and mountains of the country and captured a magnificent photograph of the 
Machhapuchhre Mountain from the balcony of his hotel room in Pokhara early in 

Fig. 7  Left: Ragnar and his colleagues with their spouses (from left to right, Bjarnveig, Ragnar, 
Carlos Sousa Oliveira, Isabel Oliveira, Gaetano Zonno, and Cecilia Zonno) during the gala dinner 
of the 2ECEES; Right: Ragnar and Bjarnveig enjoying their time in Istanbul during the 2ECEES

Fig. 8  Left: Ragnar on the deck of MSC Orchestra during the IZIIS-50 conference; he was very 
fond of offshore structures, bridges and wind turbines (in the background). Right: Ragnar deliver-
ing his last international conference lecture onboard MSC Orchestra during the IZIIS-50 
conference
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the morning, before the clouds started covering the mountain top. For many years to 
follow, Ragnar talked about his experience of waking up and seeing this magnificent 
mountain standing right in front of him (Fig. 9).

Ragnar’s fondness for bridges is perhaps best exemplified by an adventure that 
took place in Nepal. After a long and tiring trip to Pokhara, Ragnar, Bjarnveig, 
Rajesh, and Puja (Rajesh’s wife) made a late stop in Abu Khaireni for lunch on their 
way back to Kathmandu. Despite being tired, Ragnar spotted a suspension bridge 
over the Marsyangdi River. As soon as he spotted it, walking across the bridge and 
understanding its dynamic characteristics became his priority. Lunch could wait 
(Fig. 10).

Apart from music, Ragnar was very interested in poetry and knew an enormous 
number of poems. He enjoyed reading poems and found it to be relaxing for the 
soul. One of his last and most consuming projects was to publish the book Gengin 
Spor in cooperation with his younger brother Guðmundur Ingi. This book is a trib-
ute to their maternal uncle, Bjarni Steinsson (1902–1963), and contains poems by 
Bjarni that Ragnar’s mother collected over the years. Ragnar visited his birthplace 
of Borgarfjörður Eystri in June 2014, where a special ceremony was held to cele-
brate the release of Gengin Spor (Fig. 11).

Fig. 9  Ragnar and 
Bjarnveig in traditional 
Nepalese dress, ready to 
attend the wedding 
ceremony of his student 
and apprentice
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Fig. 10  Main photo: The Abu Khairini Suspension Bridge over the Marsynagdi River in Gorkha, 
Nepal inset: Ragnar with Rajesh following him, crossing the bridge and investigating its vibra-
tional characteristics

Fig. 11  Ragnar in his 
hometown Borgarfjörður 
Eystri, on his way to 
celebrate the release of 
Gengin Spor

Ragnar Sigbjörnsson: A Scientist Who Went from a Tiny Town to World Renown



xxvii

All those who knew Ragnar were aware that he was very skilled and passionate 
about his work. Ragnar was open to new ideas and was not afraid to venture into 
new research territory. He was aware of the human element of engineering, and his 
interdisciplinary work set an example for others to follow. Ragnar was a popular 
teacher. As a mentor, he had tremendous influence on numerous engineers and 
researchers, both in Iceland and abroad. Ragnar was among the most active and 
productive researchers at the University of Iceland, and he received numerous 
awards for his work. In 2003, the president of Iceland awarded Ragnar the Knight’s 
Cross of the Order of the Falcon for his work in the fields of science and education. 
Ragnar was a Rotarian and had received the highest award in Rotary, the Paul Harris 
Award, for his outstanding contribution (Fig. 12). He was also a Freemason. He 
found these societies to be both rewarding and immensely enjoyable.

Ragnar passed away on July 15, 2015, after a short battle with cancer. Ragnar 
was a very influential teacher and researcher at the University of Iceland in applied 
mechanics, earthquake engineering, and engineering seismology. He was also a 
family man who loved his wife, daughters, and their families. He enjoyed hosting 
banquets and trying new things in the kitchen. If a celebration contained a four- to 
five-course meal, it was perfect. His elegance and accuracy shone through when he 
was setting a table for a celebration; it was always exquisite. He worked until the 
day he died; he never gave up, and he taught people around him to never give up. 
The evening before he passed away, he was still working hard to finalize a research 
article and a special volume of the UPStrat-MAFA project that was published in the 
Bulletin of Earthquake Engineering.

Fig. 12  Ragnar receiving the Knight’s Cross of the Order of the Falcon from the then president of 
Iceland, Olafur Ragnar Grimsson
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Ragnar leaves behind a large legacy, and his work has led to great progress in 
engineering education and in earthquake research. His contributions have opened 
numerous doors for engineers and researchers to come. Memories of him, filled 
with love, inspiration, motivation, sympathy, and elegance, will be cherished by 
many for the rest of their lives.

Reykjavík, Iceland	 Solveig Ragnarsdóttir
Selfoss, Iceland	 Rajesh Rupakhety
Reykjavík, Iceland	 Símon Ólafsson
Trondheim, Norway	 Svein Remseth
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Chapter 1
Genealogy of Performance-Based Seismic 
Design: Is the Present a Re-crafted Version 
of the Past?

P. Gülkan and Mete A. Sözen

Abstract  Structural engineering for earthquake resistance is undergoing a major 
revision in its approach toward the fulfillment of seismic safety and utilitarian ser-
viceability in design. Rather than sticking to the established precepts of prescriptive 
design rules, design has turned toward the achievement of specific results through 
procedures that are tailored for different buildings and uses. These procedures rep-
resent notable research contributions, but they are complicated conceptually for 
implementation in structural engineering practice, and nonlinear building response 
estimates, frequently assumed to be performance, can vary within broad limits even 
for simple applications.

In this text we relate the history of code developments. We focus on the two main 
requirements of earthquake-resistant design of building structures: (1) Life Safety 
and (2) Protection of the Investment and relate the two demands to current concepts 
of Performance-Based Building Design. While we provide a personalized vision for 
the way in which the PBSD framework developed and matured during the last half 
century, a thorough historiography is not within the scope of the text. We nominate 
drift to serve as the prime metric for performance judgment.
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1.1  �An Unofficial History of Building Codes

Performance based structural design has been with us for much longer than is rec-
ognized. A good example is the design and construction of the cathedral at Beauvais, 
France. The construction of the cathedral was initiated in 1225 with the desire of 
“reaching heights taller than all existing cathedrals.” In 1284, as the vaulting reached 
48 m, supporting walls collapsed during construction. Another effort was made to 
go higher, but it also was terminated by another collapse. It was then decided not to 
go any higher because satisfactory performance was clearly elusive. The tools of the 
building trade that existed then did not meet the challenge of the objective.

Following the repair of the cracks in St. Peter’s dome in Rome in the eighteenth 
century using a procedure related to what is currently called virtual work, structural 
design has been (as Cross called it) a craft, or something between science and art, 
that is based on experience. This important linchpin is sometimes sacrificed to the 
false exactness provided by computerized, nonlinear analysis of approximate mod-
els of the structure.

It was the extreme damage from the Messina earthquake of 1908 that inspired the 
Italian engineering community to develop a scientific base for the design of earth-
quake resistant building structures. Knowing better, but realizing that the engineer-
ing community of early twentieth century would be more comfortable with force 
related design, they based their design procedure on mythic/imaginary lateral forces 
of which demands could be readily combined with requirements of gravity forces. 
The approach was endorsed by the Japanese engineering community and then read-
ily accepted by the international earthquake engineering community because it per-
mitted prescriptive provisions to be drafted for codes. It took around a century to 
realize that drift, and not force, was the primary driver for the earthquake perfor-
mance of most buildings. Drift controlled the force, not vice versa (Sozen 1981). 
Recognition of drift as a design criterion put the emphasis on performance that 
could be seen and measured. In principle, this works for existing buildings as well 
as in the design stage of new buildings.

A historic survey of prescriptive requirements on how to build for better seismic 
performance shows that these landmarks were always reached after cataclysmic 
experiences. These early regulations, such as were passed after the 1509 Istanbul 
Earthquake, 1755 Lisbon Earthquake, or the 1880 Luzon (Manila) Earthquakes, 
were limited to descriptions of allowable building materials and building heights. 
They predated the extensive use of reinforced concrete and steel. Unreinforced 
masonry was an allowable material in these early regulations, and no quantitative 
method was provided for calculating either demands or capacities. Thus they are 
primitive seismic codes in today’s light, regulating some features of construction 
but not employing the quantitative methods civil engineers would later develop. 
That notwithstanding, these efforts are impressive for making such early attempts to 
improve the building stock’s earthquake resistance.

The major earthquake that shook Istanbul in the summer of 1509 led to the ban-
ning of stone masonry construction in the city, because most deaths had occurred 

P. Gülkan and M.A. Sözen



5

when such buildings collapsed. This decision paved the way for the emergence of 
another form of disaster that plagued the city for the next four centuries: fires con-
sumed not only timber construction but also much of the cultural heritage. Following 
the 1755 earthquake in Lisbon, which destroyed the city center area known as 
Baixa, the Marquis of Pombal gathered a group of builders to determine the best 
manner of earthquake-resistant construction to use for rebuilding. The type of con-
struction selected became known as the Pombalino wall. In its complete form, it is 
also referred to as “gaiola” or “cage” construction. Most, if not all, of the buildings 
reconstructed in the reconfigured planned Baixa area were constructed with 
Pombalino walls, and sometimes (but not always) with complete “gaiola” timber 
frames, Tobriner (1984b), Langenbach (2003).

The practice of developing, approving, and enforcing building codes varies con-
siderably among nations. Several countries have adopted model codes, including 
earthquake regulations, on a national basis, such as Japan, New Zealand, and Italy. 
In such countries, building codes are developed by government agencies or quasi-
governmental standards organizations and then made to apply across the country by 
the central government. Until 2000, the USA had three major model codes and 
associated seismic regulations, and even after their integration into the International 
Building Code, the process of adopting and enforcing the regulations, sometimes 
with substantial variations, is left to state and local governments. Similarly, in India 
each municipality and urban development authority has its own building code, 
which is mandatory for all construction within its jurisdiction. In Europe, the 
Eurocode is a pan-European building code that has all but superseded the older 
national building codes. Each country must now develop its own national country 
annex to localize the contents of the Eurocode. The seismic component of the 
Eurocode is only one part of that model code. While the consistency of the regula-
tions across European national boundaries provides a better technical basis for its 
seismic and other provisions, the more important motive for such a code of European 
scope is economic. The Euro economic block can compete more effectively against 
the nations outside it if its design, construction, and building material industries are 
guided by consistent provisions.

A model building code is a convenient resource that can be adopted by the appro-
priate jurisdiction as its legal requirement. This makes the cost of maintaining and 
updating a code more economical and also provides more design and construction 
consistency from one city to the next than would be the case if each developed its 
own code. That multiplicity of codes in a country was the rule throughout the nine-
teenth century and in many cases, has only gradually trended toward nationally 
uniform provisions in the twentieth century. Two important interests that have 
pushed for uniformity are the construction and building material industries, which 
can operate more efficiently if they have one set of rules, and the insurance industry, 
which desires up-to-date code provisions that can be easily evaluated for rate-set-
ting purposes.

Tobriner (1984a) provides a historical survey of the development of building 
codes, noting that they originated primarily in the form of requirements for fire-
resistant construction in the increasingly more congested urban settlements, and 
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then only much later in most countries had seismic regulations been added to them. 
The first systematic national building standard was the London Building Act of 
1844. Among the provisions, builders were required to give the district surveyor 
2 days’ notice before building, and they contained regulations regarding the thick-
ness of walls, height of rooms, the materials used in repairs, the dividing of existing 
buildings. The placing and design of chimneys, fireplaces, and drains were to be 
enforced, and streets had to be built to minimum requirements.

The City of Baltimore passed its first building code in 1859. The Great Baltimore 
Fire occurred in February, 1904. Subsequent changes were made that matched the 
contemporary fire-resistant regulations of some other large cities in the United 
States. In Paris, under the reconstruction of much of the city by Baron Haussmann 
during the Second Empire (1852–1870), great blocks of apartments were erected, 
and the height of buildings was limited by law to six stories. Though height limits 
were instituted for city planning reasons, they later sometimes became part of seis-
mic codes in determining allowable structural systems for various heights.

1.2  �Codes: Prescriptive and Performance-Based

Building code requirements are usually a combination of prescriptive requirements 
that spell out exactly how something is to be done, on the one hand, and perfor-
mance requirements that just outline what the required level of performance is and 
leave it up to the designer how this is achieved, on the other. An example of the 
former would be a rule-of-thumb for spacing of anchor bolts in house construction. 
An example of the latter would be to have the engineer calculate interstory drift and 
then design concrete cladding to accommodate the specific distortion of the build-
ing. In recent years, there has been a move among many building codes towards 
more performance requirements and less prescriptive requirements. Performance-
based code requirements still require tight definitions so that adequate performance 
can be evaluated by the building regulatory agency. The fire protection field has 
developed performance-based design approaches for many years, in which testing 
or other data can be used to provide alternate means of fire protection instead of 
following the prescriptive requirements of a code.

In recent years, several countries beginning with Australia, have moved to much 
shorter, objective-based building codes. Rather than prescribing specific details, 
objective-based codes list a series of objectives all buildings must meet while leav-
ing open how these objectives will be met. When applying for a building permit the 
designers must demonstrate how they will meet each objective. This makes it neces-
sary for approving authorities to employ correspondingly qualified personnel so that 
a productive synergy can be created between innovative designs and traditional 
safety concerns. It also requires a high degree of professionalism, because it gives 
the architect and engineer more leeway, as compared to more prescriptive require-
ments, and also requires a higher level of building code enforcement review. Seismic 
isolation, inclusion of damping devices, response history analyses, and 
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displacement-based design are some of the innovative approaches currently in use 
in some places where this higher level of design and review capacity is present. 
Each of these represents challenges in analysis and design that require an intimate 
knowledge of the underlying mechanics-based mathematical theory and its limita-
tions. As such, they are best performed by professionals with considerable experi-
ence because there are alternative approaches that require deep insight on the part of 
the engineer. These are individuals who know what they don’t know.

Seismic codes begin with the goal of providing safety, and many stop there in 
most respects, but some include requirements for protecting the functionality of 
essential buildings, such as fire stations, hospitals, and emergency communications 
and data processing centers. This is discussed in the separate chapter on Essential 
Facilities and is only mentioned in passing here. Some of the most stringent regula-
tions of this type were passed in California after the 1971 San Fernando Earthquake, 
when the Hospital Seismic Safety Act of 1972 was passed. The Veterans 
Administration adopted its own regulations after that earthquake, regulations that 
seek to not provide not only safe hospitals but also more functional ones placing an 
emphasis on drift. Some voluntary above-code (performance-based design) 
approaches lead an owner to invest in the cost of higher seismic protection to achieve 
less property damage in earthquakes, but the most common seismic design criteria 
that go beyond the goal of providing safety are related to protecting essential 
functions.

1.3  �Performance-Based Building Design

It would be naïve to attempt to compose a timeline with appropriate citations for the 
way performance-based seismic design has evolved during the last 25 years. It also 
would be futile to assume that such a compendium would fail to offend a good many 
people who would likely feel to have been omitted or at least slighted. This is a criticism 
we are prepared to accept. A useful, if slightly dated, compilation devoted to perfor-
mance-based seismic engineering has been assembled (Bertero and Bertero 2004).

Such has been the interest shown by the world’s earthquake structural engineer-
ing community in the reformatted approach to the required performance to sizing 
structural systems for seismic effects on the basis of basic capacity design concepts 
that the sheer number of publications would be an overwhelming task for anyone to 
list. In contradiction of the title for this paper, it is also not easy to pin parentage on 
any single individual for having begotten the groundbreaking, seminal concept for 
performance or displacement-based design at any stage of the advance of the trade. 
There was no Biot, for example, to figure out the concept of the response spectrum 
as a design tool, work out its details, and place it in front of engineers for their use. 
Its growth was the usual pattern for scientific progress and technical development: 
a cross-fertilization of experience, concepts, and laboratory tests culminating in 
convergence, after having occasionally followed false leads, on the true path toward 
predefined performance. Seemingly random ideas become crystallized into unified 
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methodology when they receive the acceptance of their peers. A history of perfor-
mance-based seismic design is also strongly dependent on the geographic setting: 
differing visions exist in Europe, the USA, and elsewhere as to how it arrived at its 
current station (Priestley 2000).

Two contrasting visions have contributed to the birth of performance in rein-
forced concrete buildings. The 1960 earthquake in Agadir, a resort town in Morocco, 
wreaked shocking damage on buildings that had been designed to no seismic provi-
sions (Clough 1962). In the interest of countering the undesirable impression that 
reinforced concrete buildings might be unsuitable in seismic regions, PCA had 
Blume et  al. (1961) produce a book where the importance of deformability for 
acceptable performance was stressed. Much of the development during the last 
30 years that has occurred in the USA has received the support of FEMA, a federal 
agency charged, along with other duties, with the management of risk from natural 
hazards. The driving need has been an issue of significant concern to earthquake 
hazard mitigation specialists in the expected poor seismic performance of older, 
seismically vulnerable concrete buildings, commonly referred to as non-ductile con-
crete buildings (ATC 2013). These buildings, which include older construction dat-
ing from the early 1900s, were predominantly constructed prior to 1980, after which 
U. S. seismic codes for concrete buildings were considered to have been improved. 
While not all non-ductile concrete buildings are hazardous, many have weak, brittle, 
or incomplete lateral force-resisting systems. These buildings may have gravity-load 
support systems that cannot accommodate potential lateral deformations or drifts if 
subjected to strong earthquake ground motions. The position expressed by FEMA 
(ATC 2012) was that “Performance-Based Seismic Design (PBSD) is a concept that 
permits the design and construction of buildings with a realistic and reliable under-
standing of the risk of life, occupancy, and economic loss that may occur as a result 
of future earthquakes. It is based on an assessment of a building’s design to deter-
mine the probability of experiencing different types of losses, considering the range 
of potential earthquakes that may affect the structure. The first step involves the 
selection of a desired performance level by a building owner or regulator. Then an 
input ground motion, scenario event, or earthquake hazard level is selected for which 
this performance is to be achieved. A designer then conducts a performance assess-
ment, which is intended to determine if the selected performance level is met, or 
exceeded, at the selected hazard level. In the PBSD process, the building design is 
then adjusted until the performance assessment indicates a risk of loss that is deemed 
acceptable by the building owner or regulator.”

Those are fine words, but each of these tasks involves considerable uncertainty. 
Two hundred years of mathematical theory and a 100 years or more of research and 
development in reinforced concrete structural systems notwithstanding, our analyti-
cal ability to extract a tomographic understanding of how structures will respond to 
dynamic earthquake effects is still limited. A repudiation of Wilson’s dictum1 does 
not appear to be imminent because materials have properties that can only be esti-

1 Wilson (2000) observes that structural engineering must contend with many poorly known or 
estimated parameters in its pursuit of creating structures that serve communities in some way.
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mated, forces are not accurately known, and structures can only be analyzed approx-
imately. That is a rephrased version of the 25-century old Aristotelian counsel: “It is 
the mark of an educated mind to rest satisfied with the degree that the nature of the 
subject admits, and not to seek exactness where only an approximation is possible.” 
The randomness and prior unknown nature of earthquake ground motions empha-
size that exact references to return periods in the manner of performing rocket sci-
ence probably have little credibility.

1.4  �Considerations

Engineers need to work with imperfect knowledge much of the time. More often 
than not, the demands on and the capabilities of a particular structure are not known 
with the accuracy required by exact analysis. This is primarily why experience 
drives design, and that is why processes for proportioning, whether they are made 
into law in codes or whether they reside in text books, comprise an intricate and 
complex mix of methods. These methods may be categorized in three types:

	1.	 Methods that explain as well as predict. An example is the flexural theory of 
reinforced concrete. If we ignore the flaws at the edges of its domain of applica-
tion, such as conditions at a plastic hinge or for a very lightly reinforced section, 
the flexural theory may be considered a well-understood topic that can be used 
to predict the response of a range of sections with confidence, the range having 
been defined in the field and in the laboratory. Whether the section is rectangular 
or circular, its strength can be determined using the same fundamental 
concepts.

	2.	 Methods that predict but do not explain. Examples are proportioning methods 
used for shear or bond strength in reinforced concrete. They are used with the 
implicit hope that they can be used to predict capacity but, even in the best 
instance, their first principles are derived from observation and their results have 
been calibrated through observations. As such, they do not lend themselves to 
projection outside of the range of parameters considered in their development. 
For example, determining the strength of a girder with a circular section from 
theory calibrated by data from girders with rectangular sections is not a straight-
forward procedure and requires knowledge over and above that contained within 
the method.

	3.	 Methods that neither predict nor explain. Many of the minima and maxima spec-
ified in codes fall in this category. The required minimum amount of shrinkage 
and temperature reinforcement does not follow from any sort of first principle 
other than the common sense of having some reinforcement to counteract the 
probable effects of volume changes.

Most practicing engineers know instinctively in what manner these three types 
are to be used in design. Above all, they do understand that methods of Type 2 are 
one-way streets. One uses the method to arrive at proportions that are likely to pro-
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vide safety and serviceability for the assumed demands. But it would be folly, for 
example, to use a crack-width expression that may be used to predict a characteristic 
crack width from a given reinforcement stress to determine reinforcement stress 
from a crack-width measurement. Minima/maxima included in Type 3 are not meth-
ods at all, although they may play a critical role in protecting engineers from 
themselves.

In the realm of proportioning for earthquake resistance, another layer of gauze, 
the equivalent static lateral force, is introduced. For proportioning to resist gravity 
loads, the demand may be exaggerated but it does represent the action. The force to 
be resisted exists with or without the structure. For earthquake effects, the assumed 
lateral force is a chimera. It cannot exist unless there is a structure in a state of defor-
mation. Its magnitude depends, among other things, on the strength of the structure. 
Nevertheless, the tradition to this day in proportioning of earthquake resistant struc-
tures has been to initiate the proportioning exercise with a specified base shear. That 
pivotal beginning tends to lump all three types of methods used in design in the cat-
egory of those that neither predict nor explain. The approach is pragmatic. It allowed 
proportioning for earthquake resistance of low- and even moderate-rise buildings 
without the need to understand structural dynamics at the beginning of the twentieth 
century. Its remaining in use in the twenty-first century is questionable. Despite the 
false start with virtual forces, existing methods are able to produce satisfactory struc-
tures because there is much experience subtly built into them and because, fortu-
nately, strength is not a critical factor for earthquake resistance of most structures.

Given earthquake intensity, the response of the structure can be sensed from 
three indices listed below in order of importance:

	1.	 The ratio of lateral drift capability to height. The drift-ratio capacity is a measure 
of the toughness of a structure. It is controlled by a myriad of methods involving 
all three categories listed above. The object is to avoid brittle failure. Contrary to 
early understanding, drift capability can be determined explicitly only for mono-
tonically increasing displacement. If displacement reversals into the nonlinear 
range of response are involved, determination of limiting drift ought to be 
demoted to Type 2 in the categories listed above.

	2.	 The ratio of stiffness to mass. This index value is best expressed in terms of the 
period for the first translational mode. For regular buildings, it is, without ques-
tion, the most important index value indicating the suitability of the structure. 
Because the period is determined either using an expression based on tradition or 
calculated from a model that is only an approximation of the actual building, one 
does not expect the period to be actually that of the building. However, the sec-
ond option is intelligible and can be improved to determine the period of the 
building quite closely, especially if the s sub-grade is firm and the nonstructural 
elements are either light or well defined in the model.

	3.	 The ratio of weight to strength. The common index value is the ratio of the build-
ing weight to the base shear strength. It is appropriate to remember that the base 
shear strength, even if it is determined from a lengthy limit analysis to establish 
the minimum or from a so-called push-over routine, refers to an arbitrarily 
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selected story-force distribution and is not a general strength attribute of the 
structure. It is also relevant to note that, unless the engineer is especially creative 
and adventurous so as to maximize the tributary floor area per frame, even mod-
est structures of low to medium height posses a base-shear strength coefficient 
verging on 10% or more. Daring the arbitrariness of the story-force distribution, 
the base shear strength coefficient is based on limit analysis, an intelligible pro-
cedure for determining the minimum base shear. The method may be classified 
as Type 1. But the base shear strength of the structure so calculated is not in the 
same category as the design base shear.

With the above discussion as a background, we enter the realm of Performance 
Based Design. We do not attempt a definition knowing that it is still in an embryonic 
state, but we do recognize its two liberating aspects: (1) The basic criteria for the 
structure will be determined by amicable concordance of a board of stakeholders 
including, but not limited to, the developer, the insurance carrier, the mortgage car-
rier (if any), the building authority(ies), the architect, the contractor, and the engi-
neer; and (2) the choice of the framing and sizing will depend on a knowledge-based 
prediction of building response. The question of concern in this paper is the predic-
tion of building response.

Although addressing an evaluation rather than a design task, the report prepared 
for the Building Seismic Safety Council by the Applied Technology Council Project 
33 (1997a, b) is a comprehensive document that may have all the attributes, general 
and specific, of the building code of the near future. To capture all aspects of this 
document in a paper is out of the question. Its flavor is captured by the first ten 
actions listed in its Table 1.1 (pp. 2–3). The engineer of record, in concert with the 
owners, insurers, the local building authority, and other stakeholders is to undertake 
the following tasks:

	 1.	 Select Rehabilitation Objective
	 2.	 Select Performance Level
	 3.	 Select Shaking Hazard
	 4.	 Evaluate Other Seismic Hazards [such as geotechnical problems]
	 5.	 Obtain As-Built Information Including Historical Status
	 6.	 Select Rehabilitation Method
	 7.	 Select Analysis Procedure
	 8.	 Create Mathematical Model
	 9.	 Perform Force and Deformation Evaluation
	10.	 Apply Component Acceptance Criteria

It is evident that the procedure could be applied in design simply by replacing the 
word “rehabilitation” by the word design and skipping Step 5. In the following, the 
focus will be on Steps 9 and 10.

The Commentary to FEMA 273 (ATC 1997a, b) provides a lucid picture of what 
is to be done (Fig. 1.1). Under increasing lateral deformation, the member or struc-
tural system goes through several states identified by level of damage. Initially, the 
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system responds linearly. Its response is above reproach. Within this range, response 
can be determined using Type 1 methods.

A certain amount of nonlinearity is tolerated (not defined quantitatively in 
Fig. 1.1) as indicated by “Immediate Occupancy.” At this stage, “…the structure 
retains a significant portion of its original stiffness and most if not all of its strength.” 
“Significant,” perhaps the most insignificant adjective in engineering writing, is not 
quantified.

At “Collapse Prevention,” the building has experienced “extreme damage” and 
“if laterally deformed beyond this point, the structure can experience instability and 
collapse.” From that, it is understood the building should be stable as long as 
“Collapse Prevention” is not released, despite the qualifier “extreme” for the 
damage.

At the life-safety level, “substantial damage has occurred to the structure and it 
may have lost a significant amount of its original stiffness.” Juxtaposing this defini-
tion against the definition of “Immediate Occupancy,” it may be inferred that the 
fraction of the original stiffness lost at that stage may be equal to the fraction of the 
original stiffness remaining at this stage. But that does not help quantify either por-
tion. The only quantitative reference is to the relationship between the useful drift 
limit and the actual drift limit. It is suggested that if the limiting drift is known, it 
should be reduced by one fourth to define the useful limit.

The hard and important truth in the softly composed Commentary is that the 
governing criterion for safety is identified as drift and not strength. It is the engi-
neering equivalent of a revolution. The lines of Section C2.5.1 of the Commentary 
to FEMA-273 make light, indirectly, of the traditional requirements for a nominal 
base shear force or equivalent static lateral design forces. The concept has now 
become so deeply ingrained in the performance-based seismic design lexicon that 
all later versions of FEMA, Eurocode, and other national codes contain it, albeit 
expressed in different phrases. No unanimity exists yet for the quantification of 
these stages or their metrics.

Drift Ratio

S
he

ar
 F

or
ce

Immediate
Occupancy

Life Safety Collapse Prevention

Fig. 1.1  The conceptual 
pushover curve tool
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1.5  �Review of Drift Demand in U.S. Building Codes

Before attempting a policy for drift determination, it is instructive to make a brief 
survey of experience with drift, recognizing that engineering confidence depends, to 
a large extent, on experience.

Both the perceived impact and the anticipated magnitude of drift have changed 
with time since the 1930s, the time of the first movements in the U.S.A. toward the 
assembly of professional canons for earthquake-resistant design. Some of the high-
lights that pertain to drift in the development of model codes for earthquake-resistant 
design are recorded below.

In organizing the available experience and science on earthquake resistant 
design, the initial focus of the profession was exclusively on strength. We refer to 
two publications that capture the perspectives in the U.S.A. of the period from 1930 
to 1960: Anderson et al. (1951) and Binder and Wheeler (1960). In the professional 
consciousness, drift was, besides being negligibly small, a concern related to pre-
serving the investment and possibly to reducing the likelihood of pounding. But it 
did not impact safety. The attitude was made abundantly clear in the book by Blume 
et al. (1961), a text that arguably broke much new ground in many respects, that 
contained the statement, well in keeping with the spirit of the times, “… lateral 
displacement is seldom critical in a multi-story reinforced concrete building” [p. 
200] despite the far-seeing suggestion made earlier in the book in reference to ascer-
taining the likelihood of pounding: “A less rigorous appearing rule, but one which 
may in fact be both more accurate and more rational, is to compute the required 
separation as the sum of deflections computed for each building separately on the 
basis of an increment in deflection for each story equal to the yield point deflection 
of that story, arbitrarily increasing the yield deflections of the two lowest stories by 
multiplying them by a factor of 2.” Despite sensitivity to the contradiction of using 
a static analysis for a dynamic effect, professional documents have continued to use, 
exclusively or as an option, static equivalent lateral forces to calculate drift, although 
this process has taken different turns and magnitudes as summarized in Table 1.1. 
More recent code versions of the information in Table 1.1 are not easy to summarize 
in tabular form.

Notation and annotations for Table 1.1

T: Period
H, h: Total height
W: Total weight
N: Number of stories
Av: Coefficient reflecting response in the range of nearly constant velocity response
Cv: Coefficient reflecting response in the range of nearly constant velocity response 

and varying with site characteristics
S: Coefficient reflecting site characteristics
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Notes on Requirements for Drift Control for Table:

D1
The VA Code (VA 1972) used different factors for force and drift. For example, 
while the force reduction factor was ¼ for “ductile moment resisting” frames with 
light and flexible walls, the amplifier for the calculate drift using the reduced force 
was set at 3. In addition, the VA Code required that the stiffness of reinforced con-
crete frames be based on “cracked sections.” The drift-ratio limit was set at 0.8%. 
The limit was reduced to 0.26% for frames encasing brittle glass windows.

D2
In 1974, the limiting story-drift ratio was set at 0.5%. In addition, the lateral force 
was amplified by 1/K, where K = 0.67 for properly detailed frames.

D3
Similarly to what was done in the VA Code, the ATC-3 Model Code recommended 
a force-reduction factor of 7 for shear in reinforced concrete frames and an amplifi-
cation factor of 6 for deflection. It is interesting to note that these factors were set at 
8 and 5.5 for steel frames.

D4
Calculated story drift ratio (for the reduced force) for a ductile frame shall not 
exceed 0.33% if the period is less than 0.7 s and 0.25% otherwise.

D5
Story drift ratio to be determined for the reduced force but then amplified by 70% 
of the force-reduction factor and to be limited by 2.5% for frames with calculated 
periods less than 0.7 s and by 2% for frames with higher periods.

Option A
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Fx = lateral force at level x
wx = weight at level x
hx = height of level x above base
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Fi, Fx = lateral force at level i, x
wi, wx = lateral force at level i, x
hn, hi, wx = height to level n, i, x
V = design base shear

Option C

	

F
V F w h

w h
x

t x x

i

n

i i

=
−( )

=
∑

1 	

F TV Vt = <0.07 0.25 	 and Ft = 0 if T ≤ 0.7 s

Fi, Fx = lateral force at level i, x
wi, wx = lateral force at level i, x
hn, hi, wx = height to level n, i, x
V = design base shear

Table 1.1 contains different expressions for the base shear that has shown changes 
in relation to the coefficient representing the earthquake action but it provides a nar-
row perspective of professional opinion in the USA with respect to drift. It is com-
piled in reference to a specific structure, one that may be considered to be a 
seven-story frame with an infinite number of spans so that its response can be under-
stood in terms of a tree as shown in Fig. 1.2. The structure is assumed to have the 
appropriate details to qualify as a special moment-resisting frame. Its calculated 
period is a little less than 0.7 s. All requirements included in Table 1.1 refer to a 
frame of seven stories with a calculated period barely less than 0.7 s.

The report by Anderson et al. (1951) implied that the drift should be calculated 
by using the lateral forces selected for design but provided no guidance as to what 
to do with the results. The decision was left to “engineering judgment,” a sign that 
may be taken as the precursor of Performance Based Design. The 1959 issue of the 
Blue Book (SEAOC 1959) introduced the sensitivity of the design shear force to the 
type of framing. For the selected frame, the coefficient was 0.67. The nominal 
period for a frame was set at O.l N, where N is the number of stories. Distribution 
of the lateral forces over the height of the building was made linearly proportional 
to mass and height, the “linear distribution.”

In 1972, the code developed by the Veterans Administration (VA 1972) was a 
landlord’s code and set high standards in new directions. The design base shear 
coefficient was increased. It was made a function of the specific site. By itself, that 
is not so significant, because it can be reduced in the next step that involves the 
reduction of the design force. However, the Veterans Administration Code also pre-
scribed a modest “response reduction factor” of 4 for ductile frames and an amplifier 
of 3 for the deflection obtained using the design shear. In addition, the designer was 
asked to use cracked sections in determining the stiffness of the structural elements 
of reinforced concrete. The drift requirement was increased substantially.
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In 1974, the Blue Book definition of the base shear coefficient (SEAOC 1974) 
was changed, as was the distribution of lateral forces over the height of the building. 
If the calculated period was 0.7 s or less, the distribution conformed to that for the 
“linear mode shape.”

Report ATC-3 (1978) of the Applied Technology Council, a product of a group 
of engineers dealing with earthquake resistance, introduced a different approach to 
period determination. Unless it was determined by dynamic analysis, the period was 
to be determined as a function of the total height of the frame. The definition of the 
base shear coefficient was based on two different approaches. For low periods, it 
was set as a constant in recognition of the “nearly constant acceleration response” 
range identified by Newmark (Blume et  al. 1961). For higher periods shown in 
Table 1.1, it was set as an inverse function of the period (the “nearly constant veloc-
ity response range”). For reinforced concrete frames, the “response reduction fac-
tor” was set at 7. The amplifier for drift was set at 6. That general concept continues 
today, with R and Cd values defined for many elaborately defined framing systems.

The 1994 edition of the Uniform Building Code, based on the allowable stress 
concept, (ICBO 1994) used the ATC-3 definition for the period with a different 
constant and raised the “response reduction factor” for frames to a generous 12, a 
constant that in later issues was reduced by a factor of 2/3 when the capacity design 
approach was adopted.

Fig. 1.2  Tree-like frame
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After the Northridge 1994 and Kobe 1995 events, the Uniform Building Code 
(ICBO 1997) was modified as recorded in Table 1.1. The critical change in the draft 
requirement was that the designer was asked to assume cracked sections to deter-
mine stiffness but was not told how to determine the cracked section stiffness.

From the narrow perspective of a specific seven-story frame, the events over the 
years are summarized in Fig.  1.3, showing the changes in maximum story-drift 
ratios (the tree structure for which the story drift was calculated was assigned the 
following properties: elastic modulus, E = 30,000 MPa, moment of inertia 0.067 m4 
columns and 0.043 m4 girders, mass 50 t/joint). The calculated drift in 1959 was 
indeed small enough to provide a foundation for the general opinion that it was not 
an important issue. The drift ratio determined by the method included in the Veterans 
Administration Code of 1972 (VA 1972) changed the scene. While the calculated 
story-drift ratio for the specific frame considered was 3%, the allowable drift set by 
the VA was 0.8% if there were no brittle elements involved. If brittle elements were 
involved, the permissible drift was reduced to approximately 0.25%. Drift drove the 
design. It is also seen in Fig. 1.3 that the drifts calculated according to the 1994 and 
1997 versions of UBC were of comparable magnitude, but in both cases, they were 
admissible. The last bar shown in Fig. 1.3 represents an estimate of the maximum 
story-drift ratio for the assumed frame based on the method by LePage (1997) 
which provides a frame of reference for the drift such a frame might experience if 
subjected to strong ground motion.
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1.6  �Drift Determination

A main issue in the process of determining drift is whether it should be related to 
static equivalent forces. It has been well established that the drift of a low- to mod-
erate-rise building is dominated primarily by Mode l in a given plane. This is cer-
tainly acceptable if the building is reasonably uniform in the distribution of mass, 
stiffness, and story height before it is subjected to strong ground motion. To handle 
this problem simply and specifically (the generalization of nonlinear drift being 
approximately equal to linear drift is not specific enough to be used in design as the 
linear drift response may vary by 100% depending on the assumed damping factor), 
LePage (1997) devised a very simple procedure.

In the nearly constant acceleration and nearly constant velocity ranges as identi-
fied by Newmark (Blume et al. 1961), LePage (1997) proposed that the drift range 
representing a reasonable upper bound to what would be expected in a strong earth-
quake for a reinforced concrete building with nonlinear response would be expressed 
by Eq. (1.1).

	 S KTda = √ 2 	 (1.1)

K = a constant with the dimension length/time determined from displacement spec-
tra (damping factor = 2%) suitable for the site. For stiff soil, the constant was 
proposed as 250 mm/s for ground motions indexed by an effective peak ground 
acceleration of 0.5 g.

T = calculated period (uncracked section) in s.

LePage specified that the period, T, in this equation be the period calculated for 
the un-cracked reinforced concrete structure amplified by √2. It is important to 
note that this was not in expectation of a cracked section that would reduce stiffness 
to one half of uncracked section. It was used because it had been found convenient 
for organizing the data in an earlier study by Shimazaki and Sozen (1984), who had 
also defined the spectral displacement response by determining the envelope to spe-
cific displacement response spectra calculated using a damping factor of 2% for a 
collection of ground motions assumed to represent motions from comparable site 
conditions. Shimazaki normalized the response spectra in deference to the energy 
spectrum, on the premise that the drift increase caused by nonlinear response would 
be less if the energy response did not increase or if it increased at a low rate with 
increase in period. Using the basic concept by Shimazaki and LePage of normaliz-
ing the spectrum in relation to velocity, the LePage spectrum was restated in terms 
of the peak ground velocity.

	
S

V
Tdv

g=
2 	

(1.2)

Sdv = spectral displacement
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Vg = peak ground velocity
T = calculated first mode period

In a study of the effects of the ground motions measured in Anatolia during the 
two earthquakes of 1999, Öztürk (2003) noted that, for structural systems with low 
base-shear strengths, the drift response tended to exceed the limit set by LePage as 
given in Eq. (1.3).

	

S
V

G c
Tde

g

y

= +( )
2

1
π 	

(1.3)

Sde = spectral displacement
Vg = peak ground velocity
cy = base shear strength coefficient
G = acceleration of gravity
T = calculated period used as a dimensionless coefficient

Combining Eqs. (1.2) and (1.3):

	
S S Sd dv de= ( )max , 	

(1.4)

The results of Eq. (1.4) are shown in Figs. 1.4 and 1.5 for base shear strength 
coefficients of 0.15 and 0.2. Even if it is presumptuous to suggest that Eq. (1.4) 
should be used to determine drift response in proportioning, it is plausible to assume 
that it would be a good vehicle for summarizing the uncertainties in determining 
drift. Simple and straightforward as it is, Eq. (1.4) still requires knowledge about the 
building properties (T) and the intensity and character of the ground motion (at least 
the peak ground acceleration or its relationship to the peak ground velocity) even if 
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we ignore the variations that may be introduced by the subgrade. In addition, there 
are uncertainties involved in translating the spectral value to story drift.

1.7  �Drift Limit

Given a drift-demand prediction with a defined level of confidence, one needs a 
range of drift magnitudes to correspond to the various states of damage. Of course, 
the first requirement is the limiting drift capability, the limit of drift that the element 
in question can sustain without collapse. Initially, this limit referred to what the 
reinforced concrete member could sustain under monotonically increasing displace-
ment. Despite the fog surrounding the nonlinear displacement component of the 
shear-displacement relationship under monotonically increasing displacement, it 
was possible to obtain by theory a safe lower bound to drift capability. This limit 
would be generous especially if the axial load was moderate vis-a-vis the cross sec-
tion, and there was sufficient transverse reinforcement, never mind the definitions of 
“moderate” and “sufficient.” However, laboratory testing (not more rigorous field 
experience) introduced another hurdle. Subjected to reversals of displacement into 
the range of nonlinear response, reinforced concrete elements tended to lose strength 
and stiffness at a lower drift limit than that under monotonic loading. The issue has 
been investigated by a host of researchers using different loading histories, speci-
mens, and/or analytical constructs. Two investigators have produced pragmatic 
expressions for determining the drift capability of reinforced concrete columns with 
rectilinear reinforcement. Pujol (2002) has drawn on experimental data from 15 
reports (Ang 1985, Arakawa 1987, 1988, 1989, Bett 1985, Imai and Yamamoto 
1986, Kanda et al. 1988, Nagasaka 1982, Ohue et al. 1985, Petrovski and Ristic 
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1984, Saatcioglu and Özcebe 1989, Soesinawati et  al. 1986, Umehara and Jirsa 
1982, Xiao and Martirossyan 1998 and Zahn et al. 1986) to derive a simple expres-
sion for the drift-limiting drift ratio:

	
DR

f

v

a

d
a dp

w wy=
⋅

⋅ ≤
ρ

max

/4and
	

(1.5)

DRp = limiting drift ratio
ρw = ratio of cross-sectional area of hoops at spacing s
fwy = yield stress of transverse reinforcement
vmax = ratio of the maximum value of the shear force to the cross-sectional area of 

reinforced concrete member defined as the product bd, where b is the width of 
the section and d is the effective depth

a = span length from maximum moment at face of joint to point of no moment
d = effective depth of the section

Because of the nature of its derivation, the use of Eq. (1.5) is properly limited to 
the ranges of the variables covered in the experimental studies:

Compressive strength (cylinder) of the concrete: 20 to 85 MPa
Longitudinal reinforcement ratio: 0.5% to 5%
Unit force at yield of transverse reinf., ρwfwy: 0 to 8 MPa
Ratio of axial load to the product Ag*f’c 0 to 0.2
Shear span ratio, a 1.3 to 5

Ratio of max. Unit shear stress to sq. root of ′ ′′( )f v fc c  in SI: 0.17 to 0.8

Equation (1.5) was expressed as a “reasonable lower bound” to the data in the spirit 
of other strength expressions used in building codes. The limit referred to the drift 
at which the element lost 20% of its strength under cyclic loading. It is understood 
that it can be used directly as a limit to the rift capability of a column with an axial 
load not exceeding 20% of that obtained as the product of Ag*fc (gross area times 
the compressive cylinder strength of concrete). There is no parameter in the expres-
sion reflecting the effect of the axial load.

Another expression that is easy to use to determine limiting drift of reinforced 
concrete sections with rectilinear hoops is offered by Eberhard and Berry (2003). 
Analyzing data from 62 tests of reinforced concrete specimens having rectangular 
sections with and without axial load, Eberhard and Berry proposed the following 
expression for the mean limiting drift:
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DRe = limiting drift ratio in percent
ρs = volumetric ratio of transverse reinforcement to confined core
fwy = yield stress for transverse reinforcement
db = diameter of longitudinal reinforcing bar
D = depth of section
P = axial load
Ag = gross area of section
fc = cylinder strength of concrete
L = clear height or span

The event defining the drift limit was identified as the buckling of the longitudi-
nal reinforcement. It is important to note that the expression includes explicitly 
terms defining the diameter of the longitudinal reinforcing bars and the axial load as 
well as the slenderness of the element. The supporting data are listed in web sites 
http://ce.washington.edu/-peera l and https://nisee.berkeley.edu/elibrary/. The coef-
ficient of variation was 0.26 with the mean at 1.0.

Equations (1.5) and (1.6) refer to different limiting phenomena. Equation (1.5) 
sets the drift limit corresponding to a 20% reduction in strength. Equation (1.6) 
refers to buckling of the longitudinal bars leading, presumably, to a perceptible 
strength reduction. Still, their impact is the same. They define the limiting drift 
capability. Neither expression is qualified by the threat of another phenomenon 
reducing the specified drift capability. In both cases it is assumed that the transverse 
reinforcement is sufficient to develop the nominal shear strength of the element cor-
responding to the development of flexural capacity. With that information, it 
becomes of interest to compare the limiting drifts determined by Eqs. (1.5) and 
(1.6). Because the two equations contain different parameters, it is not possible to 
compare their results without making specific assumptions about some of the 
parameters.

We assume the following: (a) concrete compressive strength is set at 27.5 MPa, 
(b) yield stress of the transverse reinforcement is 415 MPa, (c) the ratio P/(Agf’c) is 
0.2. In the case of Eq. (1.5), the maximum shear is set at 4 MPa or approximately 
15% of the compressive strength. To evaluate Eq. (1.6), the volumetric ratio of the 
transverse reinforcement ratio is approximated as twice the ratio ρw.

Equation (1.5) is designed for direct implementation. Eq. (1.6) refers to the 
mean. It would be prudent to modify Eq. (1.6) depending on the confidence level 
desired. The modification would depend on the judgment of the stakeholders. One 
cannot guess at what a group of stakeholders with different concerns would choose, 
but for the sake of the comparison it may be plausible to reduce the mean by not less 
than two and not more than three standard deviations.

The variation of the calculated limiting drift capability with the transverse rein-
forcement ratio for two different column slenderness values is shown in Figs. 1.6 
and 1.7 (slenderness is taken to be the ratio of clear height to depth). It is reassuring 
to see that, in the range considered, a cautious implementation of Eq. (1.6) would be 
considered to give the same results, in the range of the expected accuracy, as Eq. 
(1.5). On the other hand, it is disturbing to find that the drift ratio limit from Eq. 
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(1.5) and Eq. (1.6) as modified is as low as 2%. This does not leave much range for 
negotiation considering that the drift ratio at yield may be as high as 1%.

1.8  �Concluding Remarks

As discussed, the drift demand is based on a chain of estimates: peak ground accel-
eration, peak ground velocity, nonlinear displacement response, and the response of 
the building (modal shapes and their combinations). Each set of assumptions 
involves uncertainty and it would be difficult to claim that, even in the best of cir-
cumstances, the probable error in the final result would be less than 100%. Typically, 
each of these guesses is made with a built-in factor of safety, and if that is indeed the 
case, it might be plausible to deal with the drift demand so obtained as the upper-
bound estimate.

The brief discussion of the expressions for drift-ratio limit by Pujol (Eq. (1.5)) 
and Eberhard and Berry (Eq. (1.6)) suggests that two expressions lead to compara-
ble results if the results of Eq. (1.6) are reduced by three standard deviations. For a 
column with sufficient web reinforcement such that the entire shear, corresponding 
to flexural strength, may be assigned to the web reinforcement and with a slender-
ness ratio of four, the limiting drift ratio is 2%. This result, of itself, is not disturb-
ing, but considering that the drift ratio at yield could be approximately 1%, it does 
not leave much room for negotiation. It might have been that the experts who were 
referring to the waypoints on the shear-drift relationship of a column failing in flex-
ure (Fig. 1.1) might have been thinking of behavior under monotonic loading.

It is not unreasonable to proportion the columns for a limiting drift ratio of 2%. 
If the response limit exceeds 2% and if the nonstructural components are attached 
directly to the frame, the building is likely to be very nearly a total loss. However, it 
is unlikely that there will not be a tendency by a member of the board of stakehold-
ers to ask for relief. Could the limiting drift be increased to 4% to save on framing 
costs? The answer is yes. Relief can be provided by softening artificially the implicit 
set of criteria that lead to a limiting drift ratio of 2%.

Consider Eq. (1.5). Strictly, the concerns leading to it are opaque to the engineer. 
But should the engineer so desire, the Pujol paper (1999) is within reach. Why 
should the engineer’s actions be controlled by the safety concepts of the researchers 
developing Eq. (1.5)? A peremptory study of the paper would reveal that, even if the 
format of Eq. (1.5) is not changed, a mean rather than a lower bound can be crafted 
to permit a drift ratio of 5% for the case considered. And may the question, “will the 
structure sustain multiple excursions to large displacements leading to strength 
decay in every design-level earthquake” not be asked? After all, the reduction of 
drift capacity because of displacement reversals was a laboratory, and not a field, 
event where the range of variability is likely to be much broader, as shown in Fig. 1.8 
of an exercise to calculate the collected results of a round-robin competitive exer-
cise to predict the results of drift for a solitary column (Fajfar 2014). With individu-
ally calculated estimates ranging between extremes separated by as much as a factor 
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of seven, the results do not instill much confidence in the calculation tools of our 
trade. A similar, sobering observation was made for the prediction of tests con-
ducted for the CAMUS program at Saclay (Labbé and Altinyollar 2011). Despite 
heavy betting on the imputed correctness of refined nonlinear tools to tell engineers 
what real structures are likely to do during physical earthquake motions, there is as 
yet only the indication that additional research is needed (Bayhan and Gülkan 
2011). The possibly apocryphal reply by a Chinese statesman to the question of 
what influence the French revolution had on world history (that it was too early to 
say) might find resonance with the state of the performance-based design develop-
ments currently underway.

There are other options. If Eq. (1.6) is used directly, the drift ratio permitted 
would be 8%. If the paying stakeholders find out that by using a higher limiting drift 
ratio the cost of the building will be reduced legally, what is their reaction likely to 
be, especially if they happen to have made their fortunes by taking risks? Can the 
engineer stem the tide?

In Plato’s Republic, the interactions within the board of stakeholders could pos-
sibly lead to a result that will serve society well. In another republic, it may open the 
doors to intolerable risk. As long as the state of the art on the behavior of reinforced 
concrete buildings does not change for the better dramatically, the actors in 
Performance Based Design ought to be limited to cautious specialists. Opening the 
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doors of decision completely to nonprofessionals may lead to embarrassment of 
professionals. We haven’t yet had enough public discourse to find our limitations 
and to calibrate our theory accordingly. The encouraging concert between computed 
and observed results paraded in some publications may be little more than 
Procrustean exercises.

Table 9.5 (b) of the Building Code requirements for Structural Concrete (ACI-
318-02) is titled Maximum Permissible Computed Deflections. Why is the word 
“Computed” in the title? Is it because the profession that would be enriched by the 
title Maximum Permissible Deflections would not be the engineering profession?

Performance Based Design provides a rare opportunity to elevate the quality of 
thinking in the engineering community. It has already made a strong positive influ-
ence by placing the concern for drift control at center stage, but if it is to be released 
for general use soon, it is best released with reference to computed rather than to 
implied actual drift ratios.
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Chapter 2
Synergies and Conflicts Between Seismic 
Design and Design for Other Extreme Actions

M.N. Fardis

Abstract  Fire, blast, impact, earthquake beyond design and other extreme events 
are neglected in structural design but account for a good part of the actual rate of 
failures. In view of the uncertainty about such events, structures should be designed 
to be resilient to their foreseeable consequences. The paper presents an overview 
and sample results of an investigation of critical components, subassemblies thereof 
and whole concrete structures under simulated blast or impact, loss of columns due 
to extreme events, or under exposure to fire or earthquake loading. Design measures 
which promote resilience to earthquake, such as base isolation, footing uplift and 
dry joints, are evaluated for blast or progressive collapse. The role of masonry infills 
against progressive collapse is discussed. On the basis of the outcomes, design fea-
tures which enhance resilience to multiple hazards are elaborated and contrasted to 
those which are efficient against one type of hazard but adverse for others.

Keywords  Structural design • Reliability • Seismic design • Seismic resilience

2.1  �Introduction: Extreme Loadings on Structures

I will never get to know the unknown since, by definition, it is unknown. However, I can 
always guess how it might affect me and should base my decisions around that... The prob-
abilities of very rare events are not computable; the effect of an event on us is much easier 
to ascertain. We can have a clear idea of the consequence of an event, even if we do not 
know how likely it is to occur. I don’t know the odds of an earthquake, but I can imagine 
how San Francisco might be affected by one. The idea that, in order to make a decision, you 
need to focus on the consequences (which you can know) rather than the probability (which 
you can’t know) is the central idea of uncertainty. – The Black Swan (Taleb 2008)

For buildings and civil engineering structures, the Black Swan (Taleb 2008) is an 
unforeseen extreme threat  – natural or human-made. The disaster is sometimes 
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major. Society, feeling the repercussions, often holds poor engineering as the cul-
prit. However, deficiencies in scientific and technical (S/T) knowledge are more to 
blame than the designers of failed structures. In fact, structural engineering is not in 
a position yet to design against extreme events. With the exception of earthquakes, 
this discipline and its R&D are focused on normal loadings (i.e., due to gravity or 
environmental actions characterized by well-defined statistical regularity). Based 
on rigorous descriptions of such loadings as random processes, it has developed 
reliability schemes of various levels of accuracy or approximation to design civil 
infrastructures for a target probability of failure in their design service life (JCSS 
2001; CEN 2002a; fib 2012). However, one of the forefathers of that design approach 
recognised early on (Ditlevesen 1980, 1983):

“the often appearing orders of magnitude of positive difference between observed failure 
rate and calculated theoretical failure probability …” at least “… for certain types of struc-
tures, such as big dams, large bridges and high rise buildings…”

and attributed it to “gross errors”. Another pioneer of reliability-based structural 
design notes (Ellingwood et al. 2007):

Studies in many countries have shown that the risk of structural failure due to such effects 
as fire, vehicular impact, explosions and other abnormal events in some instances may be 
comparable to the risks associated with hazards that traditionally have been addressed in 
structural design.

The discrepancy between what is accounted for and what is not has been recognized 
by major codes, which group error together with blast, impact, fire, etc., as excep-
tional (“accidental”) situations against which structures should be “robust” (JCSS 
2001; CEN 2002a, b; fib 2012).

Alongside intentional, human-made threats, the complexity and density of the 
built environment is growing and its vulnerability to extreme events increases 
because of:

•	 the computerization of structural design,
•	 the reduction of safety margins due to advancements in scientific and technical 

knowledge,
•	 less continuity of connections for efficient prefabricated construction or disman-

tlement for reuse/recycling (for sustainable use of resources),
•	 wider spacing of vertical supports for better functionality and versatility in 

occupancy,
•	 slimmer structures thanks to high strength materials,
•	 open spaces in modern buildings, connected horizontally and/or vertically and 

allowing a fire to propagate through the full extent of the building.

All the above lead to structures that are more vulnerable to hazards outside their 
design envelope. Progress in engineering to avert or mitigate disasters due to 
extreme threats has not kept pace. Of course, it is a truism to say that technology 
cannot control nature and that there is only so much it can do to prevent human-
made threats.
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Structural design must strive to limit loss of functionality due to an extreme event 
by maximizing robustness. However, structural engineering is ill-prepared for a new 
paradigm of design against extreme threats. Modern codes (CEN 2002a, 2006; fib 
2012) have indeed introduced ultimate limit state (ULS) design of new structures 
against accidental actions. Given that there is no meaningful probabilistic descrip-
tion of these types of exceptional loadings, the level of accidental actions against 
which the structure should be designed at the ULS is meant to be postulated by the 
owners of the facility; it is also up to them to specify against which accidental 
actions the structure should be designed. However, feedback from the industry’s 
first attempts to explicitly design against certain accidental actions using the 
EN-Eurocodes points to gaps in knowledge that should be filled in for this experi-
ment to bear fruit.

R&D in support of design against blast, impact or fire is in its infancy compared 
to what earthquake engineering R&D has achieved and how these advancements 
have been put into practice. So, earthquake engineering provides the baseline for 
design against extreme loads, underpinned by:

•	 the vast amount of knowledge and R&D results accumulated since the 1970s on 
design against extreme dynamic loadings on the basis of deformation capacity 
and ductility,

•	 the major achievements in performance-based earthquake engineering, which far 
surpass those of other engineering disciplines in performance-based design.

Moreover, there are commonalities between the various types of extreme threats 
and the design/retrofit/recovery approaches for resilience to them, which are worth 
considering.

In lieu of a futile effort to associate probabilities with extreme threats, or the 
defeatist stance of preparing communities to face the social and economic conse-
quences of structural failures due to such threats, R&D project PRESCIENT, 
recently concluded at the University of Patras, focused on the structural conse-
quences of such threats, in an effort to find ways to limit them. It promoted a holistic 
paradigm for the design of new concrete structures for resilience to postulated 
extreme threats, emphasizing robustness and limitation of damage.

2.2  �State-of-the-Art in Design of Concrete Structures 
for Resilience

2.2.1  �Design for Resilience to Earthquakes

R&D in support of structural design against various natural or man-made hazards 
which threaten buildings or other civil infrastructures has reached a satisfactory 
level only against earthquakes. Despite this progress, modern-day seismic design 
(i.e., of the past 40  years) allows earthquake-resistant structures to undergo 
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significant inelastic deformations under extreme ground motions but expects them 
to escape collapse thanks to energy dissipation and ductility. Energy dissipation is 
normally hysteretic and, like ductility, implies significant structural damage and, in 
turn, significant direct costs. Structural earthquake engineering has always focused 
on the magnitude of the peak displacement of the response, which is taken to deter-
mine failure or not in a black-and-white fashion. Damage (the shades of grey) is not 
considered worthy of much attention; if it is too serious, the member (or even the 
structure) is presumed to be replaced or remodeled in a way that masks the damage; 
if it is light, it will just be repaired.

The past 30 years have seen impressive advancements in the development and 
application of devices for seismic isolation and/or supplemental damping as a very 
effective – yet costly – means to shield the superstructure from damage. Especially 
if these devices self-center to zero residual displacement, they are the ultimate seis-
mic resilient system. However, owing to the intrinsically different natures of blast 
and seismic loading, questions arise about the performance of seismically isolated 
structures under blast loading.

A structure can also be protected from seismic damage and residual deforma-
tions if it rocks as a whole with respect to the ground or if its components rock in a 
stable manner with respect to each other as rigid bodies, possibly with supplemen-
tal energy dissipation, to reduce the displacement response. Resilient systems of 
such jointed construction were proposed and successfully tested in the mid ‘80s to 
mid ‘90s (Ishizuka et  al. 1984; Nakaki et  al. 1999; Priestley et  al. 1999). They 
comprise:

•	 frames of precast concrete beams connected dry to prefabricated columns by 
means of concentric, unbonded post-tensioning strands running through the 
beam-column joints seamlessly; and/or

•	 prefabricated concrete walls connected dry to the foundation by using vertical, 
concentric unbonded tendons.

A dry-jointed frame accommodates horizontal seismic motions through rotations 
of the beam ends with respect to the face of the column and rotation of the column 
base in a pocket within the foundation; a wall accommodates the seismic motion via 
rotation of its base section with respect to the foundation. The modeling, design, 
technology and details of the system have matured by now to near perfection, allow-
ing application during the first decade of the century to buildings in high seismic 
areas: San Domingo (Stanton et al. 2003), San Francisco – the 39-story Paramount 
building (Englekirk 2002) and Christchurch, NZ – where a building constructed 
with this system came through the Feb. 2011 catastrophic earthquake unscathed 
(Pampanin et al. 2011).
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2.2.2  �Design Against Progressive Collapse Due to Blast  
or Impact

R&D on events that may lead to progressive collapse started with the internal gas 
explosion that fell a good part of all 22 stories of the precast concrete Ronan Point 
tower in London in 1968. The first building code provisions against progressive col-
lapse – in the UK, as early as 1968 – were fully prescriptive. Interest spread in the 
US after two suspended steel platforms (skywalks) collapsed at the Kansas City 
Hyatt Regency Hotel in 1981 under live load, and after L’Ambiance Plaza, a 16-story 
building in Bridgeport, Conn., collapsed in 1987 upon erection of post-tensioned 
flat slabs on steel columns. Research efforts intensified in the US following the 
wave of intentional events around the world: the 1983–84 blasts that destroyed the 
US Embassy buildings, the US Marine headquarters and the French military bar-
racks in Beirut (the total death toll was 374); the 1993 and 1995 bomb blasts in the 
parking garage of Tower 1 at the World Trade Centre (WTC) in New York and at the 
A.P.Murrah building in Oklahoma City (the total death toll was 174); the 1996 
bombing of one of the Khobar Towers in Dhahran, Saudi Arabia (a success story in 
that the collapse was limited to the 8-story façade made of precast-concrete wall 
panels); the 1998 explosions at the US embassies in Nairobi and Dar es Salaam (the 
total death toll was 224); the aircraft crash-cum-fire in the WTC Towers 1 and 2 and 
the US Pentagon on 9/11/2001 (the total death toll rose to 2933); the 2002–04 bomb 
attacks on the US Consulate in Karachi, a nightclub in Bali, the Marriott hotel in 
Jakarta, four housing compounds in Riyadh, the UN headquarters in Baghdad and 
the Hilton hotel in Taba, Egypt (total death toll: 333), etc. Most of the over 4000 
casualties from these events were due not to the direct effects of blast, but to the 
ensuing structural collapse or fire.

Under pressure from these intentional events, the US took the lead in R&D 
against progressive collapse due to blast. R&D roadmaps were drawn, based pri-
marily on a five-year, non-military R&D program on progressive collapse and 
design and retrofitting against it (Multihazard Mitigation Council 2003). The sec-
ond half of the decade saw a stream of public R&D results, analytical and experi-
mental (Sasani et al. 2006; Yi et al. 2008; Sasani and Sagiroglu 2008; Su et al. 2009; 
Lew et al. 2011; Fujikura et al. 2008; Fujikura and Bruneau 2011; Hayes et al. 2005; 
Razaqpur et al. 2007), which, along with classified R&D, produced valuable appli-
cation documents (Ellingwood et  al. 2007; US Department of Defense 2009; 
Dusenberry 2010; US Department of Homeland Security 2011; GSA 2013). They 
also influenced the European standard on accidental loadings (CEN 2006), which 
covers essentially only internal (gas) explosions and vehicular impact.

Besides the traditional prescriptive approach to new buildings (i.e., of using con-
tinuous steel ties all over each floor and along the vertical elements to arrest pro-
gressive collapse should a vertical support be lost), two approaches have been 
promoted:
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	(a)	 to designate certain elements, which are vital for the stability of the whole, as 
key elements and design them to resist prescribed threats, or

	(b)	 to assume that a key element (one at a time) is lost and verify that the rest of the 
system can sustain its loss, no matter the threat.

In option (a), the large inelastic deformations and internal forces induced in key 
elements by the impulsive loading should be estimated (e.g., on the basis of Smith 
and Hetherington 1994; Mays and Smith 1995; Ngo et al. 2007) and checked against 
the corresponding capacities. Option (b) normally requires a large-displacement, 
material-nonlinear dynamic analysis, with instant removal of incapacitated key ele-
ments (see Kwasniewski 2010; Brunesi et al. 2015; Fascetti et al. 2015). The analy-
sis may instead be static and – under certain, ill-justified conditions – even linear, 
with the gravity loads on all floors above and all bays around such an element mul-
tiplied by empirical dynamic load factors accounting for inelastic deformation.

2.2.3  �Structural Design for Resilience to Fire

In recent years, Europe has seen major fire disasters in quite a few important tunnels 
and concrete buildings, causing dozens of casualties and huge direct and indirect 
losses. Despite the frequency of major fires in Europe and around the world, R&D 
activity in structural fire design has not yet succeeded in overcoming the large gaps 
in knowledge and the shortcomings in our current approach to structural fire safety. 
This is even more so for concrete structures, as they are considered more fire-resis-
tant and, hence, have received less attention than steel, timber or composite con-
struction. Structural fire design, currently entering European engineering practice 
through the gradual application of the EN-Eurocodes (Høj 2005; Lennon et  al. 
2007), focuses solely on the safety of occupants and fire fighters during a specified 
duration of uncontrolled fire; minimization of damage to facilitate repair and re-use 
is not addressed. Besides, it is based primarily on prescriptive, semi-empirical 
approaches which focus on member strength against gravity loads and have been 
derived mainly from standard tests of isolated elements in small furnaces. It is pre-
sumed that the system’s fire resistance is the minimum resistance among all its 
individual components, with little attention being paid to deformations and dis-
placements, to interactions among the components of the system, or to damage due 
to fire that does not lead to collapse (Bailey 2009; Kruppa et al. 2001).

To shed light into areas of limited knowledge, landmark fire tests were carried 
out at BRE-Cardington on full sized, multi-story, multi-bay buildings (Lennon 
2003; Usmani 2000; Bailey et al. 1999; Matthews et al. 2005; Bailey 2002). The test 
on a 7-story, steel-framed, composite-floor building, in particular, gave a wealth of 
data and new knowledge and prompted the development of fundamental models for 
the mechanical behavior of isolated horizontal composite components for various 
boundary conditions (Bailey and Moore 2000; Usmani et al. 2001; Usmani 2000). 
Less data was obtained from the tested 7-story, flat-slab-frame RC building, as all 
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its instrumentation was lost 18  min after ignition. Despite this loss, the residual 
damage, deformations and resistance of the building showed where the previous 
approach to structural fire design had been adequate or too conservative. For con-
crete buildings, however, there is still need for fundamental models of the thermal-
mechanical response of single one- or two-way horizontal elements with various 
restraint conditions at the boundaries to enhance our understanding of their struc-
tural behavior under fire and carry out parametric studies.

The state-of-the-art in structural fire design, its limitations and the R&D needs 
have been the subject of key joint actions in Europe (European Commission 2007; 
Gambarova et al. 2005; Dimova et al. 2007; fib 2007, 2008) and the US (Beitel and 
Iwankiw 2002; National Institute of Standards and Technology 2003). Their conclu-
sions are in tune with the views of top experts in fire design of concrete structures 
(Kodur 2003; Høj 2005; Taerwe et al. 2005; Kodur and Raut 2008; Mostafaei et al. 
2009; Ghoreishi et al. 2009; Kodur et al. 2011) as follows: The current trend toward 
performance-based structural fire design is not supported yet by advanced computa-
tional tools or rational simulation and design procedures. There are hardly any mod-
els that go well beyond isolated members with highly idealized boundary conditions 
and that are able to capture interactions with the rest of the structural system during 
the course of fire. As a consequence of the current limitations of numerical model-
ing and fire testing, there is a serious dearth of parametric analyses of the global 
response of structures under realistic fire scenarios, let alone fire assessment proce-
dures, although they are vital for performance-based structural fire safety and 
design.

2.3  �Cyclic Tests of Dry-Jointed Precast Frame on Fixed  
or Rocking Footings

A structure consisting of rigid components with flexible, nonlinear elastic connec-
tions is expected to sustain earthquakes with little damage, epitomizing seismic 
resilience. To allow rigid-body rocking of the vertical members in earthquakes, their 
base is rotationally unrestrained in a pocket in the foundation. Walls have the rota-
tion of their base weakly restrained by the concentric, unbonded tendon running up 
the wall; so they have a clear shear deficiency in the very critical dry joint at their 
base. In view of these weaknesses, a variant of the dry-jointed rocking system has 
been built and tested. In this variant, the blast-vulnerable dry-joint at the base of the  
vertical elements is replaced by a robust, monolithic connection to an isolated foot-
ing, which is not connected to neighboring ones through tie beams, so that it may 
uplift and rock on the ground. This concept was implemented in a two-story, two-
bay, nearly full-scale frame (Stathas et al. 2017c). The frame was subjected to a 
specified history of top displacement cycles under an inverted triangular distribution 
of story forces. At each step, the force applied to the intermediate level was one-half 
of the force required at the top level in order to achieve the top displacement speci-
fied for that step.
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The 2.14 m-long central part of each beam was precast, with its top and bottom 
bars protruding from the precast beam’s end sections and lap-spliced with the top 
and bottom bars of the cast-in-situ 0.5 m-long end segments shown in dark color in 
Fig. 2.1b. The top and bottom bars of the cast-in-situ beam segments crossed the 
column unbonded, inside plastic ducts. With this detailing, the column-beam inter-
face was kept closed under serviceability gravity loads thanks to post-tensioning by 
two cables running the full length of the beam, unbonded and concentric. During an 
earthquake, alternating moments with opposite signs across the column cause the 
dry joints at the beam-column interfaces to open and then close by virtue of the pre-
stressing force. Thanks to the unbonded length of the beam bars within the column, 
fixed-end rotations at those interfaces are expected to allow the interstory drift to 
develop without plastic hinging (and hence damage) at the beam ends (Ishizuka 
et al. 1984; Nakaki et al. 1999; Priestley et al. 1999). The ties in one half of the 
beam’s cast-in-situ end regions closest to the column were very dense, to enhance 
the compression strength of the top and bottom edge of the section against the high 
contact stresses produced when the dry joint is open at the opposite edge of the 
section.

The base of the two-story tall, precast columns was fixed with non-shrink mortar 
in a pocket of the footing. In the rocking version of the frame, supporting pivots at 
quarter points of the base allowed uplift of the footings but prevented horizontal 
movement (see Fig.  2.1b, c). With the pivots fixed at the quarter points, uplift 
occurred exactly at the uplift moment given by Crémer et al. (2002). However, in 
this setup, the moment at the base of the footing does not increase any further after 
the onset of uplift. By contrast, the moment acting on the underside of a footing 
supported on a soil-like continuum can asymptotically increase to twice the uplift 
moment. The artificial cap imposed on the moment at the base of the footing, com-
bined with the relatively large footing depth, increased the moment at the top of the 
ground story columns for a given column shear. This increase caused yielding at the 
top of the rocking columns (Fig. 2.3b); this is something not expected in a real-life, 
dry-jointed rocking frame.

Weights totaling 200 kN were suspended from the two stories and produced nor-
malized axial force values at the base of the columns around 0.05 (see Fig. 2.1a, b).

Fig. 2.1  Precast, dry-jointed frame with actuators and added masses mounted (a, b); (c) uplifting 
and rocking of footing supported on device which allows rotation but blocks horizontal 
movement
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The rocking frame was subjected to two full displacement cycles (Fig. 2.2a). Its 
footings were then tied to the laboratory floor. The fixed-base frame was subjected 
to a sequence of top displacement cycles bracketing the whole range from before 
yielding to beyond ultimate displacement, conventionally identified with a 20% 
drop of lateral force resistance relative to the peak value (Fig. 2.2b, c). The fixed-
base frame developed its peak resistance at about the maximum displacement 
imposed on the rocking frame; that resistance was more than twice the peak force 
experienced by the rocking frame. Had the rocking frame been subjected to larger 
displacements, it would have reacted with larger forces, albeit not much larger. The 
peak forces would have been even higher (but not much higher) if the pivot had been 
allowed to shift from the quarter point to the edge of the footing. The fact of the 
matter is that the rocking frame develops much lower forces than the fixed-base one 
under the same top drift, because its columns experience most of the top drift as 
rigid body rotation, in lieu of chord rotations at the base (Fig.  2.4a, b). So, its 

Fig. 2.3  Opening of dry-joints (a) and plastic hinging of column tops (b) at the ground story of 
the rocking frame
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columns suffer much less damage. By contrast, the rotations over the end regions of 
1st story beams account for most of the top drift ratio of the frame; they were nearly 
fully accommodated by the opening and closing of the dry joints (Fig. 2.3a).

Unlike the rocking frame, the fixed-base one developed plastic hinges at the base 
of all three columns. Their rotations accounted for a good part of the overall dis-
placement at roof level (Figs. 2.5a, b and 2.6a, b). The accompanying rotations at 
beam ends took place partly at the dry joint at the column face and partly at the 
interface of the precast part with the cast-in-situ 0.5 m-long segment (Fig. 2.5c, d). 
There was a very large strength contrast across that interface: 35.1 MPa 150 mm-
cylinder strength in the precast beams vs. 71.9 MPa 50 mm-cube strength in the 
cast-in-situ plug between the precast beam and the column. That contrast, together 
with the very sparse ties near the end of the precast beam, led to the formation of 
plastic hinges at every interface between these two types of beam segments in the 
frame (Fig. 2.4b). Once they formed, these hinges outcompeted the dry joints in 
hosting the overall deformation of the beams. Fig. 2.6c–f shows that the magnitude 
of the rotation near each beam end stabilizes, while the overall deformation of the 
beam increases to match the rotation at the base of the column (Fig. 2.6a, b). The 
growing difference between these two rotations takes place around the interface of 
the precast beams with the cast-in-situ end segments. It is worth noting that the 
amplitude of the rotations at the dry joints as well as all beam flexural deformations 

Fig. 2.4  Rocking frame: (a), (b) chord rotations at the base of the outer columns; (c), (d) rotation 
of section 225 mm from the end of the 1st story beam with respect to the column face; (e), (f) ibid., 
2nd story beams; (a), (c), (e): left-hand half of frame; (b), (d), (f): right-hand half
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occurring outside the plastic hinges around the cast-in-situ precast interfaces reach 
their peak values when the frame attains its peak resistance. After that point, the 
amplitude of these deformations drops, whereas that of flexural deformations in the 
vicinity of the interfaces increases at an ever faster pace until the frame fails.

To conclude, even after considering the much more challenging displacement 
demands imposed on the fixed-base frame, the rocking one performed much better 
and was almost free of damage. The plastic hinging observed at the top of the 
ground story columns would not have taken place if the footings had been sitting on 
top of a realistic soil deposit and if they had been free to rotate about their toe, in 

Fig. 2.5  Fixed-base dry-jointed frame: (a) maximum overall deformation; (b) typical damage, 
column base; (c) opening of dry joint at column face and of interface of precast segment with cast-
in-situ concrete at top story beam; (d) typical damage around interface of precast and cast-in-situ 
parts of ground story beam

Fig. 2.6  Fixed-base frame: (a), (b) chord rotations at the base of the outer columns; (c), (d) rota-
tion of section 225 mm from the end of the 1st story beam with respect to the column face; (e), (f) 
ibid., 2nd story beams; (a), (c), (e): left-hand half of frame; (b), (d), (f): right-hand half
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lieu of their quarter points, in plan. Therefore, the rocking, dry-jointed frame on 
footings which are free to rotate, unconstrained by tie-beams, etc., is a resilient 
system. However, its robustness to impact or blast is questionable. Moreover, the 
flexibility of the rocking system is at the expense of robustness to progressive col-
lapse if a column is lost. Note, though, that catenary action in the continuous, 
unbonded tendon, which can stretch over its full length and has considerable 
strength reserves, can markedly increase the load bearing capacity of the beam. 
These questions are addressed in later sections of this paper.

2.4  �Building with Conventional Seismic Design or Base 
Isolation Under Blast

Blast scenarios were simulated on the prototype building shown in Fig.  2.7. The 
building was designed to the Eurocodes for a cylinder concrete strength of 20 MPa, 
reinforcement yield stress of 500  MPa, floor loads due to finishings of 1  kN/m2, 
weight of exterior wall of 1.25 kN/m per floor, live load of 2 kN/m2 (0.6 kN/m2 quasi-
permanent load, acting all the time), design peak ground acceleration (PGA) on rock 
of 0.2 g, a Soil C Type 1 spectrum (i.e., with corner period of 0.6 s between the accel-
eration- and the velocity-controlled regions and a soil factor of 1.15 multiplying the 
spectrum on rock) and Ductility Class Medium (DC M). Thanks to the large cross-
sectional sizes (0.6 m square columns, 0.6 m deep by 0.3 m wide beams, 0.21 m thick 
slab), the minimum reinforcement for DC M suffices almost everywhere.

The lowest three periods of the building calculated using the secant-to-yield-
point stiffness of the members from Biskinis and Fardis (2010a) and Part 3 of 
Eurocode 8 are:

•	 1.62 s, 0.52 s and 0.29 s in the long and
•	 2.03 s, 0.64 s and 0.35 s in the short direction in plan.

The first mode in each direction accounts for 81 to 82% of the total mass, the 
second one for another 10 to 11%.

Fig. 2.7  Schematic and framing plan of building analysed for earthquake and blast; slab and outer 
frame subassemblies tested and modelled under conditions simulating loss of a central outer col-
umn are highlighted
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A base-isolated version was also designed, with a double foundation system 
sandwiching a 0.6 m diameter lead rubber bearing (LRB) under each column. For 
100 mm of elastomer, the stiffness of each LRB unit is 2800 kN/m. The minimum 
reinforcement prescribed by Eurocode 2 for buildings not designed for earthquake 
suffices in the superstructure.

Each design option was subjected to nonlinear dynamic analyses for 14 pairs of 
ground motions with a PGA of 0.23 g; each pair came from modulating a historic 
bidirectional record to fit the Eurocode 8 spectrum. Performance was assessed via 
the mean over the 14 flexural damage ratios in individual members. This ratio is 
defined as the peak during the response of the ratio of the chord rotation demand at 
the member end to the corresponding limit in (CEN 2005) for significant dam-
age, i.e., 75% of the ultimate capacity per Biskinis and Fardis (2010b). The damage 
ratio pattern of the conventional design is shown in Fig. 2.8. It ranges from 0.5 to 
0.6 at the base of interior columns and in the beams of stories 2 to 4. In the base-
isolated building, it ranges from 0.25 to 0.5 at the base of interior columns, but is 
less than 0.25 elsewhere.

Two blast scenarios were postulated:

Fig. 2.8  Flexural damage ratio under design earthquake of (a), (b) conventionally designed build-
ing (c), (d) base-isolated building ((b), (d): ground motions rotated by 90-deg with respect to (a), 
(c))
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•	 25 MN blast scenario: peak force of 12.5 MN at the top and mid-height of target 
column.

•	 9 MN blast scenario: peak force of 4.5 MN at the top and mid-height of target 
column.

The two scenarios were applied to the following columns:

•	 the central one on the long side, which is engaged in one-way frame action (only 
along the perimeter);

•	 an intermediate column on the long side of the perimeter, which is engaged in 
two-way frame action;

•	 a corner column, hit parallel to the long or to the short side of the perimeter.

When the central column was targeted, dynamic loading was applied not only 
to that column, but also at mid-height of the adjacent columns. The peak force of 
that loading was 5 MN in the 25 MN blast scenario and 1.75 mN in the 9 MN blast. 
The peak force of each dynamic loading was applied instantly, dropping off by 
90% in 0.1 s and to zero in 0.2 s. Such a loading excites modes with periods around 
0.4 s.

Figures 2.9 and 2.10 depict the predicted inelastic behavior in the six blast sce-
narios simulated for the building with the conventional seismic design and the base-
isolated building, respectively. In all of them, the targeted column(s) fail in flexure 
and in shear, albeit marginally in the 9 MN blast. The blast excites local vibration 
around the directly hit elements; the global response plays a secondary role. In fact, 
the major difference in the response of the base-isolated building from the one with 
conventional design is that the global features of its vibration are more pronounced. 
As a result, it experiences more widespread damage to other elements in the vicin-
ity of the targeted column(s) and beyond. By contrast, damage to the building with 
the conventional seismic design is more localized around the directly affected 
column(s).

The 25 MN blast fails in flexure the base of the column above and the ends of the 
beams, which are connected to the targeted column in the direction of the blast load-
ing. Under the 9 MN blast, these elements yield but do not fail. A 25 MN blast 
attack on the central column of the long side, which is accompanied with blast load-
ing on the two outer columns to the left and right, causes all columns to yield at the 
base of the ground story in the conventionally designed building or at the 2nd story 
in the base-isolated one. Sporadic column yielding occurs at the base of the 2nd 
story in the former and at that of the ground story in the latter. All other 25 MN blast 
loadings act on the building with an eccentricity in plan, which induces certain tor-
sional response around the vertical and concentrates column and beam yielding to 
one side of the building, spreading it, though, to the upper stories. The 9 MN blast 
does not cause yielding of elements other than those in the close vicinity of the 
targeted column.

The time-histories of the displacement at mid-height of the targeted column in 
Fig. 2.11 show a single, large amplitude half-cycle followed by a large permanent 
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drift. The displacements anywhere else in the structure exhibit a similar half-cycle 
of much smaller amplitude, followed neither by vibration nor by permanent drift. 
The relative magnitude of the displacements in the various scenarios reflects the 
relative severity of the overall damage inflicted on the building by the blast.

Fig. 2.9  Damage prediction in conventional seismic design (a)–(d) 25 MN blast; (e), (f) 9 MN 
blast; (a), (e) central column on long outer side targeted; (b), (f) intermediate outer column tar-
geted; (c) corner column targeted along short side in plan; (d) ibid., along long side in plan. Green 
circle: flexural yielding; yellow circle: serious flexural damage, but not failure; red circle: flexural 
failure; purple square: shear failure
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2.5  �Progressive Collapse Potential After Loss of One Column 
Due to Blast

The conclusion of the nonlinear dynamic analysis carried out for postulated blast 
loading was that any outer column of the prototype building in Fig.  2.7 is con-
demned if directly hit by the blast. However, damage to adjacent frame members or 

Fig. 2.10  Damage prediction in base-isolated building (a)–(d) 25 MN blast; (e), (f) 9 MN blast; 
(a), (e) central column on long outer side targeted; (b), (f) intermediate outer column targeted; (c) 
corner column targeted along short side in plan; (d) ibid., along long side in plan. Symbols as in 
Fig. 2.9
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other elements of the building is not predicted to be large enough to compromise 
their gravity load bearing capacity.

To investigate the consequences of the loss of one outer column, the quasi-
permanent gravity loads that acted on floor slabs adjacent to the targeted, and pre-
sumably lost, column were multiplied at all floors by a factor gradually increasing 
from 1.0 to 2.0, the value of 2.0 being the dynamic amplification of the static load 
effects when static loads on these slabs are applied instantaneously as a step func-
tion owing to abrupt loss of a column. The quasi-permanent gravity loads acting on 
all other slabs in the building had their nominal values. Nonlinear static analyses of 
the 3D frame structure with the ground story column removed was carried out for 
these loadings with the amplification factor on the loads of the floor slabs adjacent 
to the failed column increasing from 1.0 to 2.0 at all floors. Out-of-plane bending of 
slabs was neglected.

Figure 2.12 depicts the distribution of plastic hinges and beam failures at an 
amplification factor of 2.0 under the three column loss scenarios. If the central col-
umn on a long side in plan is lost (Fig. 2.12a), the first beam to yield or fail does so 
when the amplification factor equals 1.14 or 1.37, respectively. All beams connected 
to columns above the lost ground story column fail in flexure at both ends when the 
amplification factor reaches 1.49. If the column lost, unlike the central one, is 
engaged in two-way frame action because of being connected to beams at right 
angles to the perimeter (Fig.  2.12b), yielding or ultimate failure of one of these 
beams takes place for the first time when the amplification factor exceeds 1.18 or 
1.88, respectively. The beams which are connected to the columns above the failed 
one and are at right angles to the perimeter fail at all stories when the amplification 
factor on the gravity loads of the slabs adjoining the failed column reaches the value 
of 1.94. If the missing column is a corner one (Fig. 2.12c), the first beam to yield 
does so at an amplification factor of just 1.08, but no beam fails afterwards, even 
when the amplification factor reaches 2.0. So, removal of the central column on a 
long side in plan (Fig. 2.12a), which is in one-way frame action, is more likely to 
produce progressive collapse. As such a column is not connected to a beam at right 
angles to the perimeter, the two beams framing into this column along the perimeter 
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Fig. 2.11  Displacement history (m vs. s), mid-height of targeted column (a)–(d) 25 MN blast; (e), 
(f) 9 MN blast; (a), (e) central column on long outer side targeted; (b), (f) intermediate outer col-
umn targeted; (c) corner column targeted along short side in plan; (d) ibid., along long side in plan. 
Top row: conventional seismic design; bottom row: base-isolated building
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have to take all the tributary load of the failed column and may exceed their ultimate 
plastic-hinge-rotation capacity; they could collapse alongside the outer span of the 
one-way slabs they support.

More representative of the response of the structure when a ground-story column 
instantly loses its gravity load capacity is a nonlinear dynamic analysis, with the 
gravity loads coming from the floor panels adjacent to the failed column applied 
instantaneously. Such an analysis predicts the vertical vibrations of the beam-
column joint at the top of the failed column depicted in Fig. 2.13. If the column that 
collapses abruptly is the central one on the long side of the perimeter and is engaged 
only in one-way frame action, it was computed that the beam it supports deflects by 
about 75 mm over a span of 15 m, after going through a maximum deflection of 
125 mm. The corresponding values for an intermediate column on the perimeter in 
two-way frame action were 65 mm and about 90 mm; those for a corner column 
were 40 mm and 60 mm. This vertical vibration did not induce any further damage 
to any element. Elements unloaded and reloaded elastically during their free vibra-
tion. These findings show that the simulation by pushdown analysis, with gravity 
loads in the tributary area of the column multiplied by a dynamic amplification of 
2.0, is overly conservative.

Note that, in the very common case of buildings having floors with the same 
geometry and similar gravity loads, loss of a lower-story column deactivates the still 
intact columns above it and puts the beams and slabs of all stories under the same 
loss-of-support condition as in the story of the failed column. Only when there are 
differences between floors do the columns connecting them redistribute loads from 
the more heavily loaded floor(s) to the less loaded one(s) and/or from the floor(s) 
with the more flexible beam(s) to the one(s) with the stiffer beam(s). The question 
is, then, whether a beam can still support the distributed floor loads in its new tribu-
tary area without the support it lost.

Fig. 2.12  Damage predicted by nonlinear static analysis for assumed dynamic amplification (by 
100%) of gravity loads contributing to the axial load of a presumed failed column (X) which is: (a) 
in one-way frame action; (b) two-way frame action; (c) at a corner in plan. Yellow circle: yielding; 
red circle: flexural failure
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To answer this question, the parts of the prototype building in Fig. 2.7 which are 
directly affected by the loss of the central outer column, shown as shaded in Fig. 2.7, 
were tested under conditions simulating a column loss (Stathas et  al. 2017a, b). 
More specifically, the two spans supported by the lost column were tested alongside 
one shear-span-long part of the columns and beams framing into the end joints of 
these beams with appropriate boundary conditions. Monotonically increasing dis-
tributed vertical loads were applied, representing the reaction force from the one-
way floor slab supported on the beam, as well as the weight of the beam and of the 
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Fig. 2.13  Free vertical vibration of the top of a ground-story column of the 6-story regular build-
ing right after instant column collapse due to blast, from nonlinear dynamic analysis for instanta-
neous application of the gravity loads on the floor panels adjacent to a failed column: (a) at the 
centre of a perimeter frame with one-way frame action; (b) at an intermediate position with two-
way frame action; (c) at a corner where two perimeter frames meet
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exterior wall in one story. The large increase in deflection of the beam after loss of 
its central support reduces the reaction force delivered to it from the one-way slab it 
supports. This reduction should be accommodated by a redistribution of forces in 
the slab. In order to quantify these phenomena and estimate whether a new stable 
configuration of the slab-beam subassembly is feasible after loss of a central outer 
column, we need the nonlinear relationships between the deflection of the beam at 
the location of the missing column (which is the same as that of the slab at its sub-
siding exterior support) along with (a) the net vertical load applied on the beam and 
(b) the reacting force at the exterior support of the one-way slab. The frame subas-
sembly tests answer part (a) of the question. To answer part (b), a testing campaign 
was carried out on slab specimens representing the corresponding shaded area in 
Fig. 2.7. The main outcome of the slab tests was the dependence of the reacting 
force at the exterior support on the vertical deflection there. In extremis, under 
deflections at which the beam cannot even carry its own weight, the slabs it supports 
should be able to survive without it and carry the weight of the beam and of any 
walls resting on it.

The tests on one-way slab specimens simulating loss of support of the perimeter 
beam due to failure of an exterior column followed detailed analyses of a slab sur-
rounded by beams and columns which are intact (except for the column lost to 
blast). These analyses have shown that, thanks to the in-plane stiffness of the slab 
and the unyielding supports along its three sides, the perimeter beam does not move 
at right angles to its axis when a column under it is removed. Hence, the edge of the 
slab supported on this beam may be considered as fixed horizontally, while it moves 
vertically owing to the deflection of the perimeter beam. Further detailed analyses 
of a continuous beam with more than three equal spans have shown that the magni-
tude of the force to be applied at an outer support in order to have a given vertical 
displacement is not markedly affected by the assumption that the continuous beam 
is restrained against rotation over its second internal support. So, the behavior of the 
slab when the perimeter beam loses one of its supporting columns could be studied 
experimentally on a two-span slab specimen, with one outer support fixed when the 
opposite one moves only vertically. Following this reasoning, two one-way slab 
specimens were tested as in Fig. 2.14. At the central support the slab was connected 
to a beam that was free to rotate about its axis and to translate in the long direction 
of the slab. At one outer support, all degrees-of-freedom were fully fixed. At the 
other, the slab was connected to a 0.4 m-wide beam that was free to rotate about its 
axis and could only move vertically, i.e., the slab was horizontally restrained there 
in its long direction. The two slab specimens differed in their top reinforcement. 
One had top reinforcement only over the supports by the beams, while the other had 
continuous top reinforcement throughout the specimen length, increased over the 
first interior support. In both slabs, the bottom reinforcement was continuous across 
the supports. A uniform distributed load supplemented the self-weight. Vertical dis-
placement of the outer support produced, in the first slab specimen, a wide crack at 
the section where the top bars over the central support ended. In the other slab, 
yielding and plastic hinging took place at the two sections across the central sup-
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porting beam. From then on, both specimens sustained the continuously increasing 
vertical displacement of the outer support by tensile membrane action.

The frame subassemblies tested comprised two, full beam spans of a perimeter 
frame on either side of a column presumed to be lost to blast (Fig. 2.15). The length 
of the columns above and below, and the extension of the beams into the adjacent 
bays, were also included, up to their points of inflection, as determined by an elastic 
analysis for gravity loads of the full frame with the ground story column removed. 
Every extremity of these members representing a point of inflection was built as a 
hinge, allowing rotation in the plane of the frame but preventing displacement. In 
one test, the beams were monolithic with the columns. In the other, columns and 
beams were precast with the same geometry and reinforcement. Longitudinal bars 
protruding from each end of the precast beams were lap-spliced with those of 
0.5 m-long cast-in-situ end segments, which crossed the column inside plastic ducts, 
neutralizing the bond in the joint with the columns. The 0.5 m-wide gap between the 
end of a precast beam and a precast column was filled with cast-in-situ non-shrink 
concrete. The dry connection between a column and the cast-in-situ beam end was 
kept closed under normal gravity loads by post-tensioning with two cables which 
ran concentric and unbonded all along the beam. To enhance the strength of the 
compressive zone of the cast-in-situ segments in view of the high contact stresses 
that develop at its edge when the dry connection opens, especially under seismic 
loading, tie spacing was reduced to 50 mm in the one-half of the length of the cast-
in-situ beam segments close to the column. Six concentrated loads were applied on 
the beam’s top surface, increasing in unison.

The monolithic specimen developed flexural plastic hinges at the inner faces of 
the two side columns and at both sides of the central stub emulating the central 
column. Failure was due to rupture of the bottom bars at mid-span, at a vertical 
force about 20% less than the peak resistance and a deflection of more than twice 
the value at peak resistance. In the other test, the concentric prestress increased by 
30% the vertical load capacity compared to the monolithic specimen. The dry joints 

Fig. 2.14  Slab tests and failure mode: (a) discontinuous top reinforcement; (b) continuous top 
reinforcement
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opened, preventing plastic hinging at beam ends. Failure over the one half of the 
beam end regions, which had ties at 90 mm centers, was due to shear. The critical 
shear crack started at the section where the top flange ended, 0.5 m from the col-
umn, and ended at the section separating the end region with ties at 50 mm centers 
from the one with ties at 90 mm centers. In the test with the precast beam, the col-
umn sections above and below the connection with the beam cracked and yielded.

The results of the beam tests were combined with those of the slabs to establish 
the margin of bearing capacity of the perimeter beam, above what is needed to sup-
port the weight of the beam and the beam’s tributary loads from the slab. This mar-
gin is due to the flexural capacity of the beam as enhanced by arching and catenary 
actions and to the tensile membrane mechanism in the slab. It is available to bear the 
weight of exterior walls and any other part of the building envelope supported by the 
beam. Figure 2.16 depicts the magnitude of this margin in terms of the beam deflec-
tion at the location of the missing column. The conclusion drawn from these figures 
is that the perimeter beam can survive loss of the most critical outer column, even 
when it supports, in addition to its tributary floor loads, a façade as heavy as 
23.5 kN/m for the precast, prestressed beam design, no matter whether the slab has 
continuous top reinforcement or not. Such a peak resistance is attained at a deflec-
tion of 200 mm. Continuous top reinforcement in the slab increases the peak resis-
tance of the monolithic design from 12 kN/m to 17.5 kN/m at the expense of larger 
deflections (370 instead of 200 mm). The precast, prestressed beam design can bear 

Fig. 2.15  Frame subassemblies after test: (a) monolithic; (b) precast, with dry-joints and concen-
tric pre-stressing of the beam
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a common façade weighing 1 to 1.5 kN/m with a deflection of 30 to 40 mm over a 
15 m span, i.e., within the usual serviceability limits. The monolithic design may 
deflect by 60 to 70 mm under such a façade.

2.6  �Masonry Infills Preventing Collapse of Upper Stories 
Due to Column Loss Below

There are many examples where the upper stories of buildings survived loss of one 
or more critical ground story columns in an earthquake because they bridged the 
gap left at the location of a failed interior column, or they cantilevered outside the 
line circumscribing the still intact columns after losing one corner column 
(Fig. 2.17b) or a corner column and nearby ones (Fig. 2.17a). In such cases, the 
upper stories work as deep beams, with the uppermost and the lowermost floors 
(including the beams) playing the role of tension and compression flanges, and the 
masonry infills the role of webs connecting these flanges. Floors and infills play the 
same roles in cases where the loss of ground vertical members is caused by an 
explosion or impact. In the example shown in Fig. 2.17c, the explosion took place 
within the outer bay of the building’s framing system. The neighboring building 
braced laterally the part of the damaged building left to cantilever over that bay. 
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Fig. 2.16  Force capacity of perimeter beam in full-scale building of Fig. 2.7, over what it needs to 
support the dead loads from the slab and the beam, as a function of the beam deflection upon loss 
of a supporting column: (a), (b) slab top reinforcement only over supports; (c), (d) top reinforce-
ment continuous all over the slab; (a), (c) monolithic frame; (b), (d) precast frame with dry joints 
and concentric, unbonded tendons
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Fig. 2.17  Examples of upper floors working as cantilevering deep-beams with the infills in the 
role of the web, after loss of support due to (a), (b) the Kalamata, GR, 1986 earthquake; (c) gas 
explosion (Netanya, IL)
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Beam action across its full depth, thanks to the infills, was essential for this part to 
profit from the bracing action.

To study in detail a mechanism of the type demonstrated in Fig. 2.17, the two-
story RC frame test building of Fig. 2.18 had its upper story infilled all along the 
perimeter. The inverted web of the beams alongside the perimeter infill wall of the 
second story and a parapet at roof level allowed flooding the floors with water to a 
depth sufficient to simulate the weight of floor finishings and the quasi-permanent 
fraction of live loads (30% of the nominal live load per CEN (2002a), as well as the 
effect of the 0.6:1 scale on density.

All columns were 0.4 × 0.4. Beams were 0.4 m-deep and 0.25 m-wide and had 
two, 12 mm-dia. bars at the top and bottom, continuous over all supports. Two more 
12 mm-dia. bars were added to the top flange up to a distance of 1.4 m from the face 
of the column. Slabs were 0.14 m thick, with two-way top and bottom reinforce-
ment of 8 mm-dia. on 200 mm centers.

The mean cylinder concrete strength was 32.7  MPa at the ground story and 
30.8 MPa at the story above.

Infill walls were 125 mm thick, with a compressive strength of 8.1 MPa in the 
vertical direction and 7.9 in the horizontal. The elastic modulus was 4.24 GPa in 
both directions; 45-deg compression tests gave a shear modulus of 2.9 GPa and a 
shear strength of 1.08 MPa.

One interior column, an intermediate one on the long side of the perimeter, and 
a corner column were seated on special devices allowing instant removal of the sup-
port and release of the column’s axial load. There was a window-type opening in 
one of the two infill panels which were in contact with the corner column and one 
door and another window in the two infill panels adjoining the intermediate perim-
eter column. As the building had infills only along the perimeter and the interior 
column supported by far the largest axial force among the three columns removed, 
its removal had the most marked impact on the rest of the building. However, even 
that impact was minor; there was no visible cracking of the infills or the concrete, 
let alone yielding of the reinforcement. The floor had a maximum dynamic deflec-
tion of 8 mm at 0.1 sec after the removal of the column and a permanent, albeit 
elastic, one of 6.5 mm (see brown line in Fig. 2.19). A nonlinear dynamic analysis 
(blue line in Fig. 2.19) captures fairly well the measured response.

Fig. 2.18  Two-story infilled RC frame building, for instant loss-of-column tests
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In a final phase, the water level increased to a weight equivalent of one more 
story. The intermediate outer column was then instantly removed, after knocking 
down the infills of the entire side above (Fig. 2.20). Cracks appeared in the parapets 
and the concrete, but closed after the loading due to the water was removed. The 
maximum deflection at the perimeter reached 9 mm, to stabilize soon afterwards at 
8 mm

Fig. 2.19  Floor deflection due to instant removal of the central column

Fig. 2.20  Building without infills above the intermediate perimeter column removed in the final 
test phase

M.N. Fardis



57

2.7  �Structural Effects of Fire Exposure on Concrete 
Members

The temperature history at every point inside the mass of a reinforced concrete 
member can be computed by solving numerically the differential equation of the 
heat transfer problem, namely through finite differences. An explicit scheme, such 
as the central difference formula, can be adopted, provided that a very fine discreti-
zation in space and time is used. The thermal conductivity and the specific heat of 
concrete are given in CEN (2004b) as a function of the local temperature. The emis-
sivity coefficients of concrete and of the air are also given in the same source. Gas 
temperature histories are given in CEN (2002b) for a standard fire scenario, an 
external fire or a hydrocarbon fire. They may also be obtained from a computational 
fluid dynamic (CFD) solution of the fire problem for the applicable fire load and 
compartment geometry. Once the temperature history is obtained at every point 
inside the mass of a reinforced concrete member, the corresponding thermal strain 
is computed per CEN (2004b) and used as initial strain in the temperature-dependent, 
stress-strain laws of steel or concrete, given also in CEN (2004b).

The concentric axial load capacity of a column computed in this way (defined as 
the maximum axial force that the column can bear under uniform strain conditions 
throughout the section) is depicted in Fig. 2.21 as a function of the column size and 
the duration of the fire. The capacity reduction increases as the column cross-
sectional size decreases, whereas the ratio and the cover of vertical steel bars play a 
very secondary role. Note that the axial force capacity on the vertical axis is com-
puted for the mean material strengths, not their design values. Note also that the 
seismic design rule of limiting the axial load of the column in the combination of 
gravity loads with the design seismic action leads to values of the acting axial force 
well below the curves in Fig. 2.21, even for the smallest of column sizes. So, fire 
does not seem to pose a major threat to the axial load capacity of columns. At any 
rate, a large, nearly square, column section seems to safeguard best the gravity load 
capacity of the column under fire conditions.
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If unrestrained, a concrete slab whose underside is exposed to a uniform heat flux 
due to fire will assume a spherical shape owing to the temperature differential across 
its thickness and will expand uniformly in all directions owing to the mean increase 
in temperature over the thickness. So, if it is freely supported along a circular ring, 
it will deform at zero net axial force and moment. For any other type of support, 
internal forces and moments will develop along its line of support, such that the 
curvilinear vertical projection of the line of support on the spherical surface is made 
to coincide with the line of support itself. This is easier in a two-way square slab 
because the square line of support differs the least from its vertical projection on the 
spherical surface. By contrast, the more the ratio of the two sides in plan differs 
from 1.0, the more distant the rectangular line of support from its curvilinear verti-
cal projection on the spherical surface is and the larger the internal and boundary 
forces needed to make these lines coincide are. If the two-way slab is thought of as 
a system of one-way strips along the short and the long dimension in plan, indexed 
here by x and y, respectively, the deviation is largest along the longer sides, i.e., the 
ones indexed by y. So, the boundary forces necessary to achieve compatibility of 
deflections may be thought of as the outcome of a load q acting downwards on the 
shorter strips, i.e., those indexed by x, and upwards on the longer ones. This is 
equivalent to an increase, Δq, of the portion, qx, of the vertical distributed load, q, 
borne by the x-strips and an equal and opposite reduction, −Δq, of the portion, qy, 
that goes to the y-direction strip. The shorter the x-direction side of the slab com-
pared to the y-direction one, the larger Δq is. As a matter of fact, Δq is often larger 
than qy. Then, the y-direction is uplifted by the load qy  −  Δq  <  0, whereas the 
x-direction is pushed very much down by the load qx + Δq and may yield or even 
fail in flexure by sagging moments – especially so, as the yield stress of the bottom 
bars at mid-span is seriously reduced by the elevated temperature of these bars. So, 
slabs with an aspect ratio in plan much larger than 1.0 are quite vulnerable under fire 
conditions.

The slabs surrounding the one exposed to fire restrain its lateral expansion by 
developing compressive in-plane forces and applying them on the latter slab. This 
confinement action is enhanced by the lateral stiffness of the vertical elements con-
necting the floor on fire to the ones above and below. The larger the stiffness of these 
elements, the higher the constraint is. This mechanism has a positive effect on the 
flexural capacity of the slab, as in-plane compression normally increases its moment 
resistance. A collateral negative effect is the second-order moments produced in the 
slab, which are equal to the in-plane axial compression times the large deflections 
of the span exposed to fire. They reduce hogging moments, but increase the pre-
dominant sagging ones. These effects take place in both horizontal directions in 
plan and can be expressed analytically in a way allowing their analytical prediction, 
be it iteratively, as the in-plane rigidity of both the slab that is exposed to fire and the 
ones surrounding and confining it is a function of their axial compression.

Alongside the state of in-plane forces in the slab exposed to fire and the ones 
around it, an analytical estimation of the transverse load Δq transferred from direc-
tion y to direction x is feasible. It is based on the compatibility of out-of-plane 
deflections in directions x and y at the center of every single slab in the floor – the 
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one exposed to fire and all others. It is iterative, owing to the strongly nonlinear and 
coupled moment-curvature and axial force-mean strain relationship of the slab sec-
tions, especially in the span which is exposed to fire, as well as to the second-order 
moments produced by the slab deflections and the in-plane forces according to the 
above paragraph.

The above were applied to a floor system with the design parameters of the build-
ing in Fig. 2.7, consisting of four, 6.25 m spans in direction x (as in the short direc-
tion in plan of the building in Fig. 2.7) and four, 7.5 m ones in direction y (i.e., as 
though the building in Fig. 2.7 had beams in the short direction in plan along all 
column lines and the longer side in plan were 4  ×  7.5  =  30  m long instead of 
6 × 7.5 = 45 m). The design of the slab for the ultimate limit state under factored 
gravity loads per CEN (2004a) gave bottom reinforcement of corner, exterior and 
interior panels equal to 293, 215, 181 and 156 mm2/m, respectively, in the short 
direction in plan, or 204, 183, 117 and 124  mm2/min in the long direction. 
Continuous, two-way reinforcement providing 377 mm2/m was placed at the bot-
tom – a significant surplus over the required areas. The required top reinforcement 
in corner, exterior and interior panels is 455, 365, 355 and 316 mm2/m, respectively, 
in the short direction in plan, or 370, 372, 229 and 251 mm2/m in the long direction. 
Continuous, two-way reinforcement of 251 mm2/m was placed all over the top sur-
face, increased to 503 mm2/m over all supports in the short direction of the slabs or 
to 402 mm2/m in the long direction – again well in excess of the required amounts. 
This is considered as the base case. Another one, called enhanced reinforcement, 
has continuous, two-way reinforcement of 503 mm2/m all over the bottom surface.

A 6.25 m-by-7.5 m interior slab with the base case reinforcement fails after 15 
and before 30 min of exposure to the standard fire per (CEN 2002b) if the 4 × 4 slab 
system is supported on a 5 × 5 system of 0.8 × 0.8 m columns of a usual story height 
(Fig. 2.22). A perimeter slab of the same system fails even before 15 min of expo-
sure. The interior slab can survive exposure to standard fire for almost 45 min if the 
column size increases to 1.3 × 1.3 m (Fig. 2.23). However, neither the interior nor a 
perimeter slab survive for 30 min when just the enhanced reinforcement is placed 
all over the bottom surface (Figs. 2.24 and 2.25) without increasing the size of the 
columns, but an exterior one does, if the columns increase in size (Fig. 2.27). As 
evidenced by a comparison of Figs. 2.23 and 2.26, which refer to interior slabs with 
different reinforcement but the same supporting frame, a mere increase in bottom 
reinforcement is not effective in extending the safe life of the slab during a fire. The 
yield stress of the bottom bars is so much reduced by their exposure to the high 
temperatures of the slab underside that the quasi-permanent load on the slab cannot 
be accommodated by a mere redistribution of moments from the span to the sup-
ports. Much more effective in increasing the sagging moment resistance of the slab 
is the in-plane compression which gradually builds up thanks to the restraint of the 
lateral thermal expansion of the slab by the surrounding cool slabs and the lateral 
stiffness of columns. However, this in-plane compression is a mixed blessing. It is 
the second-order moments it produces acting on the large thermal deflection of the 
slab that ultimately bring down the exposed-to-fire slab.
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To investigate the effect of the slab’s aspect ratio on its response to fire, the long 
side was increased from 7.5 to 11.25 m (i.e., as if there were four equal spans in the 
long direction of the building shown in Fig. 2.7). The slab aspect ratio then increased 
from 7.5/6.25 = 1.2 to 11.25/6.25 = 1.8. The bottom reinforcement required in cor-
ner, exterior or interior panels changed to 410, 374, 200 and 198 mm2/m, respec-
tively, in the short direction in plan and to 115, 141, 59 and 77 mm2/m in the long 
direction. Two-way, continuous reinforcement of 503 mm2/m was placed at the bot-
tom, i.e., as in the enhanced case of the slabs with aspect ratio of 1.2, well above the 
required amount. The top reinforcement required at the corner, exterior and interior 
slab panels is 593, 550, 510 and 500 mm2/m, respectively, in the short direction in 
plan, or 241, 285, 127 and 154 mm2/m in the long direction. The two-way reinforce-
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ment of 251  mm2/m was maintained all over the top surface, but increased to 
628 mm2/m over all the supports in the short direction of the slabs. With the new 
layout and reinforcement, the interior and perimeter slab panels of a floor on 
0.8 × 0.8 m columns could not survive the standard fire not even for 15 min. If the 
column size increases to 1.3 × 1.3 m, these slab panels survive for over 15 min but 
fail before reaching 30 min of exposure to the standard fire (Figs. 2.28 and 2.29).

Witness, in Fig. 2.28, the inverted (concave downwards) shape of the bending 
moment diagram in the secondary direction, i.e., for strips of the slab parallel to the 
long sides in plan, 15 min after the onset of fire exposure; it shows that these strips 
are borne by those parallel to the short sides, instead of contributing themselves to 
the capacity of the two-way slab to bear the gravity loads. The moment diagrams in 
Figs.  2.22, 2.23 and 2.29 show a similar tendency of the secondary direction to 
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offload its share of the gravity load on the primary direction of the slab (i.e., from 
the strips parallel to the long sides to those parallel to the short sides in plan) at 
15 min of fire exposure. The redistribution of gravity loads from the secondary to 
the primary direction of the two-way slabs reduces the deflection of the former due 
to gravity loads and increases that of the latter in order to offset the larger thermal 
deflection of the strips parallel to the long side ones (recall that the curvature of the 
slab due to the fire is the same in both horizontal directions and tends to produce 
much larger deflection along the long sides of the slab in plan than along the short 
ones).

There is a very large discrepancy in the mid-span deflections between the two 
directions of the slab that is exposed to fire in Figs. 2.23, 2.26, 2.28 and 2.29 at the 

-40

-20

0

20

40

60

80

100

120

140

M
om

en
t (

kN
m

)

t=0

t=15min

t=30min

t=45min

-40

-20

0

20

40

60

80

100

120

t=0

t=15min

t=30min

t=45min

-0,02

0

0,02

0,04

0,06

0,08

0,1

de
fle

ct
io

n 
(m

)

t=0

t=15min

t=30min

-0,05

0

0,05

0,1

0,15

0,2

t=0

t=15min

t=30min

t=45min

Fig. 2.26  Moment (top) and deflection (bottom) diagrams along mid-width of a single interior 
slab panel exposed to standard fire for 30 to 45 min; 1 m-wide strip of the slab: (left) parallel to the 
short side of the slab panel (deflections at 45 min are not shown, as they are well outside the verti-
cal scale); (right) parallel to the long side; 4 × 4 slab system with enhanced reinforcement over 
1.3 × 1.3 m columns

-50

0

50

100

150

M
om

en
t (

kN
m

)

t=0

t=15min

t=30min

t=45min

-40

-20

0

20

40

60

80

100

120

140

t=0

t=15min

t=30min

t=45min

-0,02

0

0,02

0,04

0,06

0,08

0,1

de
fle

ct
io

n 
(m

)

t=0

t=15min

t=30min

-0,02

0

0,02

0,04

0,06

0,08

0,1

t=0

t=15min

t=30min

Fig. 2.27  Moment (top) and deflection (bottom) diagrams along mid-width of a single exterior 
slab panel exposed to standard fire for 30 to 45 min; 1 m-wide strip of the slab: (left) parallel to the 
short side of the slab panel (deflections at 45 min are not shown, as they are well outside the verti-
cal scale); (right) parallel to the long side; 4 × 4 slab system with enhanced reinforcement over 
1.3 × 1.3 m columns

M.N. Fardis



63

last instant for which deflections are plotted in those figures. The reason is that at 
that instant the slab has already failed in sagging bending in one of the two direc-
tions. A smaller discrepancy between the two directions appears at the last time-
instant in Figs. 2.22, 2.24 and 2.26. It is indicative of impending failure.

The conclusion of the slab analyses for fire is that the slab cannot resist for long 
the combined effects of fire and gravity loads by virtue of its reinforcement alone; 
the bottom bars lose most of their strength soon after the onset of fire exposure. 
Increasing the concrete cover or the cross-sectional area of bottom reinforcement is 
not cost-effective against failure due to fire. By contrast, increasing the lateral stiff-
ness (and hence the size) of vertical members, in combination with a (nearly) square 
layout of the slabs in plan, is more effective.
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2.8  �Factors in Design of Concrete Structures for Multiple 
Extreme Hazards

To achieve a single-concept, holistic design, not a juxtaposition of multiple ones for 
different hazards, we should know which structural features enhance resilience to 
all hazards and which ones help for some but not for others. There is no single rec-
ipe for all structures, but principles can be established and nearly optimal solutions 
can be sought, profiting from synergies and conciliating conflicting demands across 
hazards.

Some structural features enhance resistance and resilience to one hazard but are 
detrimental when another type of threat is considered:

	1.	 Static indeterminacy, continuity of load paths and connections, strength and 
deformation capacity of connections or members: They are good for robustness 
and resistance to any hazard, averting partial or local collapse. However, in case 
local or partial collapse does occur, a structure which is horizontally broken up 
from the outset into structurally independent units or compartments will be 
spared progressive, total collapse.

	2.	 Mass: Large mass is favorable in case of blast, impact or fire, but is adverse for 
seismic performance.

	3.	 Building frames with beams which are weaker than the columns, hence normally 
shallow: They are good for global ductility and the prevention of a soft-story 
mechanism in case of earthquake. However, to sustain loss of a supporting col-
umn, a beam must be strong; to utilize arch action in such conditions, it must be 
deep.

	4.	 Concrete structures with dry joints (i.e., non-monolithic connections kept 
together by means of unbonded pre-stressing tendons), lending themselves to 
dismantlement and reuse: They can rock in a stable way and are seismically 
resilient. However, they may be more vulnerable to fire and possibly to blast or 
impact, too.

	5.	 Seismic isolation: It is the ultimate means to achieve resilience to the horizontal 
component of the earthquake, as it minimizes residual global displacements and 
structural damage. However, it allows superstructures with members of smaller 
size and less reinforcement – and indeed without detailing for ductility (notably 
bottom bars in beams which run through beam-column joints discontinuously, 
widely spaced ties throughout a column’s height, floor slabs which are not 
required to act as horizontally rigid diaphragms and hence do not have two-way 
reinforcement at both top and bottom). Such superstructures are vulnerable to 
blast or impact and fire.

By contrast, some structural features enable resistance to many (or even to all) 
hazards:

	1.	 Large lateral stiffness: It is effective in case of earthquake as it reduces seismic 
deformation demands. It may also be effective in blast or impact conditions for 
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the same reason, and because it is normally associated with increased force resis-
tance. It is also good under fire conditions because it restrains thermal expansion 
of the part of floor slabs which is exposed to fire, inducing significant in-plane 
compression and increasing, therefore, the slab’s flexural capacity. In this way it 
helps the slab to keep sustaining the gravity loads, despite the detrimental effect 
of fire temperatures on the strength of slab materials (notably on the strength of 
bottom bars).

	2.	 Large-size columns: They increase the lateral stiffness with all the positive con-
sequences listed above. Moreover, they are less vulnerable to hazards producing 
large local demands on structural members, such as blast or impact. They can 
also sustain most of their axial force capacity under prolonged fire, thanks to the 
still-cool inner core, despite the loss of a sizeable concrete skin and the severe 
strength reduction in the vertical bars and the confining perimeter tie.

	3.	 Closely-spaced stirrups all along a column’s height and not just in the plastic 
hinge zones at column ends: They increase the shear resistance all along the 
column and prevent failure under loadings which produce large, local shear 
demands, such as blast or impact. They also prevent shear failure under seismic 
loadings in columns which are captive owing to contact with infill walls over part 
of their height.

	4.	 Beam bottom bars which do not stop before the supports but run continuously 
through them over several spans: They increase markedly the ability of the beam 
to bridge over columns which are completely shattered by explosion or impact. 
They also increase the moment resistance of the beam at the supports in sagging 
bending during an earthquake, as well as the deformation capacity and the ductil-
ity of the beam in hogging bending at the supports.

	5.	 Two-way frame action: It enhances bi-directional lateral force resistance against 
horizontal earthquake components from any direction. It also helps the 3D frame 
survive loss of one or more columns to blast or impact by mobilizing the beams 
in both horizontal directions (e.g., if a perimeter two-way column is lost, the 
beam along the perimeter works with one intermediate support less and one 
intermediate span about twice as long as before, while the beam at right angles 
to the perimeter works as the cantilevering outer span of a continuous beam in 
the orthogonal direction).

	6.	 Two-way floor slabs, almost square in plan: They go together with two-way 
frame action and all the positive side effects listed under 5 above. They have 
about the same reinforcement in both horizontal directions, which is optimum 
for diaphragm action in earthquakes. They also experience less redistribution 
of vertical load between the two horizontal directions because the deflections 
of a slab exposed to fire that is nearly square in plan are close to the stress-free 
deflections of a circular slab, which is free to deform into the spherical shape 
induced by the fire. By contrast, this spherical shape is quite incompatible with 
the support conditions of a long, one-way slab, which then experiences a 
severe force and moment redistribution for which its reinforcement is not 
designed.
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	7.	 Two-way reinforcement throughout a slab’s top surface: No matter whether it is 
one- or two-way, a floor slab normally does not require top reinforcement away 
from its supports. Such reinforcement is essential, though, for the tensile mem-
brane action and the redistribution of moments which accompany the loss of a 
perimeter or interior beam under the slab. Moreover, although a floor slab can be 
very effective as a diaphragm in an earthquake even with two-way reinforce-
ment only at the bottom surface, it is better to have such reinforcement shared 
by both surfaces of the slab. Finally, as the bottom reinforcement of a slab 
exposed to fire is eventually doomed, it is good to have some reinforcement at 
the unexposed top surface, which is mobilized in catenary action against gravity 
loads when the sagging moment capacity of the slab is lost alongside the bottom 
reinforcement.

	8.	 Bottom bars in slabs which do not stop at the supporting beams but run seam-
lessly through them over several spans: They increase markedly the ability of the 
slab to bridge over interior beams that sink owing to loss of a supporting interior 
column due to blast or impact. They also allow effective tensile membrane action 
to develop in a slab which loses a supporting perimeter or interior beam. They 
also escape loss of anchorage over an intermediate zone of the slab soffit which 
is exposed to fire and may also experience spalling of the cover.

	9.	 Masonry infills of building frames: If they have a plan- and height-wise uni-
form layout, non-load-bearing masonry infills (with or without openings) 
have a very beneficial effect on the seismic performance of the building by 
increasing its lateral stiffness (and hence reducing the deformation demands 
on the structural frame) and enhancing its global lateral force resistance and 
energy dissipation (Panagiotakos and Fardis 1996; Fardis and Panagiotakos 
1997; Fardis et al. 1999). Moreover, masonry infills in full contact with the 
surrounding frame members connect adjacent floors in shear and allow the 
stories above a failed column to bridge the gap by acting as a deep multi-layer 
sandwich beam. The floors (top, bottom and intermediate ones) work as mem-
brane elements contributing to flexural resistance; the infills in-between serve 
as the shear core. This mechanism has saved numerous multistory concrete 
buildings after complete loss of a corner column or of several internal or 
perimeter ones in earthquakes (see Figs. 2.17a, b). It can do the same in case 
of loss of one or more columns due to blast or impact, preventing progressive 
collapse (Fig. 2.17c).

These considerations are summarized in two tables: Table  2.1 for conceptual 
design and Table 2.2 for detailing.
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Table 2.1  Conceptual design of concrete buildings for robustness to multiple hazards

Feature in conceptual design 
(ranked from the most favorable 
for robustness to the most 
unfavorable) Earthquake

Progressive collapse 
due to blast or 
impact Fire

Large columns Very favorable Very favorable Very favorable
High lateral stiffness, especially 
on the perimeter

Favorable Very favorable Favorable

Thick, monolithic slabs 
throughout floor plan

(Favorable) Very favorable Very favorable

Masonry infills Very favorable Very favorable Neutral
Uniform column sizes Favorable Favorable Favorable
Square columns (Favorable) (Favorable) Very favorable
Two-way frame action of every 
column

(Favorable) Favorable (Favorable)

Two-way floor slabs, square in 
plan

Favorable Neutral Very favorable

Continuity of load paths, static 
indeterminacy

Very favorable Neutral Favorable

Large mass Very 
unfavorable

Favorable Favorable

Large beams Very 
unfavorable

Very favorable Favorable

Seismic isolation Very favorable Unfavorable Neutral
Precast post-tensioned members 
with dry joints

Favorable Neutral Unfavorable

Table 2.2  Detailing of concrete buildings for robustness to multiple hazards

Detailing Earthquake
Progressive collapse due 
to blast or impact Fire

Closely-spaced ties over full 
column height

Very 
favorable

Very favorable Favorable

Beam bars continuous across 
interior joints

Very 
favorable

Very favorable Favorable

Slab bars continuous across 
interior supports

Favorable Very favorable Favorable

Two-way slab reinforcement Favorable Favorable Very favorable
Top reinforcement over entire 
slab surface

Favorable Very favorable Favorable

Concrete cover of 
reinforcement

Neutral Neutral (Favorable)
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Chapter 3
A Simplified Approach for Site-Specific Design 
Spectrum

A. Ansal, G. Tönük, and A. Kurtuluş

Abstract  The design acceleration spectrum requires site investigations and site-
response analyses in accordance with the local seismic hazard. The variability in 
earthquake source and path effects may be considered using a large number of 
acceleration records compatible with the earthquake hazard. An important step is 
the selection and scaling of input acceleration records. Likewise, a large number of 
soil profiles need to be considered to account for the variability of site conditions. 
One option is to use Monte Carlo simulations with respect to layer thickness and 
shear wave velocity profiles to account for the variability of the site factors. The 
local seismic hazard analysis yields a uniform hazard acceleration spectrum on the 
bedrock outcrop. Site-specific response analyses also need to produce a uniform 
hazard acceleration spectrum on the ground surface. A simplified approach is pro-
posed to define acceleration design spectrum on the ground surface that may be 
considered a uniform hazard spectrum.
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3.1  �Introduction

The design acceleration spectrum on the ground surface would require detailed site 
characterization and site response analyses utilizing all available information and 
data concerning geotechnical and geological site conditions with respect to the find-
ings of local seismic hazard assessment. The earthquake excitations affecting struc-
tures may vary significantly due to the properties of soil and rock layers encountered 
in the soil profile. These differences may lead to variations in the amplitude, dura-
tion, and frequency content of the acceleration time histories. An important step in 
site specific response analysis is the selection and scaling of hazard compatible 
input acceleration records. Relatively large numbers of acceleration records com-
patible with the site-dependent earthquake hazard in terms of fault mechanism, 
magnitude and distance range recorded on stiff site conditions need to be used as 
input for site response analysis to account for the variability in earthquake source 
and path effects. Likewise, the observed variability of site conditions may be taken 
into account by conducting site response analyses for a large number of soil profiles 
to assess design acceleration spectra with respect to different performance levels. 
The goal of a site-specific hazard analysis is to develop a uniform hazard design 
acceleration spectrum on the ground surface.

The simpler option for defining, a site-specific design acceleration spectrum on 
the ground surface is to use contemporary ground motion prediction equations for-
mulated in terms of site and source parameters (Abrahamson et  al. 2014; Boore 
et  al. 2014; Campbell and Bozorgnia 2014). However, all of these formulations 
ignore all site-specific information and yield only a generic assessment of the earth-
quake characteristics on the ground surface (Bazzurro and Cornell 2004a, b). The 
second option is to use empirical formulations, such as amplification factors sug-
gested by Borcherdt (1994) based on equivalent average shear wave velocity, Vs30. 
It was observed, based on recorded ground motion data (Ansal et al. 2014, 2015) 
and based on parametric studies (Baturay and Stewart 2003; Haase et al. 2011), that 
use of average shear wave velocity (Vs30) would not yield realistic spectral accelera-
tions on the ground surface, specifically in the case of relatively soft or loose 
medium deep and deep soil deposits. In addition, these procedures are deterministic 
procedures that would lead to surface ground motion levels with unknown exceed-
ance rates that may be non-uniform, non-conservative, and inconsistent across fre-
quency (Bazzurro and Cornell 2004a, b).

The use of ground motion prediction equations and amplification functions to 
estimate site specific ground motion has been studied by many researchers. One of 
the main issues investigated was the effect of neglecting soil nonlinearity. It was 
observed by Tsai (2000) that the hazard curve may be severely distorted if the soil 
condition of a nonlinear site is treated inadequately, and calculated results would 
likely overestimate the seismic hazard in high frequencies. The ground-motion rela-
tion obtained empirically by regression analysis and linear amplification factors 
applied to bedrock motions are not sufficient to model the characteristics of a non-
linear soil response. In addition, Stewart and Seyhan (2013) summarized that the 
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Vs30 approach was based on the strong motion records obtained during the 1989 
Loma Prieta earthquake was based on limited data concerning relatively weak 
motion amplification with nonlinear effects from numerical simulations (Dobry 
et al. 2000). Thus, it may not be reliable to use VS30 for calculating site amplification 
for all site and earthquake levels (Huang et al. 2010).

As summarized by Cramer (2003, 2006), the state of practice in calculating a 
site-specific ground motion has been to calculate probabilistic bedrock ground 
motion and then multiply it by a deterministic site-amplification factor. Due to 
uncertainty in estimating site amplification, the state of the practice is to use the 
median site- amplification factor, and the resulting ground motion is a hybrid answer 
that is no longer truly probabilistic. To overcome this problem, one must calculate 
the effects of uncertainty on the estimate of a site-amplification factor and use the 
resulting site-amplification distribution in a probabilistic methodology as suggested 
by McGuire et  al. (2001) that site amplification distributions be used to modify 
bedrock ground-motion attenuation relations into site-specific relations prior to the 
calculation of seismic hazard.

In this respect, Lee and Anderson (2000) developed a methodology to calculate 
probabilistic bedrock ground motions and site amplifications separately and then 
probabilistically combine the results. While Toro and Silva (2001) have proposed an 
approach by constructing a site-specific ground-motion attenuation relation for each 
period of interest using a source-path-site random vibration theory (RVT) model 
that includes site amplification.

3.2  �Selection and Scaling of Input Acceleration Records

There are uncertainties concerning the selection of input time histories as well as the 
representative soil profiles in conducting site-specific response analysis. The selec-
tion and scaling of input acceleration time histories is the major controlling factor 
in site response analysis (Ansal et al. 2015; Tönük and Ansal 2010; Tönük et al. 
2013; Kottke and Rathje 2008; Haase et al. 2011). In this process, one of the pri-
mary concerns is to select acceleration time histories recorded under similar tec-
tonic conditions within the range of the expected magnitude (Mw) that may take 
place within the range of the estimated fault distance. The approach adopted in the 
proposed scheme is to utilize the findings from the deaggregation analysis to select 
the probable fault type, magnitude, and distance ranges in the selection of accelera-
tion time histories recorded on stiff soil conditions with an average shear wave 
velocity of Vs30 ≥ 760 m/s.

The adopted scaling procedure needs to have three goals: (a) to obtain the best 
fits by an optimization algorithm with respect to target uniform hazard acceleration 
spectrum determined based on local hazard assessment on the rock outcrop, (b) to 
control the fit of the scaled acceleration spectrum if it is matching the target accel-
eration spectrum within the considered period range, (c) to decrease the scatter in 
the acceleration spectra after scaling.

3  A Simplified Approach for Site-Specific Design Spectrum
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The uniform hazard acceleration spectrum on the rock outcrop is determined by 
a probabilistic assessment of all possible earthquake source zones in the investi-
gated area. Thus, it is based on a series of acceleration time histories. From this 
perspective, it may be considered as incorrect to select and scale a single recorded 
acceleration time history to match the uniform hazard acceleration spectrum which 
happens to be the result of series of acceleration time histories. However, engineer-
ing structures are designed based on this uniform hazard acceleration spectrum to 
be on the safe side for all possible earthquake occurrences with the exception of the 
near fault effects. Similarly, when the site response is calculated based on a series of 
acceleration time histories obtained under local hazard compatible conditions, the 
purpose is to account for possible acceleration time histories that may be generated 
by all possible faults in the region.

Bazzurro and Cornell (2004a, b) observed, based on a statistical study, that the 
additional knowledge of magnitude and fault distance (M and R), which implicitly 
define the average response spectrum shape, do not appreciably improve the estima-
tion of the site amplification function. However, the site amplification function can 
be considered, to a certain extent, as independent of input acceleration time histo-
ries. Therefore, the effect of M and R may be insignificant. If the intention is to 
determine the absolute values of the design acceleration spectrum on the ground 
surface rather than the amplification function, M and R values, as well as the fault 
type, have a significant effect on the calculated design acceleration spectrum on the 
ground surface (Durukal et al. 2006).

Bommer and Acevedo (2004) and Bommer et al. (2000) recommended using real 
acceleration records for engineering analyses. Kottke and Rathje (2008) and Rathje 
et  al. (2010) developed a procedure for the selection and scaling of the suitable 
acceleration records. The authors also investigated the effects of selection and scal-
ing of earthquake records for site response analyses (Ansal et al. 2015, 2012; Ansal 
and Tönük 2007; Tönük and Ansal 2010; Tönük et al. 2014) and observed that the 
scaling approach adopted may have a significant effect on the outcome of the site-
response analysis.

The most widespread option is to scale selected input acceleration records with 
respect to peak ground accelerations (PGA) estimated by the probabilistic earth-
quake hazard analysis. The alternative proposed in this study, termed spectrum scal-
ing, is based on scaling each selected acceleration record separately to obtain the 
best fit to the target uniform hazard acceleration spectrum by an optimization routine 
using peak acceleration as the scaling factor without modifying the frequency con-
tent. This approach allows the selection of records with smaller scaling factors as 
well as those with better fits that can be expressed numerically based on the sum of 
the squares of the differences between the spectral accelerations of the target uni-
form hazard spectrum and scaled acceleration spectrum. Thus, it would be possible 
to select a set of hazard-compatible input acceleration time histories that would fit a 
target uniform hazard spectrum on the rock outcrop with significantly limited 
scatter.

A parametric study is conducted for an actual case where the seismic hazard was 
observed to vary in the magnitude range of Mw = 6.5–7.5 and PGA range of 0.15–
0.25 g. The general comparison of the two approaches for the selected 22 input 
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acceleration time histories (Peer 2014) is shown in Fig. 3.1. The difference between 
PGA and spectrum scaling is not very significant. However, the scatter of the accel-
eration spectra for input acceleration records is reduced in the case of spectrum 
scaling and it is important to decrease the scatter in the input level since it will 
directly affect the scatter on the ground surface during the site-response analysis.

The average 1 standard deviation over the period range of 0-4 s for a 475-year 
return period, in the case PGA, scaling is 71%, while in the case of spectrum scaling, 
is 63% of the median. For a 2475-year return period, in the case PGA scaling, the 
average is 68%, while in the case of spectrum scaling, the average is 64% of the 
median, showing the decrease in the scatter in the case of spectrum scaling.

3.3  �Site Response Analysis for Site-Specific Design Spectrum

Considering the possible differences in soil profiles within relatively short distances 
and observations in previous earthquakes (Hartzell et al. 1997), an approach needs 
to be adopted based on a detailed site-response analysis for the assessment of site-
specific design earthquake acceleration spectra. It was also observed by Baturay and 
Stewart (2003) that ground response analysis is needed for spectral acceleration pre-
dictions for soft sites. However, not much difference was observed for stiff soil sites.

Detailed site investigations were conducted for a specific construction site in 
Turkey with relatively thick, medium stiff soil layers based on seven, existing soil 
borings. The variations of shear wave velocities with depth were determined from 
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SPT blow counts using the empirical relationship proposed by Iyisan (1996) and 
from shear wave velocity measurements by the in-hole PS logging method.

The slightly modified version of the site response analysis code, Shake91 (Idriss 
and Sun 1992), accounting for the frequency effect as suggested by Sugito et al. 
(1994), was used to evaluate the effects of local soil stratification and to calculate 
acceleration response spectra on the ground surface (Ansal et al. 2009, 2015). A 
site-response analysis was conducted for the case composed of 7, existing shear 
wave velocity profiles using 22 input acceleration time histories (Peer 2014) yield-
ing 154 site-response analyses for each return period of 475 and 2475  years to 
account for the variability in site conditions and input acceleration records.

One simplified approach to develop a uniform hazard spectrum on the ground 
surface is to perform a probabilistic assessment of the results from a site-response 
analysis conducted for available soil profiles using the selected set of input motions. 
The frequency distribution for the calculated PGA on the ground surface is assumed 
to be a normal distribution with a specific median and standard deviation based on 
154 calculated PGAs. At the second stage, PGAs corresponding to a 10% and 2% 
exceedance probability are determined corresponding to the same probability levels 
in the uniform hazard spectra. In the case of a 475-year return period, the difference 
between the PGA based on probabilistic interpretation (Fig. 3.2b) and by median+1 
standard deviation (Fig. 3.2a) is nearly the same. However, in the case of a 2475-
year return period, the difference between PGAs from probabilistic interpretation 
(Fig.  3.2d) and by median+1 standard deviation (Fig.  3.2c) is more significant. 
Therefore, in the case of a 475-year return period, it may be justified to adopt a 
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Fig. 3.2  Comparison of PGA calculated based on probabilistic evaluation with respect to exceed-
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median+1 standard deviation PGA, as the design PGA since the results are very 
similar to the probabilistic interpretation. However, in the case of a 2475-year return 
period, the difference between the PGA based on probabilistic interpretation and 
median+1 standard deviation is significantly different. Thus the design PGA may be 
adopted corresponding to 2% exceedance by probabilistic approach.

The acceleration spectra corresponding to 10% (RP  =  475  years) and 2% 
(RP = 2475 years) are calculated by again assuming a normal distribution for each 
period level based on 154 calculated acceleration response spectra as shown in 
Fig.  3.3. The spectral accelerations calculated for a 10% exceedance probability 
based on a probabilistic approach (Fig.  3.3a) are similar or slightly above those 
calculated based on median+1 standard deviation. However, in the case of 
RP = 2475 years, the a probabilistic spectrum corresponding to the 2% exceedance 
(Fig. 3.3b) is higher, and thus more conservative compared to spectrum calculated 
based on median+1 standard deviation. In the case of 475-year return period, it may 
be justified to adopt the median+1 standard deviation spectrum as the design spec-
trum since the results are very similar to the probabilistic approach. However, in the 
case of 2475-year return period, the difference between the probabilistic interpreta-
tion and the median+1 standard deviation spectrum is significant.

In the case of RP = 475 years, the average of the difference ratio (the ratio of the 
difference between spectral accelerations calculated based on a 10% exceedance 
probability and by median+1 standard deviation to median acceleration) within the 
period range of 0-4 s is calculated as 21%. While for RP = 2475 years, the average 
of this ratio is calculated as 58%, indicating the importance of the difference 
between the two approaches. Thus, it would be preferable to adopt the probabilistic 
acceleration spectrum corresponding to a 2% exceedance probability as the design 
spectrum.

For developing a uniform hazard acceleration spectrum on the ground surface, 
two issues need to be taken into consideration. The first issue is the probability of 
the uniform hazard acceleration spectrum on the engineering bedrock outcrop. The 
second issue is the probability of the uniform hazard acceleration spectrum on the 
ground surface. In a more comprehensive probabilistic assessment, the contribution 
of all probability levels was taken into account based on the concept of total 
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probability originally suggested by Jalayer and Cornell (2003). Ansal et al. (2011) 
adopted the approach suggested by Jalayer and Cornell (2003) and conducted a total 
probability analysis as shown in Fig. 3.4. The uniform hazard spectrum for 
RP = 2475 years and 475 years, calculated based on the total probability analysis, 
yielded very similar acceleration spectra to the proposed simplified approach, where 
the design acceleration spectrum is assumed to correspond to the median+1 stan-
dard deviation for both RP = 475 and 2475 year. Average difference ratios are cal-
culated as the ratio of the absolute difference between the spectral accelerations 
calculated by the total probability approach and based on median+1 standard devia-
tion to the median spectral acceleration for the period range of 0-4  s. For both 
RP = 475 and 2475 years hazard levels, there appears to be considerable differences 
in the spectral acceleration in the mid period range of 0.5-2.5 s. In the case of accel-
eration spectrum based on probabilistic interpretation, the average difference ratio 
for RP = 475 years decreases to 120% from 152% and for RP = 2475 years, decreases 
to 80% from 141%. These results indicate that the acceleration spectra obtained by 
probabilistic interpretation for RP = 475 and 2475 years are closer to the accelera-
tion spectra obtained by total probability theory and, thus, may be used to determine 
the design acceleration spectrum.

The second issue controlling the outcome of site response analyses is the vari-
ability of site conditions with respect to shear wave velocity and thickness assigned 
to each soil layer and, thus, the depth of engineering bedrock. The Monte Carlo 
simulation scheme has been adopted to study the effect of variability of the assigned 
shear wave velocities for each soil layer in a case study again composed of 7 soil 
borings. Slightly different to what was reported by Rathje et al. (2010), the effect of 
variability is studied by generating Monte Carlo simulations (MCS) for the 7 soil 
profiles, assuming the assigned shear wave velocities are average values and the 
range of possible variation is ±40% of this value. 1000 soil profiles were generated 
for each 7 soil borings.

A total of 154,000 site response analyses for 1000 Monte Carlo simulations for 
the 7 borings and for 22 acceleration records were conducted, and as an example, 
the distribution of PGA is plotted for 475- and 2475-year return periods. The main 
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purpose is to compare the calculated PGA by probabilistic interpretation fitting the 
distribution with a normal distribution function and calculating the corresponding to 
10% and 2% exceedance levels (Fig. 3.5b, d). and by the sum of median+1 standard 
deviation (Fig. 3.5b, d). The two PGAs calculated based on both approaches for 
RP = 475 years are very similar, justifying the use of both values for design spectra. 
However, in the case of RP = 2475 years, the difference between the probabilistic 
interpretation (PGA = 0.756 g) and median+1 standard deviation (PGA = 0.686 g) 
is significant. Therefore, to be on the conservative side, it may be preferable to adopt 
the PGA corresponding to 2% exceedance (PGA = 0.756 g) as the design PGA 
acceleration for RP = 2475 years.

The hazard acceleration spectrum for RP = 475 years calculated based on proba-
bilistic interpretation for a 10% exceedance level and median+1 standard deviation 
spectral accelerations is shown in Fig. 3.6a. For these cases, the difference ratio is 
defined as the ratio of the absolute difference of the spectral accelerations calculated 
based on the probabilistic interpretation and as median+1 standard deviation to the 
median spectral accelerations. The average of these difference ratios for the period 
range of 0-4 s is 5% for RP = 475 years; while for RP = 2475 years, it is 19%.

The differences between the acceleration spectra obtained with and without 
Monte Carlo simulations can also be compared with respect to the average differ-
ence ratio calculated for the period range of 0-4 s as given in Figs. 3.6b, d. This time, 
the difference ratio is defined as the ratio of the absolute difference between the 
average spectral accelerations calculated with and without Monte Carlo simulations 
to the median spectral accelerations calculated for the Monte Carlo simulations. The 
average of these difference ratios for the period range of 0-4  s is 37% for 
RP = 475 years; while for RP = 2475 years, it is 124%.

In the case of RP = 2475 year, the difference between the spectra obtained by 
median+1 standard deviation and based on the probabilistic interpretation are sig-
nificantly different, as also observed in Fig. 3.5. The differences between the accel-
eration spectra obtained with and without Monte Carlo simulations is negligible for 
RP = 475 years, as shown in Fig. 3.6d. The spectrum calculated based on actual soil 
profiles yielded more conservative results, thus the initial proposal to adopt median+1 
standard deviation appears applicable in defining approximately the uniform hazard 
acceleration design spectra on the ground surface for both RP = 475 and 2475 years.

At the second stage, the Monte Carlo simulation model has been adopted to 
study the effect of the variability of the soil stratification with respect to layer thick-
ness that also controls the depth of engineering bedrock for each soil layer in the 
case study composed of seven soil borings.

In this second case, a total of 15,400 site response analyses for 100 Monte Carlo 
simulations for the 7 borings and for 22 acceleration records were conducted and 
acceleration spectrum corresponding to median+1 standard deviation and a 10% 
exceedance probability (475-year return period) acceleration spectra were calcu-
lated, as shown in Fig. 3.7a. The difference between the two acceleration spectra is 
negligible. In the comparison of the acceleration spectra obtained with and without 
Monte Carlo simulations, the difference is again negligible and the small difference 
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Fig. 3.5  Comparison of PGA calculated based probabilistic evaluation with respect to exceedance 
levels of 10% and 2% and as the sum of median+1 standard deviation
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is only visible for the period range of less than 1 s (Fig. 3.7b). Thus, the initial pro-
posal to adopt median+1 standard deviation appears to be applicable in defining the 
uniform hazard acceleration design spectra on the ground surface also for the case 
of the possible variability that may exist with respect to soil stratification.

In the case of RP = 2475 years or a 2% exceedance probability, as observed in 
Fig. 3.7c, the difference between the spectra corresponding to the 2% exceedance 
and median+1 standard deviation is significant. As also observed in Fig. 3.6, the 
spectra calculated for the 2% exceedance for all periods have higher spectral accel-
erations in comparison to those calculated as median+1 standard deviation. One 
possible reason for such an outcome is the higher acceleration levels of the input 
acceleration time histories leading to larger scatter in the statistical distribution of 
the calculated acceleration spectrum for the 2475-year return period.

The site response analyses conducted on the existing 7 soil profiles without MCS 
yielded similar, and slightly higher, spectral accelerations. At this stage, it is possi-
ble to assume that site response analyses conducted only on the existing limited 
amount of soil profiles may be assumed to be sufficient to yield the uniform accel-
eration hazard spectra on the ground surface for RP = 2475 and 475 years.

It is interesting to observe that for the case of RP = 475 years, the variability 
introduced by Monte Carlo simulations for each the existing soil profile determined 
based on borings and in-situ shear wave velocity measurements did not lead to sig-
nificant variations. Thus, for the case of RP = 475-year return period, it would be 
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reasonable to assume that both procedures presented to obtain the uniform hazard 
acceleration design spectrum are realistic and acceptable.

In the case of RP = 2475 years, the results, as shown in Fig. 3.5c, d, indicate 
larger scatter. However, the variability introduced by the Monte Carlo simulations 
with respect to shear wave velocities, as well as with respect to layer thickness, was 
not very significant and generally above the median+1 standard deviation spectrum 
calculated based only on the existing limited number of real soil profiles. Therefore, 
it appears justified to adopt the median+1 standard deviation spectrum as the uni-
form hazard acceleration design spectrum for RP = 2475 years.

If the simpler approach is adopted by using Vs30 to estimate the design spectra on 
the ground surface based on the NEHRP procedure, the calculated acceleration 
spectra are much lower in comparison to those calculated by site response analyses 
as shown in Fig. 3.8. In the selection of the design acceleration spectrum for the 
2475-year return period, median+1 standard deviation spectrum was adopted, since 
probabilistic interpretation yielded relatively high spectral accelerations. Such large 
differences with respect to NEHRP methodology is likely due to the thickness of the 
soil deposits that were approximately between 60 and 110 m for the selected 7 soil 
profiles, indicating the limitations of the NEHRP methodology that may not always 
yield reliable results.

3.4  �Conclusions

A simplified procedure is developed to determine acceleration design spectra on the 
ground surface for two, mostly adopted return periods. The procedure is not a fully 
probabilistic procedure that would yield uniform hazard acceleration spectra on the 
ground surface. The case study composed of 7 soil profiles was utilized in a paramet-
ric study to demonstrate the applicability of the proposed approach. The proposed 
approach is based on performing multiple numbers of site response analysis using 
the selected and properly scaled hazard compatible acceleration records. The design 
acceleration spectra calculated based on these limited number of soil profiles are 
compared with the site response results obtained from a large number of soil profiles 
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obtained by Monte Carlo simulations with respect to shear wave velocity and layer 
thickness in the soil profiles. The results calculated for a 475-year return period are 
not affected by the introduced variability with respect to layer thickness and shear 
wave velocity. Thus, it appears possible to define a semiempirical, uniform design 
hazard acceleration spectrum for RP = 475 years based on a sufficient number of soil 
profiles using a sufficient number of hazard compatible acceleration time histories 
based on a simple probabilistic interpretation. In the case of a 2475-year return 
period, the results from a large number of site response analyses indicate scatter. 
However, the results based on a limited number of soil profiles using a number of 
acceleration records yielded design acceleration spectra slightly higher than the 
probable design spectrum calculated based on a large number of site response analy-
ses conducted on a large number of simulated soil profiles generated by Monte Carlo 
simulations. However, the uniform hazard design acceleration spectrum may be cal-
culated based on simplified probabilistic interpretation to be on the conservative side.
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Chapter 4
Inherent Damping in Nonlinear Time-History 
Analyses: A Recommended Modelling 
Approach

Athol J. Carr and Arun M. Puthanpurayil

Abstract  In a nonlinear dynamic analysis, the most popular way of representing 
the inherent damping exhibited by the structure is by adopting the classical Rayleigh 
damping model. Although a large number of studies have identified issues with this 
model, it remains the most popular choice in the currently available non-linear time-
history analysis software. A new paradigm for modelling damping was proposed by 
the authors in Puthanpurayil AM, Lavan O, Carr AJ, Dhakal RP (Bull Earthq Eng 
14:2405–2434, 2016) and is summarised in this chapter. This new model provides 
for the damping effects at an elemental level. The chapter outlines the performance 
of the elemental damping models in comparison to the classical global damping 
models by conducting Incremental Dynamic Analyses (IDA) on a four-storey RC 
frame designed to Eurocodes. The IDA study presented in the chapter illustrates the 
fact that the elemental damping models give a more reliable estimate for the struc-
tural responses in comparison to all other models.
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4.1  �Introduction

The damping models used in the non-linear time-history analyses are trying to 
mimic the observed decay phenomenon that is usually referred to as the damping in 
the structure. In an inelastic dynamic analysis, the majority of the energy dissipation 
in the system is reflected in the member hysteresis. However, the analysis still needs 
to reflect the dissipation in the components of the structure in which energy dissipa-
tion or non-linearity is not modelled, e.g., cracking of infill walls, gravity columns, 
movement of partitions, etc. The overall mechanisms that contribute to this un-
modelled dissipation are complex and need to be explicitly defined by an appropri-
ate damping matrix. All the currently employed damping models are an 
approximation to the decay phenomenon until the physical mechanism that causes 
the decay of the structural vibration is described.

The damping models currently used assume that the damping is viscous. Rayleigh 
(1877) believed that the decay phenomenon was due to friction effects, Love (1906) 
thought that it was caused by structural non-linearity, i.e., hysteresis. Rayleigh 
stated that he used a viscous damping model solely for mathematical convenience. 
Engineers have, since then, continued to use the viscous damping model without 
considering the implications.

Experimental evidence indicates that the decay is not viscous. The levels of vis-
cous damping observed appear to be amplitude dependant as the decay is not 
bounded by a simple exponential envelope, i.e., the damping ratios are not constant 
with time. If the damping is not viscous, then we never have a linearly elastic struc-
ture, and modelling should reflect this.

The present chapter consolidates the elemental damping models proposed by the 
authors and presents an investigation to identify the most appropriate damping 
model for nonlinear dynamic analysis. An indication of the most suitable damping 
model for nonlinear dynamic analysis according to the authors is also presented.

4.2  �Rayleigh Damping – Is It Appropriate for a Nonlinear 
Dynamic Analysis?

At present, the most popular model used to represent the damping phenomenon in a 
non-linear time-history analysis is the Rayleigh damping model. This has been tra-
ditionally used as:

	1.	 the model is highly computationally efficient since it uses the already computed 
mass and stiffness matrices;

	2.	 it is easy to fit into the computationally efficient modal analysis framework.

While the above points are no longer important due to the advances in the currently 
available computational resources, the Rayleigh damping model continues to be 
used.
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The adoption of the Rayleigh damping model has no physical or mathematical 
justification. The Rayleigh damping model exhibits very high damping associated 
with the near rigid-body modes and exhibits linearly increasing damping as the 
modal frequency increases. Neither effect matches observed structural damping 
characteristics.

Crisp (1980) describes the unrealistic increases in the relative contribution of the 
damping actions based on a large number of analyses of multi-storey frame struc-
tures. Figure 4.1, adopted from Carr et al. (2017), illustrates the appearance of un-
realistic damping actions in the nonlinear dynamic analysis of a four-storey frame. 
The yielding moment of the girder meeting the joint is 100kN-m, only slightly 
larger than the maximum damping moment at the joint. Studies have shown that 
these damping moments affect the observed adjacent member moments and the 
overall structural displacement response.

Significant research has been undertaken to investigate the issues of using the 
Rayleigh damping model in nonlinear dynamic analyses. These works have been 
described in Crisp (1980), Shing and Mahin (1987), Leger and Dassault (1992), 
Bernal (1994), Hall (2006), Charney (2008), Zarein and Medina (2010), Jehel et al. 
(2014), Chopra and McKenna (2016), Puthanpurayil et al. (2016) and Carr et al. 
(2017). The majority of these works identify the presence of unrealistic damping 
actions (forces and moments) as one of the main impediments in the adaptation of 
the Rayleigh damping model into the nonlinear domain. Suggestions of different 
ways to remedy the unrealistic damping actions by modification of the basic model 
have been proposed. Except for Crisp (1980), Chopra and McKenna (2016), 
Puthanpurayil et  al. (2016) and Carr et  al. (2017), the authors suggest different 
adaptive modifications of the basic Rayleigh damping model to correct the unreal-
istic damping actions. The authors understand that few of these adaptive modifica-
tions have been adopted in commercial software.

Sharpe (1974) and Carr (1982) both used the tangent stiffness matrix to over-
come the unrealistic damping actions associated with large, inelastic deformations 
when using the Rayleigh damping model. This model maintains damping propor-
tionality in the inelastic structure. The Rayleigh parameters need adjustment as the 
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Fig. 4.1  Damping moment plot for the four-storey frame for the first storey middle node (Adopted 
from Carr et al. 2017)
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natural frequencies in the structure change to maintain a damping level similar to 
that associated with the initial, linear elastic structure.

The Wilson and Penzien (1972) formulation model has the requirement of com-
puting all of the modes of free vibration and results in a fully-populated damping 
matrix. This method has been used in commercially available software since 1980 
and results were first presented by Crisp (1980) and Carr (1982, 2016). The model 
has computational penalties. However, these penalties are not significant reasons 
not to use this model for non-linear time-history analyses. PERFORM-3D (CSI 
2011) and Chopra and McKenna (2016) introduced a reduced Wilson-Penzien 
damping formulation which only includes a lesser number of modes in comparison 
to the complete number of modes of the classical Wilson-Penzien modal damping 
formulation. The number of modes required in a relatively complex structure to 
represent the unmodelled dissipation is a question which needs further research.

4.3  �A Different Approach to Modelling Inherent Damping

The classical approach to modelling damping was to define the damping matrix at 
the system level. The most popular approach is to use the Rayleigh viscous damp-
ing, where the damping force is proportional to the instantaneous velocity. As per 
Rayleigh damping, the damping matrix is as follows Chopra (1995, 2012),

	 C M K= +α β 	 (4.1)

where M  is the mass matrix, K is the stiffness matrices and α , β are the damping 
coefficients based on a preconceived damping ratio. Though the model is an approx-
imation, it performs relatively well in linear elastic dynamic analyses (in earthquake 
engineering, the higher modes of the structure are not significantly excited and rigid 
body modes are precluded).

As already stated, in his book, Rayleigh (1877) identifies the real cause of dis-
sipation as friction and modelling the damping phenomenon as viscous is a pure 
mathematical convenience. Further, based on Lord Kelvin’s experiments on tor-
sional oscillation of wires, he observed that the damping might be hysteretic in 
nature as it might depend on the previous state of the body (Love 1906). Similar 
observations were made by Adhikari (2000).

From these observations, the damping phenomenon, in reality, is spatio-
temporally nonlocal in nature and trying to predict the response only using the 
instantaneous velocities as the relevant state variables is not a true reflection of 
reality. The function of the causal mathematical model representing damping is to 
indirectly reflect the dissipation phenomenon. If the observations made by Lord 
Kelvin and Adhikari are taken into account, the use of Rayleigh damping, even in 
linear dynamics, becomes debatable as the mathematical function is not mimicking 
the reality. As the effect of damping is less in linear elastic dynamics, its use in this 
situation may be justified (Wilson and Clough 1962).
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Puthanpurayil et al. (2016) proposed a new, innovative way of formulating dis-
sipation phenomenon by defining the damping model at an element level and 
assembling the elemental damping in a manner similar to assembling the stiffness 
or mass matrices to obtain the global damping matrix. The damping matrix formu-
lated at element level is devoid of the inherent issues present in the current damping 
modelling approaches.

4.3.1  �Why Elemental Level Modelling of Damping?

From a realistic physical point of view, the unmodelled dissipation phenomenon 
emanates from the elements within the structure. All the gravity and nonstructural 
components contributing to this phenomenon are either attached directly or indi-
rectly to the elements contributing to the hysteretic response. Damping occurs when 
these attached primary members deform thereby causing cracks, friction and failure 
in the nonstructural components along with the damping of the elastic portion of the 
inelastic members. It is imperative, and physically justified, that an ideal damping 
model should be defined at the element level. Different portions of a structure may 
indicate different amounts of damping. This cannot be replicated in a global damp-
ing model.

4.4  �Overview of the Elemental Damping Models

This section briefly describes the elemental damping models presented in this chap-
ter. The elemental damping models are broadly classified based on the way the 
damping matrix is formed as follows:

•	 Discrete elemental damping models
•	 Continuum elemental damping models

In the discrete elemental damping models, the damping matrix is introduced at the 
element level after a semidiscretisation procedure is undertaken. In the continuum 
models, the damping is introduced at the continuum level and on semidiscretisation, 
produces the elemental damping matrix. The elemental damping matrix thus 
obtained is then assembled similarly to mass and stiffness matrices. These models 
can be further classified based on the way the coefficients are computed and the 
mass formulation. In this approach, the element mass matrix may be either the ele-
ment consistent mass matrix or a diagonalized version of it. The member deforma-
tion modes are required in order to compute the element damping matrices (e.g., 
beams require the flexural modes and frequencies).
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4.4.1  �Discrete Elemental Damping Models (Puthanpurayil 
et al. 2016)

Two elemental models which are the elemental counterparts of the global models 
are described in this section. These are the:

	1.	 Elemental Rayleigh damping (elemental adaptation of the classical Rayleigh 
damping)

	2.	 Elemental Wilson-Penzien model (elemental adaptation of the classical Wilson-
Penzien model).

A very brief theoretical overview of the elemental models is given. Additional infor-
mation regarding the implementation of these models may be found in Puthanpurayil 
et al. (2016).

•	 Elemental Rayleigh damping model

The main motivation behind the formulation of the elemental Rayleigh damping 
model is from the simplicity and familiarity of the Rayleigh damping model nor-
mally applied at system global level in classical structural dynamics (Puthanpurayil 
et al. 2016). The elemental Rayleigh damping is a direct adaptation of the Global 
Rayleigh damping at the element level. The form of the element damping matrix is 
given as (Puthanpurayil et al. 2016),

	 C M Ke eRD e eRD e= +α β 	 (4.2)

where αeRD and βeRD are the elemental damping coefficients. The main difference 
between the elemental Rayleigh damping and the classical Rayleigh damping 
(which is predominantly implemented at a global level) exists in the computation of 
these damping coefficients. In the elemental Rayleigh damping, the coefficients are 
computed as,
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	 (4.3)

where ωe
i  and ωe

j  are the ith and the jth elemental frequencies.ξeR1  and ξeR2  are 
elemental damping ratios which need to be parameterised as outlined in Puthanpurayil 
et al. (2016).

•	 Elemental Wilson-Penzien model

For easier reference, a very brief overview of the mathematical background of the 
elemental Wilson-Penzien model, as adapted from Puthanpurayil et  al. (2016) is 
presented. Let Φe  represent the full Ne  ×  Ne elemental modal matrix and ωe

2  
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represent the Ne × Ne diagonal frequency matrix. By classical modal analysis, the 
elemental displacements de(t) can be expressed as,

	
d qe e et t( ) = ( )Φ

	 (4.4)

where qe(t) is the generalized coordinate. In the derivation of the global Wilson-
Penzien model, the damping matrix assumes the same orthogonality property as the 
mass and stiffness matrices (Wilson and Penzien 1972). At the elemental level, the 
same assumption is valid by pre-multiplying the equation of motion by Φe

T  and 
using Eq. (4.4),

	
M q C q K q Fdi e di e di e et t t t

¨

( ) + ( ) + ( ) = ( )

	 (4.5)

where, Mdi, Cdi and Kdi represent the diagonalized mass, damping and stiffness 
matrices. The respective individual terms in these matrices are given as follows,
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An elemental level constant denoted as ξeWP
i  corresponding to the ith elemental 

mode is introduced, and the elemental modal damping coefficient, Cdi
i  can be then 

written as,

	 C Mdi
i

di
i

eWP
i

e
i= 2 ξ ω 	 (4.7)

From Eq. (4.6) we get,

	
C Ce e

T

di e= ( ) ( )− −Φ Φ1 1

	 (4.8)

and from Eq. (4.6),

	
Φ Φe

T

e e di
− −( ) =1 1M M

	 (4.9)

	
Φ Φe di e

T
e

− −( ) =1 1M M
	 (4.10)

Substituting Eq. (4.7), (4.9) and (4.10) in Eq. (4.8), we get,

	 Ce e e e
T=ΘΨ Θ 	 (4.11)
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where Θe  is the mass normalized elemental mode shape matrix. Ψ e  is a diagonal 
matrix with diagonal elements given by,

	
ψ

ξ ω
e
i eWP

i
e
i

di
iM

=
2

	 (4.12)

In the present study, for application convenience, ξeWP  (the elemental Wilson-
Penzien damping ratio) is assumed to be constant for all elements and assumed to 
be same as the global damping ratio (the damping ratio used for the global Wilson-
Penzien model). For further details on this refer Puthanpurayil et al. (2016).

4.4.2  �Continuum Damping Models

In the continuum damping models, the damping term is introduced at the continuum 
level. Two damping forces are introduced to represent the internal damping action 
and the external damping action (mainly attributed to air resistance in a physical 
sense). The external term can be very important if the structure is immersed in a 
fluid where there will be drag forces applied on the structure. The Euler Bernoulli 
beam continuum, enhanced with the damping term, is given as,
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where, Fint(x, t) is the internal damping force caused by internal resistance and Fext(x, 
t) is the external damping force. x refers to the spatial ordinate and t refers to the 
time ordinate. To simplify the presentation, the initial conditions are assumed to be 
zero and the boundary conditions are not explicitly listed as the semidiscretization 
is applicable to a variety of boundary conditions.ρ , A(x) , E   &   I(x) refer to material 
density, geometric area, modulus of elasticity and second moment of area of the 
beam continuum. f(x, t) is the externally applied load; w(x, t) is the transverse 
displacement.

The external damping force is assumed as,

	
F x t

w x t

text air,
,

( ) =
∂ ( )

∂
γ

	 (4.14)

γ air  is the external air damping coefficient.
Kelvin-Voigt, time hysteresis damping, Russell’s damping and extended 

Sorrentino models are differentiated by the way Fint(x, t) is defined. These are 
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discussed in Sects. 4.4.2.1 and 4.4.2.2. Banks and Inman (1991) and Friswell et al. 
(2007) provide more details regarding these models.

4.4.2.1  �Spatially Local Continuum Damping Models

In the local continuum model, the damping force at a point is the function of the 
response at the same point.

•	 Kelvin-Voigt damping

In Kelvin-Voigt damping the F x tint ,( )  is given as,
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where cs refers to the damping coefficient which converts strain rate into stress. The 
elemental Kelvin-Voigt damping matrix is obtained by semidiscretization of Eq. 
(4.13) incorporating Eqs. (4.14) and (4.15). The authors note that, on semidiscreti-
zation, the damping matrix obtained is proportional to the element stiffness matrix. 
This model could be viewed as a continuum version of the classical global Rayleigh 
damping model.

•	 Time hysteresis damping

The time hysteresis damping force is given as,
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g(t − τ) is the causal damping kernel function which is adopted as,

	
g t e t( ) = −µ µ

	 (4.17)

where, μ is a relaxation parameter. Adhikari (2000) provides more details regarding 
this model.

Incorporation of Eq. (4.16) in the equation of motion results in an integro-
differential equation and cannot be solved using the classical methods of time inte-
gration. Efficient techniques exist for linear dynamics, but very few methods can be 
used to solve the equation of motion in nonlinear dynamics. One of the methods that 
is capable of solving this is the AAR method developed by the authors (Puthanpurayil 
et  al. 2014). The AAR method is a method based on modified total equilibrium 
Newmark framework which solves the integro-differential equation of motion very 
efficiently in nonlinear dynamics.
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4.4.2.2  �Nonlocal Continuum Damping Models

A spatially nonlocal model and a spatio-temporally nonlocal model are described in 
this section. Spatially nonlocal damping models are models in which the damping 
force at a point is a function of the responses at all points in the domain. In the 
spatio-temporally nonlocal damping models, the damping force at a point is a func-
tion of responses at all points in the spatial domain along with response history. The 
damping model described by Russell (1991) falls under the category of spatially 
nonlocal model and the extended Sorrentio (Friswell et al. (2007)) model falls under 
the category of spatio-temporally nonlocal model.

•	 Russell’s damping model

Russell (1991) pioneered the development of nonlocal damping models by the 
development of a spatial hysteresis model. In the spatial hysteresis model, the inter-
nal damping term is described as a torque acting on a beam at a point x due to the 
differential rotation of the beam at points ξ near x.
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In effect, the Russell’s model is a spatially nonlocal, but a temporally local, model. 
Therefore, it can be considered as a viscous model with spatially nonlocal terms. 
For more details on this see Banks and Inman (1991).

•	 Extended Sorrentino damping model (ESM)

ESM is a very generic model as it is a spatio-temporally nonlocal model. In the case 
of ESM,
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C x tint , ,ξ τ−( )  is a spatio-temporal kernel function. Refer to Friswell et al. (2007) 
for additional details.

For all of these elemental damping models, the function parameters to match the 
observed decay phenomenon of the structure in free-vibration must be selected by 
the analyst or in subsequent research. This is no different to analysts trying to match 
the two parameters of the Rayleigh damping to approximate the right amount of 
damping observed in the real structure. The ability to choose different causal damp-
ing kernel functions has the advantage that these models would be able to model 
hysteretic or friction damping without introducing the difficulties with the conven-
tional attempts to model these types of damping.
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4.5  �Numerical Study

This section investigates the performance of the elemental damping models in com-
parison to the global, classical damping models. First, a single ground motion study 
is presented, and then, an incremental dynamic analysis study is presented.

4.5.1  �Single Ground Motion Study

This section presents the single ground motion study performed using the four-sto-
rey frame described in Puthanpurayil et al. (2016). The main aim of this section is 
to highlight the issues associated with the inherent damping modelling in a bit more 
detail. Figure 4.2 illustrates the roof displacement and Fig. 4.3 illustrates the damp-
ing moments.

It can be clearly seen from these plots that there is an effect of the damping 
moments on the overall response. The global Rayleigh model with initial stiffness 
exhibits the highest damping moments. Damping moments are spurious forces 
exhibited by the damping models at the onset of nonlinearity (Puthanpurayil et al. 
2016). Though a preliminary indication of the performance of different damping 
models are illustrated in this section, in order to get a better understanding of the 
models, an IDA study is presented in the next section.

4.5.2  �Incremental Dynamic Analysis Study

This section consolidates the IDA results from Puthanpurayil et al. (2016) and Carr 
et al. (2017) along with responses of the continuum damping models. The frame 
description is given in Puthanpurayil et al. (2016), but is presented here briefly again 

Fig. 4.2  Roof displacement of the four-storey frame
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for completeness. A four-storey RC frame described in Arede (1997), designed in 
accordance with Eurocode 8 (EC8) and Eurocode 2(EC2), is used for the study. The 
frame is designed for ductility class high, assuming a PGA of 0.3 g. Appendix A 
presents the geometric and material properties of the frame.

All existing elemental and global damping models are compared in this section. 
The following abbreviations are used to identify different damping models included 
in the plots hereafter:

•	 Initial stiffness based global Rayleigh damping (ISRD)
•	 Tangent stiffness based global Rayleigh damping with constant coefficients 

(TSRD),
•	 Global Wilson-Penzien (GWP)
•	 Elemental Rayleigh damping with updated proportionality coefficients (ELRD)
•	 Elemental Wilson-Penzien model implemented as a constant damping matrix 

(EWP)
•	 Elemental Wilson-Penzien model implemented as a tangent matrix (UEWP)
•	 Elemental Kelvin Voigt (ELKV)
•	 Elemental Time hysteresis (ELTH)
•	 Elemental Russell model (ELR)
•	 Elemental extended Sorrentino model (EESM).

In all the plots, the global models are presented with continuous lines and elemental 
models are presented with dashed lines.

Fig. 4.3  Damping moment plot for first-storey node
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4.5.3  �Elemental Damping vs. Global Damping

As stated above, the elemental damping matrix computation can be done using 
either the consistent mass or using the diagonal mass. As similar results are obtained 
either in the consistent mass or diagonal mass formulation, only the consistent mass 
formulation results are presented in this section. No additional penalty in the form 
of higher computational demand occurs, even if the consistent mass formulation is 
used, as only small matrices are used for the elemental damping matrix computa-
tion. In real structures, every degree of freedom is associated with mass. Hence, the 
authors believe that the consistent mass formulation is more robust in terms of its 
mathematical closeness to the physical reality. For more details on the effects of the 
mass formulation, refer to Puthanpurayil et al. (2016).

The mass matrix used for the damping matrix computation adopts the classical, 
consistent mass formulation for the Euler Bernoulli beams. As the purpose of the 
IDA study was to illustrate qualitatively the effect of the damping models on the 
performance assessment of the structure, a set of seven, artificial, far-field ground 
motions scaled to five intensity measures (represented by the peak ground accelera-
tion PGA) were used. The intensity measures to which the ground motions were 
scaled are 0.3 g, 0.4 g, 0.5 g, 0.6 g and 0.7 g. The global models also adopt the 
consistent mass formulation for the damping matrix computation instead of the nor-
mal lumped mass formulation for consistency.

Figure 4.4 illustrates the mean IDA curves for location-independent peak inter-
storey drift ratio as the engineering demand parameter (EDP). All the elemental 
damping models give higher drifts when compared to those of the global damping 
models. Figure 4.5 illustrates the peak damping moments for all the models. The 
ISRD model gives the highest damping moment, which is a higher moment than the 
yield moment of the frame. All the elemental damping models produce relatively 
small damping moments.

Although it is very difficult to get a direct correlation between the damping 
moments and their effect on the structural peak responses, it is shown that the lesser 
the damping moment, the larger the structural response. Damping is an observed 
phenomenon and unless physical science comes up with an exact model for the real 
physics of damping, all the models are mathematical approximations. From a struc-
tural perspective, a conservative approximation (from a safety point of view) would 
be better than an unconservative approximation. The elemental models tend to pre-
dict more conservative responses, and, as a result, the authors believe that they pro-
duce more realistic responses with less untoward side effects.
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4.5.4  �Which Might be a Better Model?

The authors believe that updated elemental Wilson-Penzien model indicates a more 
realistic option than the current, commonly adopted Rayleigh models. The updated 
elemental Wilson-Penzien model exhibits low damping actions and shows responses 
that are very similar to those of the more complicated continuum damping models. 
Figure 4.2 clearly illustrates that the updated Wilson-Penzien damping model shows 
results similar to the elemental time- hysteresis model. The elemental Rayleigh 
damping may also be a modelling option; however, explicit parametrisation is 
required at every element level, increasing the challenges in using it.
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4.6  �Conclusions

A summary of the performance of the elemental damping models in comparison to 
global damping models is presented. The IDA results presented show that the ele-
mental damping models perform much better than the global damping models. The 
elemental damping models may have significant computational advantages in that 
the structure damping matrix itself may be dispensed with, and the damping actions 
can be directly computed at the element level. Based on the results presented, a 
preferred elemental damping model for generic use in nonlinear time-history analy-
sis is reccomended. More research needs to be done to confirm this initial insight of 
the preferred model.

Acknowledgements  The authors gratefully acknowledge the funding provided by Earthquake 
Commission (EQC) in the form of a postgraduate research scholarship. The authors also acknowl-
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�Details of the Four-Storey Frame

 

�Material Property

Dynamic Young’s modulus = 3.5 1010× N
m2
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�Geometric Properties

Member number Width (mm) Depth (mm)

1,6,11,16,17,12,7,2,3,8,13,18 450 450
4,5,9,10,14,15,19,20 300 450

�Nodal Mass

Floor level Mass per node (kg)

1st floor 29,800
2nd -4th 
floor

29,500
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Chapter 5
Challenges in Modelling the Seismic Response 
of RC Walls

T. Isakovic and M. Fischinger

Abstract  Recent earthquakes have clearly demonstrated that many key mecha-
nisms of the seismic response of RC structural walls are still not adequately under-
stood. To improve the knowledge about RC walls, adequate numerical models are 
needed. A robust macro MVLEM-FD-SFI element has been developed at the 
University of Ljubljana. It can be efficiently used to model very complex axial-
flexural-shear interactions which are typical of the seismic response of many RC 
walls. The element was evaluated by several experiments that were selected for case 
studies within the International Wall Institute. The element MVLEM-FD-SFI can 
capture different aspects of the global response very well, e.g., it can describe the 
buckling of the longitudinal bars as well as the significant degradation of different 
shear mechanisms.

Keywords  RC shear walls • Seismic response • Axial-shear-flexural interaction • 
Macro models • Experiments

5.1  �Introduction

The majority of modern standards for the seismic design of structures include 
requirements that are aimed to protect structures against brittle types of damage and 
failure. However, in many cases, a large scatter of the results can be obtained com-
plying with the requirements of these standards. This is particularly true for those 
fundamental steps in the design which are related to the shear response and buckling 
of the longitudinal reinforcement.

The engineering and research community has recognized a substantial lack of 
knowledge relating to the estimation of the shear response, even in the case of 
monotonic types of loading. For example, in Bentz et al. (2006) it is stated, “[e]ven 
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though the behaviour of reinforced concrete in shear has been studied for more than 
100 years, the problem of determining the shear strength of reinforced concrete 
beams remains open to discussion. Thus, the shear strengths predicted by different 
current design codes (ACI 2005, AASHTO 2004, CEN 2004, CSA 2004, JSCE 
1986) for a particular beam section can vary by factors of more than 2. In contrast, 
the flexural strengths predicted by these same codes are unlikely to vary by more 
than 10%.” In some cases, the differences can be even more drastic. For example, 
within the competition (Vecchio and Collins 1986), which included 43 leading 
researchers from 13 different countries, the ratio of the maximum to minimum pre-
dicted value of the shear strength for one of the specimens was as large as six to one.

Although substantial progress has been recently achieved with the development 
of the simplified compression field theory (Bentz et al. 2006), there are still a lot of 
issues that are not adequately resolved, particularly concerning the seismic (cyclic) 
response of RC structures, where in many cases, complex axial-flexural-shear inter-
action has been observed.

The seismic response is particularly complex in buildings containing RC struc-
tural walls. Consequently, even the basic mechanisms of the response are not ade-
quately clarified and should be studied in more detail. In order to achieve this goal, 
an international Virtual Wall Institute (Wallace 2016) was initiated in 2014 by Prof. 
John Wallace from UCLA. Different universities all over the world (USA, Europe, 
Japan, New Zealand, South America) and leading world researchers in the field have 
been cooperating in order to make progress in the seismic analysis and design of RC 
structural walls, which are amongst the most-used building systems in the world. 
Broad experimental and analytical studies have been performed in order to clarify 
different aspects of different RC wall systems all over the world.

The University of Ljubljana has been primarily involved in the evaluations of avail-
able numerical models. The recently developed, robust force-displacement based engi-
neering macro multiple-vertical-line element model – MVLEM-FD, which is capable of 
describing very complex axial-flexural-shear interaction (MVLEM-FD-SFI), is 
described in Sect. 5.2. In order to provide a wide range for its use and to enable the analy-
sis of various types of buildings (including dual frame-wall systems) the element was 
included into a local version of the OpenSees program (OpenSees 2011, 2016).

The MVLEM model has been verified by many experimental studies of different 
types of RC walls (including several blind-simulations of large shake table tests 
organized by Japanese, American and French institutions). Recently, it has been 
tested within the research schedule of the Wall Institute. The results of this research 
are presented in this paper. The basic features of the walls, which were selected in 
case studies, are overviewed in Sect. 5.3.1. The main properties of the basic 
MVLEM-FD and its extended version MVLEM-FD-SFI are presented in Sect. 
5.3.2. MVLEM-FD-SFI is evaluated in Sect. 5.3.3.

T. Isakovic and M. Fischinger
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5.2  �Main Features of the MVLEM-FD Element

The multiple-vertical-line element model MVLEM was originally proposed by Japanese 
researchers (Kabeyasawa et al. 1983) and later elaborated on by many other researchers 
(e.g. Vulcano et al. 1989). While most of them have used a stress-strain version of the 
element, the research group at the University of Ljubljana (UL) has developed a forced-
displacement (FD) based version – MVLEM-FD. In order to provide a wide range of 
use and to enable the analysis of various types of buildings (including dual frame-wall 
systems), the element was included into the OpenSees program (2011).

5.2.1  �Basic MVLEM-FD, Which Is Capable of Describing 
Axial-Flexural Interaction

The element model follows the basic idea proposed by Japanese researchers. In this 
element, several vertical springs are connected by rigid beams at the top and the 
bottom nodes of the element (Fig. 5.1). These springs simulate axial and flexural 
behaviours of wall segments using relatively simple force-displacement hysteretic 
rules (Fig. 5.2a).

In the basic version of the model, the shear response is uncoupled from the axial 
and flexural response. To define the shear response, a horizontal spring is added at 
the centre of gravity of the cross-section of the wall (see the horizontal spring in 
Fig. 5.1). The shear response is defined with hysteretic rules, presented in Fig. 5.2b. 
A special ShearSlip material was incorporated into the OpenSees program to be able 
to describe this response. Note however, that various materials incorporated into the 
OpenSees program can be used to define the characteristics of horizontal and verti-
cal springs, depending on the specific features of the analysed wall.

X

Y

Ux,j

VY,jΦZ,j

Ux,i

VY,i

ΦZ,i

Fig. 5.1  Multiple-vertical-
line-element model 
(MVLEM-FD)
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Most of the available versions of MVLEM proposed by other researchers are 2-D 
elements. In 2005, the research group at the University of Ljubljana developed, for 
the first time, a 3D version of this element MVLEM-FD-3D (Fig. 5.3).

The models, presented above, were successfully used in several benchmark stud-
ies (CAMUS 3; NEES, San Diego wall – best prediction; E-defense – best predic-
tion). They are appropriate for the predominantly flexural response of walls. If the 
response is considerably affected by shear, the new version of the element MVLEM-
FD-SFI, which is capable of taking into account complex, axial-flexural-shear inter-
actions, is recommended. This new model is described in more detail in Sect. 5.2.2.

a) b)

Fig. 5.2  Hysteretic rules controlling the springs in the MVLEM-FD: (a) Vertical springs, (b) 
Horizontal springs

Fig. 5.3  3D multiple-
vertical-line-element 
model (MVLEM-FD-3D)
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5.2.2  �MVLEM-FD-SFI, Which Is Capable of Describing 
Axial-Shear-Flexural Interaction

To account for the axial force - bending moment - shear force (N-M-V) interaction, 
the MVLEM-FD was modified in 2011 (Rejec 2011) and incorporated into the 
OpenSees program (OpenSees 2011). The modified element is illustrated in Fig. 5.4 
(only the 2D element is shown for clearer illustration). In contrast to the basic 
MVLEM-FD, where only one shear spring is available, in the MVLEM-FD-SFI, 
each vertical spring is linked to a corresponding shear spring, as had already been 
proposed by Wallace (Orakcal et al. 2006).

The shear behaviour and the resistance, modelled by the horizontal springs, 
depend on the mechanisms that transfer shear force over the cracks (Fig. 5.5). The 
mechanisms consist of: (a) dowel effect of vertical bars, (b) axial resistance of hori-
zontal/shear bars, and (c) interlock of aggregate particles in the crack. The capacity 
of the latter is highly dependent on the crack’s width.

Therefore, each spring is composed of three components (Fig.  5.6): HSA to 
account for aggregate interlock, HSD to account for the dowel action, and HSS to 
account for the axial resistance of the shear reinforcement. The current characteristics 
of each component depend on the deformations/displacements at the effective 

Fig. 5.4  Model accounting for inelastic shear and shear-flexural interaction in structural walls (the 
vertical springs are not shown)
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cracks of the element. The displacements are linked to the current displacements of 
the nodes of the element.

The constitutive relations for the individual springs are based on the semi-
empirical relations found in the literature (a detailed description is given in Rejec 
2011). Aggregate interlock is modelled by the Lai-Vecchio model (Vecchio and Lai 
2004) and dowel action by the expressions proposed by Dulacska (1972) and 
Vintzeleou and Tassios (1987). The force-displacement relation for HSS springs is 
based on the bar-slip model proposed by Elwood and Moehle (2003).

For modelling the HSA mechanism, a special ShearSlip material was incorpo-
rated into OpenSees. However, this is not an exclusive option. An alternative is the 
hysteretic model, which is typically used for modelling the other two mechanisms 
(HSD and HSS) contributing to the shear response.

5.3  �Experimental Verification of the MVLEM-FD-SFI

5.3.1  �A Brief Description of the Experimentally Tested Walls 
Used to Verify the MVLEM-FD-SFI

The basic MVLEM-FD model was successfully applied in different blindsimulations 
of large scale shake table tests of RC walls, where the response was predominantly 
flexural. Initially, the MVLEM-FD-SFI was tested using the results of a large-scale 

Fig. 5.5  Mechanisms of shear force transfer over a crack: (a) dowel effect of vertical reinforce-
ment; (b) axial resistance of horizontal/shear reinforcement and (c) interlock of aggregate in the 
crack

Fig. 5.6  Each horizontal spring is composed of 3 components to account for aggregate interlock 
(HSA), dowel (HSD), and shear/horizontal reinforcement (HSS) mechanisms
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shaking table test of RC walls where the predominately shear failure was observed 
(Fischinger et al. 2017). Since the results of these validations can be found in the 
literature, and due to space limitations, the results of these simulations are not pre-
sented in this paper. Instead, the recent study, which was included into the research 
schedule of the Wall Institute, is described. Most of the analysed specimens used to 
test the capabilities of currently available numerical models for RC walls were 
selected to span the range of important wall characteristics, such as wall aspect ratio 
(shear span ratio), axial load, shear demand and failure mode.

All specimens were rectangular walls, which were subjected to in-plane flexure, 
shear and axial loading. The aspect ratio (the ratio of the wall height and the wall 
width) ranged from 1.5 to 3.0. The shear demand/capacity ratio was less than 1.0, 
including 3 walls with predominantly flexural behaviour and 2 specimens with a 
shear-flexural interaction response. Failure modes included tension and compres-
sion controlled responses (e.g., bar fracture or concrete crushing and bar buckling, 
4 specimens), as well as diagonal compression failure (1 specimen). Axial load 
ranged from 0% to 10% of the axial wall capacity. The basic features of the selected 
specimens are reported in Table 5.1. In the last column of the Table 5.1, the refer-
ences where the complete data about the tests can be found, are provided.

All these walls, with the exception of RW2, were modelled using the MVLEM-
FD-SFI model. The wall RW2 was modelled using the basic version of 
MVLEM-FD. The important N-M-V interaction was observed only in specimens 
S6 and RW-A15-P10-S78. The second wall is presented in more detail in Fig. 5.7, 
since it is employed to spotlight the basic features of the MVLEM-FD-SFI model. 
Modelling of the analysed walls using the MVLEM-FD-SFI element is presented in 
Sect. 5.3.2. The comparison of selected experimental and numerical data is described 
in Sect. 5.3.3.

Table 5.1  Basic features of the selected specimens

Label of the 
test

Aspect 
ratio

Level of the 
axial load

Level of the 
shear demand

Type of 
failure Reference

WSH6 2.02 0.11 Agfc
3.6 fc

CB (Dazio et al. 2009)

RW2 3.00 0.09 Agfc
2.7 fc

CB (Thomsen and Wallace 
1995)

S6 1.26 0.05 Agfc
6.4 fc

CB, SS (Vallenas et al. 1979)

R2 2.54 0.00 Agfc
2.7 fc

BR (Oesterle et al. 1975)

RW-A15-
P10-S78

1.50 0.10 Agfc
7.8 fc

DC, CB, 
SS

(Tran and Wallace 
2012)

Legend: Ag – area of the wall, fc compression strength of concrete, CB – compression/buckling 
failure, BR – bar buckling followed by the rupture of the longitudinal bars, DC - significant shear-
flexural interaction and diagonal compression failure, SS – shear sliding
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5.3.2  �Modelling of Walls Using MVLEM-FD-SFI

5.3.2.1  �Mesh Information

In general, at the bottom of a wall, shorter elements should be provided in order to 
be able to model the flexural response properly (the abrupt variations of curvatures 
along the plastic hinge length). The length of subsequent elements is, then, typically 
increased.

However, in specimen RW-A15-P10-S78, the mesh of elements was defined con-
sidering the locations of the devices which were used to measure the displacements 
in order to allow the consistent comparison of experimental and analytical results. 
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Fig. 5.7  The specimen RW-A15-P10-S78: (a) reinforcement layout, (b) cross-section and rein-
forcement details, (c) discretization into MVL elements, (d) discretization of elements to seg-
ments, used to define vertical springs
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The wall was modelled with five elements (see Fig. 5.7c). The length was 30.5 cm 
and 40.6 cm of two bottom and three top elements, respectively.

The elements were divided into a certain number of vertical springs, which were 
connected by rigid beams at the top and the bottom nodes of the elements (see 
Fig. 5.1). In wall RW-A15-P10-S78, all elements included 14 vertical springs.

The properties of vertical springs were defined based on the corresponding seg-
ments of the wall cross section (see Fig. 5.7d). In general, the cross section of all 
analysed walls was divided into segments based on the location, number and prop-
erties of the longitudinal bars.

The segments in the boundary regions were shorter than other segments in order 
to define the strength of the wall more precisely. The segments in these regions typi-
cally included two to four bars. For example, in wall RW-A15-P10-S78 the bound-
ary regions were divided into four segments (see Fig. 5.7d and b). In each segment,  
a pair of longitudinal bars was located in its centre.

In general, the length of the segments in the inner parts of tested walls was two 
to three times larger than that in the boundary regions. It was defined based on the 
distances between the longitudinal bars. Two to four bars were included in these 
segments, depending on the geometry of the wall. For example, the inner part of the 
wall RW-A15-P10-S78 between boundary regions was divided into six segments of 
equal length (see Fig. 5.7d). Each segment included two longitudinal bars located in 
its centre.

5.3.2.2  �Properties and Modelling of Vertical Springs

In all walls with a considerable amount of reinforcement in boundary regions, the 
boundary segments were modelled combining two materials (parallel material as 
defined in OpenSees). Material VertSpringType2 was used to model the concrete 
part of the segment. The properties of confined concrete were taken into account 
according to the model proposed by Paulay and Priestley (1992). The Menegotto 
and Pinto (1973) or the hysteretic model (OpenSees 2016) was used to model lon-
gitudinal bars.

The inner segments were modelled taking into account only the VertSpringType2 
material combining the properties of the unconfined concrete and properties of the 
longitudinal bars.

5.3.2.3  �Properties and Modelling of Shear Springs

In the analysis of specimens RW-A15-P10-S78 and S6, all mechanisms which influ-
ence the shear response (HSA, HSD, HSS) were modelled by means of the Hysteretic 
model (see the manual of the OpenSees program system). The constitutive relations 
for the individual springs were defined according to the semiempirical models pro-
posed in the literature (see Sect. 5.2.1). The properties of the Hysteretic model were 
selected based on the typical shapes of hysteretic loops, reported in the literature. 
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Typical hysteretic loops corresponding to different shear mechanisms are presented 
in Sect. 5.3.3.2, for the example of the specimen RW-A15-P10-S78.

5.3.2.4  �Load Application

Prior to the cyclic analysis of the specimens, a vertical force was applied at the top 
of the walls. Subsequently, the cyclic analysis was performed by imposing the dis-
placements at the top of the wall in accordance with the reported test schedules. For 
example, in specimen RW-A15-P10-S78, the reverse cyclic lateral drifts were 
applied under displacement control. The first drift level to be applied was 0.1%, fol-
lowed by 0.25%. Then, the drift level was increased up to 1% in 0.25% increments. 
After that, the drift was increased in 0.5% increments up to 3%. The loading proto-
col is presented in Fig. 5.8a.

In all analysed walls, the corresponding horizontal load pattern consisted of one 
horizontal force at the top of the wall. The exception was specimen S6, which rep-
resented the bottom three stories of the seven-story wall. Consequently, the load 
pattern was more complex. It consisted of three horizontal forces applied at the top 
of each story and the bending moment applied at the top of the tested specimen. 
These forces were expressed in proportion to the total lateral force, corresponding 
to the applied displacement at the top of the wall. The load pattern and the loading 
protocol of wall S6 is presented in Fig. 5.8b and c, respectively.
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Fig. 5.8:  (a) Displacements imposed at the top of the wall RW-A15-P10-S78, (b) Load pattern of 
the specimen S6 (horizontal forces and the moment are expressed in proportion to the total shear 
force at the bottom of the wall), (c) Horizontal displacements applied at the top of the wall S6

T. Isakovic and M. Fischinger



115

5.3.3  �Comparison of Analytical and Experimental Results

5.3.3.1  �Global Response Parameters

The MVLEM-FD-SFI was tested evaluating different aspects of the response. In 
Fig. 5.9 experimentally measured and analytically defined lateral load versus top 
displacement relationships for specimens RW-A15-P10-S78 and S6 are presented. 
Taking into account the complexity of the response, which was considerably 
affected by the N-M-V interaction, the analytical estimation of the global response 
was quite good.

In general, the strength, as well as the stiffness, of both walls were evaluated with 
good accuracy throughout both tests. The only exception was the initial stiffness, 
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which was overestimated. This confirmed the previous observations of the authors 
(e.g. Fischinger et al. 2017), who found that the initial stiffness in the majority of the 
experiments is typically reduced compared to the stiffness corresponding to the 
gross cross-sectional properties of the specimens.

During the final cycles of the tests, global buckling of the longitudinal bars in the 
boundary regions of both walls was observed. The central part of the specimen 
RW-A15-P10-S78 between boundary regions failed due to shear sliding (see 
Fig. 5.10). Buckling of the boundary longitudinal bars and sliding of the central part 
of the wall considerably reduced the shear strength of the wall (see Figs. 5.9a and 
5.11a). The analysis revealed that the shear strength was degraded mainly due to the 
considerable deterioration of the dowel mechanism (see next subsection).

The MVLEM-FD-SFI model estimated the shear, as well as the flexural, response 
quite well in all cycles of the test. This is evident from Fig. 5.11a and b, where the 
relationship between the shear force and top shear and top flexural displacements 
are presented, respectively. The top shear displacements were calculated by sum-
ming the shear displacements of single elements that were used to model the wall 
(note that the programme code includes an option to report the shear displacements 
in each element). The flexural displacements were obtained by subtracting the shear 
displacements from the total displacements.

The element also captured well the horizontal displacements at different heights 
of the wall. The comparison of measured and calculated displacements along wall 
RW-A15-P10-S78 corresponding to the 0.75%, 1.5% and 3% drift are presented in 
Fig. 5.12.

The shear, as well as the flexural displacement, profiles coincided with the mea-
surements quite well (Fig. 5.13). The shear and flexural displacements were calcu-
lated in the same manner as explained before in the case of the top shear and flexural 
displacements.

Fig. 5.10  Damage of the specimen RW-A15-P10-S78 after the test (Tran and Wallace 
2012)
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5.3.3.2  �Components of the Shear Resistance Mechanism

At the beginning, the shear response of the wall was predominantly influenced by 
the aggregate interlock spring (HSA). The properties of this spring considerably 
influenced the initial stiffness of the wall, as well as the cracking force. An example 
of the HSA force-displacement response is presented in Fig. 5.14a. It corresponds 
to the shear spring linked to the outer vertical segment of the wall 
RW-A15-P10-S78.

When the HSA mechanism was deteriorated, the shear response was predomi-
nantly influenced by the dowel (HSD) and horizontal reinforcement (HSS) mecha-
nisms. In walls similar to RW-A15-P10-S78 and S6, which include a relatively large 
amount of longitudinal reinforcement (particularly in the boundary regions), the 
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shear response after cracking is predominantly influenced by the HSD mechanism. 
The influence of the shear reinforcement and the HSS mechanism are less important 
in such structures. This is evident from Fig. 5.14, where the HSD and HSS force-
displacement responses of the shear spring linked to the outer vertical segment of 
the wall RW-A15-P10-S78 are presented. The maximum force contributed by HSD 
was more than 15 times larger than that corresponding to the HSS mechanism. 
Consequently, the shear strength of the wall RW-A15-P10-S78 was considerably 
reduced when the HSD mechanism deteriorated. In general, the role of the HSD 
mechanism is less important in lightly reinforced walls.

5.4  �Conclusions

Recent earthquakes have clearly demonstrated that many key mechanisms of the 
seismic response of RC structural walls are still not adequately understood. The 
NSF SAVI Wall Institute has been organized in order to study different aspects of 
their response. The University of Ljubljana has been primarily involved in analyti-
cal studies of different types of walls, using its own, recently developed MVLEM-
FD-SFI element. The basic features of this element are presented in this paper. The 
element has been evaluated by the range of experiments selected within the Wall 
Institute as case studies. It has been found that the proposed element can describe 
complex, axial-flexural-shear interactions and can capture all important mecha-
nisms of the global response reasonably well. This is one of the few models than can 
describe the significant deterioration of the strength of RC walls due to the buckling 
of the longitudinal bars and associated significant degradation of different types of 
shear mechanism.
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Chapter 6
Critical Response of Elastic-Plastic Structures 
to Near-Fault Ground Motions and Its 
Application to Base-Isolated Building 
Structures

Izuru Takewaki, Ryo Taniguchi, and Kotaro Kojima

Abstract  The earthquake response of an elastic-plastic structure to near-fault 
ground motions can be well represented by the response to a double impulse or a 
triple impulse with the equivalent magnitude. This is based on the fact that the main 
part of most near-fault ground motions consists of a few-cycle, nearly sinusoidal 
waves, transformable into a double impulse or a triple impulse, and such waves 
govern the maximum response. It is shown that, when a double impulse or a triple 
impulse is adopted as an input, the earthquake response is composed of a free vibra-
tion component only. This enables the closed-form expression of the critical elastic-
plastic response maximizing the response with respect to the impulse timing. In 
order to demonstrate the practical applicability of the proposed theory, a base-
isolated building is employed, and an approximate and simple expression of the 
maximum plastic deformation at the isolation story is derived.

Keywords  Critical response • Elastic-plastic response • Near-fault ground motion 
• Base-isolated building

6.1  �Introduction

According to the development of earthquake ground motion recording techniques, 
various properties of ground motions have been disclosed. For example, the charac-
teristics and effects of near-fault ground motions have been investigated extensively 
(Bertero et al. 1978, Singh 1984, Hall et al. 1995, Iwan 1997, Sasani and Bertero 
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2000, Mavroeidis et al. 2004, Makris and Black 2004, Alavi and Krawinkler 2004, 
Kalkan and Kunnath 2006, Rupakhety and Sigbjörnsson 2011, Vassiliou et al. 2013, 
Vafaei and Eskandari 2015, Khaloo et al. 2015). Fling step and forward directivity 
are widely recognized, special keywords to characterize such near-fault ground 
motions (Mavroeidis and Papageorgiou 2003, Bray and Rodriguez-Marek 2004, 
Makris and Black 2004, Kalkan and Kunnath 2006, Mukhopadhyay and Gupta 
2013a, b, Hayden et al. 2014, Yang and Zhou 2014). Especially after the Northridge 
earthquake in 1994, Hyogoken-Nanbu (Kobe) earthquake in 1995 and Chi-Chi 
(Taiwan) earthquake in 1999, a strong interest has been taken by many earthquake 
structural engineers.

The fling-step and forward-directivity inputs have been characterized by two or 
three wavelets. For this class of ground motions, much useful research has been 
conducted. Mavroeidis and Papageorgiou (2003) investigated the characteristics of 
this class of ground motion in detail and proposed some simple models. Makris and 
Black (2004) examined the effects of two or three wavelets on structural inelastic 
responses. Kalkan and Kunnath (2006) introduced two or three simple sinusoidal 
wavelets based on the research of Sasani and Bertero (2000) and investigated the 
influence of near-fault ground motions on tall buildings. Takewaki et  al. (2012) 
employed a sinusoidal wave for pulse-type waves.

Most of the previous works on near-fault ground motions deal with the elastic 
response, except Makris and Black (2004), Kalkan and Kunnath (2006), Mylonakis 
and Voyagaki (2006), Moustafa et al. (2010), Vassiliou et al. (2013), Khaloo et al. 
(2015), because the number of parameters (e.g. duration and amplitude of pulse, 
ratio of pulse frequency to structure natural frequency, change of equivalent natural 
frequency for the increased input level) to be considered on this topic is high and the 
computation of the elastic-plastic responses is quite complicated.

Kojima and Takewaki (2015a, b) recently introduced double or triple impulses as 
representatives of near-fault ground motions and derived some closed-form solu-
tions of the critical response of SDOF (single-degree-of-freedom) elastic-plastic 
structures under such double or triple impulses. The amplitude of the double impulse 
was modulated so that its maximum Fourier amplitude coincides with that of the 
corresponding one-cycle sinusoidal input (Kojima and Takewaki 2015a). It was 
shown that, since only the free vibration appears under such double impulse input, 
the energy balance approach plays a simple and key role in the derivation of the 
closed-form solution of a complicated elastic-plastic response. The extension of the 
theory for the fling-step, near-fault ground motion to the forward-directivity, near-
fault ground motion was made by Kojima and Takewaki (2015b). Furthermore, 
Kojima and Takewaki (2015c) extended their approach to long-duration ground 
motions. This approach is based on an innovative concept of transformation of input 
and unchanged treatment of an elastic-plastic structure itself as compared to the 
conventional, equivalent linearization method for elastic-plastic structures and has 
overcome a difficulty encountered for elastic-perfectly plastic structures since 1960 
(Caughey 1960, Iwan 1961).

In the earthquake-resistant design of structures, resonance is a key phenomenon, 
and it has been investigated extensively. While the resonant frequency maximizing 
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the response must be computed for a specified input level by changing the excitation 
frequency in a parametric manner for the sinusoidal input (Caughey 1960, Iwan 
1961), no iteration is needed in the method for the double impulse (Kojima and 
Takewaki 2015a, b, c). This is because the resonant equivalent frequency can be 
derived directly without the repetitive procedure. In the double impulse, the analysis 
can be done without the concept of input frequency (timing of impulses) before the 
second impulse. The resonance can be proved by using the energy balance and the 
timing of the second impulse can be characterized as the time with zero restoring 
force. The maximum elastic-plastic response after an impulse can be obtained by 
equating the initial kinetic energy computed by the initial velocity to the sum of 
hysteretic and elastic strain energies. It should be pointed out that not only the criti-
cal response (Drenick 1970, Takewaki 2007) but also the critical resonant frequency 
can be obtained automatically for the increasing input level of the double impulse.

The double impulse is introduced here as a substitute of the fling-step, near-fault 
ground motion and a critical elastic-plastic response of a two-degree-of-freedom 
(2DOF) building structure model under the critical double impulse is evaluated. The 
input of impulse is expressed by the instantaneous change of velocities of the struc-
tural masses. As pointed out before, since only the free vibration appears under such 
double impulse, the energy balance approach plays an important role in the deriva-
tion of the solution of a complicated elastic-plastic critical response, as in Kojima 
and Takewaki (2015a, b, c). It has been shown that the critical timing of the double 
impulse is characterized by the timing of the second impulse at the zero story shear 
force in the first story (Taniguchi et al. 2016). This criticality is also characterized 
by the maximization of the sum of the momenta of all masses. This timing certainly 
guarantees the maximum energy input by the second impulse which causes the 
maximum plastic deformation after the second impulse. Because the response of 
2DOF elastic-plastic building structures is quite complicated due to the phase dif-
ference between two masses compared to SDOF models for which a closed-form 
critical response can be derived, the upper bound of the critical response has been 
introduced in the reference (Taniguchi et al. 2016) by using the convex model (Ben-
Haim and Elishakoff 1990, Ben-Haim et  al. 1996). The accuracy of the derived 
upper bound has been discussed in comparison with the actual response analysis 
result to the double impulse. The validity and accuracy of the proposed theory for 
the double impulse have also been investigated through comparison with the 
response analysis result to the corresponding one-cycle sinusoidal input as a repre-
sentative of the fling-step, near-fault ground motion. In this paper, the extension of 
the proposed theory for 2DOF models into base-isolated buildings is made through 
the simplification of the model into SDOF models.

Figure 6.1 shows the Rinaldi Station fault-normal component during the 
Northridge earthquake in 1994 and the modeling of the main part into a one-cycle 
sine wave (Kalkan and Kunnath 2006, Khaloo et al. 2015). The one-cycle sine wave 
will be further transformed into a double impulse, as explained in the following 
section.

6  Critical Response of Elastic-Plastic Structures to Near-Fault Ground Motions and Its…
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Figure 6.2 presents the same Rinaldi Station fault-normal component during the 
Northridge earthquake in 1994 and the modeling of the main part into a one and a 
half-cycle sine wave (Kalkan and Kunnath 2006, Khaloo et al. 2015). The one and 
a half-cycle sine acceleration wave implies the one-cycle sine velocity wave and 
will be further transformed into a triple impulse explained later.

6.2  �Double Impulse Input

Near-fault ground motions exhibit some peculiar characteristics which are related to 
the fault directivity, the Doppler effect, the velocity of fault rupture, etc. The fault-
parallel component is called the fling-step input and can be represented by a one-
cycle sinusoidal wave. On the other hand, the fault-normal component is called the 
forward-directivity input and can be expressed by a series of three sinusoidal wave-
lets (Kojima and Takewaki 2015a) (see Fig. 6.3). It has further been pointed out 
(Makris and Black 2004) that a one-cycle sinusoidal wave can also express the 
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forward-directivity input in some cases. This section is aimed at simplifying the 
typical near-fault ground motions by a double impulse (Kojima and Takewaki 
2015a).

Consider a double impulse ground acceleration u tg ( ) , as shown in Fig. 6.3a, 
expressed by

	
u t V t V t tg ( ) = ( ) − −( )δ δ 0 	

(6.1)

where V is the given velocity and t0 is the time interval between two impulses. It 
should be remarked that the area under the acceleration pulse (V in Eq.  6.1) is 
defined by Bertero (Anderson and Bertero 1987) as incremental ground velocity in 
order to distinguish between the net increment of the ground velocity and the peak 
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Fig. 6.3  Two simple wavelets and their transformation into double and triple impulses: (a) Fling-
step input and double impulse, (b) Forward-directivity input and triple impulse (Kojima and 
Takewaki 2015a)
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ground velocity. The time derivative is denoted by an overdot. The comparison with 
the corresponding one-cycle sinusoidal wave as a representative main part of the 
near-fault ground motion is plotted in Fig.  6.1a (Mavroeidis and Papageorgiou 
2003, Makris and Black 2004, Kalkan and Kunnath 2006, Kojima and Takewaki 
2015a). The corresponding velocity and displacement of such double impulse and 
sinusoidal wave are also plotted in Fig.  6.3a. As pointed out earlier, the double 
impulse is a good approximation of the corresponding sinusoidal wave even in the 
form of velocity and displacement on the condition that the correspondence of the 
maximum Fourier amplitude is guaranteed. Figure 6.4 shows the adjustment of the 
input level of the double or triple impulse to the corresponding one-cycle or one and 
a half-cycle sine wave based on Fourier amplitude equivalence ((a) double impulse, 
(b) triple impulse). It may be interesting to note that, since the Fourier amplitude is 
related to the velocity of ground motions (or velocity response spectrum), this cor-
respondence is meaningful. The Fourier transform of u tg ( )  of the double impulse 
input can be expressed as

	

U V t V t t e dt

V t e V t t

g
t

t

ω δ δ

δ δ

ω

ω

( ) = ( ) − −( ){ }

= ( ) − −(

−∞

∞
−

−∞

∞
−

∫

∫

0

0

i

i )){ }
= −( )

− − −( )

−

e e dt

V e

t t t

t

i i

i

ω ω

ω

0 0

01
	

(6.2)

Consider an elastic-perfectly plastic SDOF model. Let Vy denote the product of 
the natural circular frequency ω1 and the yield deformation dy of the SDOF model. 
This quantity indicates the input velocity giving just the yield deformation after the 

0

1

2

3

4

5

6

7

0 5 10 15 20

double impulse
sine wave

Fo
ur

ie
r a

m
pl

itu
de

 o
f g

ro
un

d
ac

ce
le

ra
tio

n 
[m

/s
]

circular frequency [rad/s]

V/V
y
=3

0

1

2

3

4

5

6

7

0 5 10 15 20

triple impulse
forward-directivity

Fo
ur

ie
r a

m
pl

itu
de

 o
f 

gr
ou

nd
 a

cc
el

er
at

io
n 

[m
/s

]

circular frequency [rad/s]

V/V
y
=3

(a) (b)

Fig. 6.4  Adjustment of input level of double or triple impulse to the corresponding one-cycle or 
one and a half-cycle sine wave based on Fourier amplitude equivalence: (a) Double impulse, (b) 
Triple impulse (Kojima and Takewaki 2015a, b)

I. Takewaki et al.



129

first impulse. The closed-form expression of the maximum deformation umax
1( )  after 

the first impulse and umax
2( )  after the second impulse can be derived as follows 

(Kojima and Takewaki 2015a, Kanno and Takewaki 2016).
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The maximum deformation defined by u u uc = { }( ) ( )max max max
1 2  can then be 

expressed as
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In this model, the plastic deformation after the second impulse (larger than that 
after the first impulse) can also be derived as follows (Kojima and Takewaki 2015a). 
This will be used later.
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Figure 6.5a presents the correspondence of the maximum deformation responses 
to the double impulse and the corresponding sinusoidal input adjusted in Fig. 6.4a. 
On the other hand, Fig. 6.5b shows the comparison of earthquake input energies to 
both inputs. It can be observed that relatively good correspondence can be observed 
up to the input level V/Vy = 3 in the deformation. In order to guarantee good corre-
spondence in the wide range, the level of the corresponding sinusoidal input is 
amplified. Figure  6.6 presents the correspondence of the maximum deformation 
responses to the double impulse and the corresponding amplified sinusoidal inputs 
(amplification 1.0–1.2 from the level specified in Fig. 6.4a). It can be observed that 
the amplification factor 1.15 or 1.2 is the best.

Figure 6.7 illustrates the maximum deformation for two recorded ground motions 
(Rinaldi Station component during the 1994 Northridge earthquake and Kobe 
University NS component during the 1995 Hyogoken-Nanbu earthquake) and the 
proposed one by the critical double impulse. Since the recorded ground motion is 
fixed, the initial velocity V is fixed and Vy (product of the natural circular frequency 
ω1 and the yield deformation dy) is changed here. Because ω1 is closely related to the 
resonance condition, dy is changed principally. This procedure is similar to the well-
known elastic-plastic response spectrum developed between 1960–1970 in which 
the strength is changed for a constant natural period, i.e., stiffness. The solid line is 

0

2

4

6

8

10

0 0.5 1 1.5 2 2.5 3 3.5

double impulse
sine wave

u m
ax

/d
y

V/Vy

0

5

10

15

20

0 0.5 1 1.5 2 2.5 3 3.5

double impulse
sine wave

E
I/(m

V
y2 )

V/Vy

(a) (b)

Fig. 6.5  Comparison of double impulse and the corresponding one-cycle sine wave: (a) Ductility, 
(b) Earthquake input energy (Kojima and Takewaki 2015a)

I. Takewaki et al.



131

obtained by changing Vy for the specified V using the method for the double impulse 
and the dotted line is drawn by conducting an elastic-plastic time-history response 
analysis on each model with a varied Vy under the recorded ground motion. It can be 
observed that the result by the proposed method is a fairly good approximate of the 
recorded pulse-type ground motions.

6.3  �Triple Impulse Input

As pointed out in the previous paper (Kojima and Takewaki 2015b), it is well 
accepted that the fling-step input (fault-parallel) of the near-fault ground motion 
can be represented by a one-cycle sinusoidal wave and the forward-directivity input 
(fault-normal) of the near-fault ground motion can be expressed by three wavelets 
of sinusoidal input (see Fig. 6.3). The previous paper and this paper intend to sim-
plify these typical, near-fault ground motions by double impulse or triple impulse 
(Kojima and Takewaki 2015b). This is because the double impulse and triple 

0

2

4

6

8

10

12

0 1 2 3 4 5

double impulse
sine wave

u m
ax

/d
y

V/V
y

0

2

4

6

8

10

12

0 1 2 3 4 5

double impulse
 sine wave x1.1

u m
ax

/d
y

V/V
y

(a) (b)

0

2

4

6

8

10

12

0 1 2 3 4 5

double impulse
 sine wave x1.15

u m
ax

/d
y

V/V
y

0

2

4

6

8

10

12

0 1 2 3 4 5

double impulse
 sine wave x1.2

u m
ax

/d
y

V/V
y

(c) (d)

Fig. 6.6  Correspondence of maximum deformation responses to double impulse and amplified 
sinusoidal inputs (amplification factor α): (a) α=1.0, (b) α=1.1, (c) α=1.15, (d) α=1.2

6  Critical Response of Elastic-Plastic Structures to Near-Fault Ground Motions and Its…



132

impulse have a simple characteristic and a straightforward expression of response 
can be expected even for elastic-plastic responses based on a simple energy 
approach to free vibrations. Furthermore, the double impulse and triple impulse 
enable us to describe directly the critical timing of impulses (resonant frequency) 
which is not possible for the sinusoidal and other inputs without a repetitive 
procedure.

Consider a ground motion acceleration u tg ( )  as a triple impulse, as shown in 
Fig. 6.3b, expressed by

	
u t V t V t t V t tg ( ) = ( ) − −( ) + −( )0 5 0 5 20 0. .δ δ δ

	
(6.7)

where 0.5V is the given initial velocity and t0 is the time interval among three 
impulses. The comparison with the corresponding three wavelets of sinusoidal 
waves as a representative of the forward-directivity input of the near-fault ground 
motion (Mavroeidis and Papageorgiou 2003, Kalkan and Kunnath 2006) is also 
plotted in Fig. 6.2. The corresponding velocity and displacement of such a triple 
impulse and three wavelets of sinusoidal waves are plotted in Fig. 6.3b. The Fourier 
transform of u tg ( )  of the triple impulse input can be derived as
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The closed-form expression of the maximum deformation to the triple impulse 
can be found in the reference (Kojima and Takewaki 2015b). A somewhat compli-
cated discussion should be made on the effect of the timing of the third impulse on 
the maximum response because the critical response may be determined for the 
second impulse.

Figure 6.8a shows the comparison of the deformation ductility under the triple 
impulse and the corresponding three wavelets of sinusoidal waves (designated as 
forward-directivity), and Fig. 6.8b presents the comparison of the earthquake input 
energy under the same input (Kojima and Takewaki 2015b). It can be observed that 
the response of the triple impulse is a good substitute for that of the forward-
directivity input. In order to demonstrate the comparison of time histories under the 
triple impulse and the forward-directivity input, the comparison for the input level 
V/Vy = 3 is shown in Fig. 6.9 (deformation ductility in Fig. 6.9a and restoring force 
in Fig. 6.9b). It can be found that a good correspondence exits even in the time his-
tories. Figure  6.10 illustrates the comparison of the restoring force-deformation 
relation for the input level V/Vy = 3.

6.4  �2DOF Model

In the case of 2DOF models, the derivation of the critical response to the double 
impulse becomes very difficult. This is because two masses do not respond in the 
same phase (see Fig. 6.11). In spite of this difficulty, Taniguchi et al. (2016) showed 
that the critical timing can be derived as the time when the restoring force in the first 
story becomes zero (see Fig. 6.12). This property is very important and character-
izes the critical excitation of the double impulse to the 2DOF model. Although the 
critical timing has been made clear, the derivation of the critical response still seems 
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difficult. On the other hand, Taniguchi et al. (2016) proposed an upper bound on the 
critical response by using the convex model (Ben-Haim and Elishakoff 1990, Ben-
Haim et al. 1996).

Figure 6.13 illustrates the critical plastic deformation after the second impulse in 
the first story and their upper and lower bounds (Taniguchi et al. 2016) in which the 
response of the SDOF system under double impulse and the response of the 2DOF 
system under the corresponding one-cycle sinusoidal wave are also plotted. The 
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SDOF system is constructed by using the mass (sum of both masses), the stiffness 
(the first story stiffness) and the yield deformation (the first-story yield deformation). 
The definition of Vy in the 2DOF model is different from that for the SDOF model. 
The detail is shown in the reference (Taniguchi et al. 2016). It can be seen that the 
actual critical plastic deformation after the second impulse in the first story corre-
sponds fairly well with the response under the corresponding one-cycle sinusoidal 
wave up to about V/Vy = 3. Furthermore, the upper and lower bounds can be bound 
the actual critical plastic deformation (although the lower bound is approximate due 
to the uncertain assumption).

Figure 6.14 presents the comparison of the proposed upper bound response with 
the response to the recorded ground motion (Rinaldi Station FN 1994). In this 
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figure, the yield deformation has been changed principally. It can be observed that 
the upper bound derived by Taniguchi et al. (2016) is a tight upper bound except in 
a smaller range of V/Vy.

6.5  �Transformation of 2DOF Model into SDOF Models: 
Application to Base-Isolated Building

Consider a base-isolated building structure as shown in Fig. 6.15. It is assumed here 
that the isolators are natural rubbers and hysteretic dampers are used for damping 
systems. Then, the restoring-force characteristic in the base-isolation story can be 
modeled by an elastic-perfectly plastic model. This means the negligence of the 
second slope compared to the initial stiffness. If desired, the positive second slope 
can be considered. However, the expression of the response may be slightly compli-
cated. Let m1 and m2 denote the isolation-story mass and the super-structure mass 
and let k1 and k1 denote the isolation-story stiffness and the super-structure 
stiffness.

It is often the case that base-isolated building structures are modeled into a sim-
plified model. A 2DOF model is a good, simplified model. However, further simpli-
fication into an SDOF model is desirable because a closed-form solution (Kojima 
and Takewaki 2015a) can be used for the SDOF model under the double impulse.

Consider two SDOF models, i.e. SDOF (a) model and SDOF (b) model under the 
double impulse. The SDOF (a) model is a model with series springs and ignored 
base-isolation story mass, and the SDOF (b) model is a model with a rigid super-
structure (see Fig. 6.15). Let me, ke and dye denote the equivalent mass, equivalent 
stiffness and equivalent yield deformation of the equivalent SDOF model, respec-
tively. For the SDOF (a) model, those equivalent quantities can be expressed as 
follows.
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On the other hand, for the SDOF (b) model, those equivalent quantities can be 
expressed as follows.
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For numerical simulations, consider a base-isolated N-story shear building 
model. The fundamental, natural period of the superstructure with a fixed base is 
given by 0.1 × N[S]. The stiffness, k2, is obtained from this condition. The yield 
displacement is given by dy2 = 0.02 × N[M]. The floor mass per story is assumed to 
be 200 × 103[KG]. Then m2 = 200 × 103 × N[KG].

The yield displacement of the base-isolation story is dy1 = 0.03 [M]. The funda-
mental, natural period of the base-isolated building with a rigid superstructure is 
given by 1.0[s] (the stiffness is the sum of the isolators and steel dampers). The 
stiffness, k1, is obtained by this condition. The mass of the base-isolation story is 
m1 = 600 × 103[KG].

Figure 6.16 shows the comparison of the critical plastic deformation in the base-
isolation story after the second impulse among the 2DOF model (time-history 
response analysis), the SDOF (a) model (series spring model and ignored base-
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Fig. 6.15  Modeling of base-isolated building into a SDOF model with series springs and ignored 
base-isolation story mass and SDOF model with a rigid superstructure
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isolation story mass) and the SODF (b) model (rigid super-structure model). The 
critical plastic deformation of the SDOF model after the second impulse was shown 
in Eq. (6.6). It can be observed that, while the SDOF (b) model with a rigid super-
structure is a better model for a low-rise building model (N = 5, 10), the SDOF (a) 
model with series springs and ignored base-isolation story mass is a better model for 
a high-rise building model (N = 30). It can also be observed that, for N = 20, the 
SDOF (a) model can simulate the response of the 2DOF model in the lower input 
level up to V/Vy = 3, and the response of the SODF (b) model is closer to the actual 
response in the range of V/Vy = 4 − 5.

6.6  �Conclusions

It has been shown that good, approximate, elastic-plastic responses of SDOF mod-
els to near-fault ground motions can be derived by using the responses to the cor-
responding double and triple impulses with the equivalent magnitude. The original 
energy approach played an important role in the derivation of such good approxi-
mate responses in closed form. The maximum plastic deformation of a 2DOF model 
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under the double impulse can be evaluated using the upper bound theory because a 
complicated problem of phase lag between both masses exists. Furthermore, it has 
been shown that the maximum plastic deformation of a base-isolated building struc-
ture with an elastic-plastic force-deformation characteristic in the base-isolation 
story can be evaluated by either a simplified SDOF model with a rigid superstruc-
ture or a simplified model with series springs. The accuracy of the SDOF models 
depends on the number of stories of the superstructures. It has been observed that, 
while the SDOF (b) model with rigid super-structure is a better model for a low-rise 
building model (N = 5, 10), the SDOF (a) model with series springs and ignored 
base-isolation story mass is a better model for a high-rise building model (N = 30). 
The concept explained here can be applied to the rocking vibration of rigid blocks 
(Dimitrakopoulos and DeJong 2012, Makris and Kampas 2016, Nabeshima et al. 
2016) and the dynamic stability problems of structures (Kojima and Takewaki 
2016b, c).
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Chapter 7
Comparison of Ground Motion Pulse Models 
for the Seismic Response of Seismically 
Isolated Liquid Storage Tanks

S. Öncü-Davas, H. Gazi, E. Güler, and Cenk Alhan

Abstract  Liquid storage tanks constitute an important portion of the critical infra-
structure whose failure in case of an earthquake would lead to significant economic 
losses. Seismic base isolation is an emerging technology for assuring seismic safety 
of these critical structures. It reduces the effective seismic forces by shifting the 
fundamental period of the structural system out of the resonance range via use of 
laterally flexible isolation system elements. Despite the success of these structures 
under frequently occurring typical far-fault earthquakes, their behavior under near-
fault earthquakes are being questioned recently. Near-fault earthquake records may 
contain long-period velocity pulses with high amplitudes, which may be close to or 
even coincident with the periods of isolation systems and/or the period of the slosh-
ing fluid inside the tanks. This may result in unacceptably large isolation system 
and/or sloshing fluid displacements which would threaten the safety of the isolation 
system and the tank superstructure. Thus, both engineers and researchers turn to 
numerical investigations of the behavior of seismically isolated liquid storage tanks 
under near-fault earthquakes. However, there is a scarcity of the number of recorded 
near-fault ground motions as of today, and thus, artificially developed near-fault 
earthquakes, which are also known as pulse models, are being used as an alternative 
to recorded near-fault earthquakes in evaluating the near-fault behavior of these 
structures. There is no question that the reliability of the results obtained from such 
investigations which make use of pulse models would be strongly dependent on 
how realistic these models are. Therefore, it is deemed necessary to assess the capa-
bility of popular, current pulse models in representing the effects of near-fault 
ground motions on the responses of seismically isolated liquid storage tanks. For 
this purpose, we compare the structural response parameters, including isolator and 
sloshing displacements and isolation system and fluid-tank shear forces of a proto-
type, seismically isolated liquid storage tank under recorded near-fault earthquakes, 
and their approximate counterpart synthetic pulse models.
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7.1  �Introduction

Liquid storage tanks may be used to store chemicals, petroleum products, and toxic 
and flammable fluids, besides water in water-distribution systems (Jaiswal et  al. 
2007; IITK-GSDMA 2007; Shrimali and Jangid 2004). These structures are strate-
gically and vitally important for many industries (Saha et al. 2013), and damage to 
these structural systems may cause significant economic losses. Therefore, it is a 
crucial issue to protect these structures from the detrimental effects of earthquakes, 
which may be achieved by seismic isolation.

As of today, it is widely accepted by the modern structural design society that 
seismic isolation, based on the idea of lengthening the fundamental period of the 
structural systems by means of laterally flexible isolation systems, is a successful, 
alternative earthquake resistant design method (Martelli et al. 2014). It successfully 
protects structures from the harmful effects of far-fault earthquakes with high-
frequency contents, but unfortunately, it may amplify the structural response param-
eters when subjected to near-fault earthquakes (Makris 1997) that contain large 
velocity and/or displacement pulses with long periods. Of particular interest is the 
potentially large isolation system displacements that may cause tearing and/or 
buckling problems in the isolators and thus threaten the safety and the integrity of 
the entire structural system.

A large number of research studies is devoted to investigating the behaviors of 
seismically isolated buildings under near-fault earthquakes. Mazza and Vulcano 
(2009), Providakis (2009), Sehhati et al. (2011), Alhan and Öncü-Davas (2016), and 
Alhan et al. (2016a) are among the recent examples of these studies. On the other 
hand, investigating the dynamic behavior of other types of structural systems, such 
as base-isolated liquid storage tanks, is becoming more and more appealing in 
recent years. Unlike buildings, the dynamic behavior of liquid storage tanks includes 
the sloshing of the fluid inside and tank-fluid interaction besides the dynamic 
response of the tank itself. When seismically isolated, the dynamic behavior 
becomes even more complex. Just like with buildings, near-fault earthquakes pose a 
significant threat to seismically isolated liquid storage tanks. Resonant-like behav-
ior, causing amplifications in the isolation system and the tank superstructure 
responses, may occur if the periods of pulses of near-fault ground motions are close 
to the isolation periods of seismically isolated liquid storage tanks (Alhan et  al. 
2016b). Shrimali and Jangid (2004), Panchal and Jangid (2008), Abalı and Uçkan 
(2010), Shekari et al. (2010), Fallahian et al. (2013), Alhan and Gazi (2015), and 
Gazi et al. (2015a) are among the recent examples of research studies investigating 
the dynamic behaviors of base-isolated liquid storage tanks under near-fault ground 
motions.
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Since the researchers concentrate on investigating the behaviors of seismically 
isolated structures in recent years as summarized above, ground motion records 
with near-fault characteristics are in high demand. In the face of scarcity of recorded 
near-fault ground motions, synthetic ground motion pulse models are used in lieu of 
these records (e.g. Alhan and Öncü-Davas 2016; Alhan et al. (2016a, b), Dicleli and 
Buddaram 2007). In particular, such synthetic ground motion pulse models are 
appealing in parametric investigations as they may be generated with various 
required pulse periods and amplitudes.

There are several analytical pulse models, which are generated by various 
researchers (Hall et  al. 1995; Makris 1997; Makris and Chang 2000; Alavi and 
Krawinkler 2001; Agrawal and He 2002; Menun and Fu 2002; Mavroeidis and 
Papageorgiou 2003; He and Agrawal 2008) in the literature to simulate pulse-like 
ground motions. Among these researchers, Hall et al. (1995) classified ground dis-
placement pulses in near-fault ground motions into two main groups and denoted 
the pulses with a forward-only displacement and the pulses with a forward and 
backward displacement as A and B, respectively. Half-cycle, forward velocity 
pulses and full-cycle, forward-backward velocity pulses are modeled by Makris 
(1997) as Type-A and as Type-B pulses, respectively. A ground motion pulse, exhib-
iting n main pulses in its displacement history is denoted a Type Cn pulse and mod-
eled by Makris and Chang (2000). The velocity pulses in near-fault ground motions 
with a forward rupture directivity effect are modeled by Agrawal and He (2002) 
using decaying sinusoids. Among these pulse models, the ones presented by Hall 
et  al. (1995), Makris (1997), Alavi and Krawinkler (2001), Makris and Chang 
(2000), and Menun and Fu (2002) have piecewise-functions and are valid for spe-
cific time intervals. However, the pulse models presented by Mavroeidis and 
Papageorgiou (2003), Agrawal and He (2002), and He and Agrawal (2008) have 
single functions and were verified using a large number of recorded ground motions 
(Dicleli and Buddaram 2007).

Thanks to their simple mathematical expression, Agrawal and He (2002) and 
Makris (1997) Type-A and Type-B pulse models are specifically convenient for use 
in parametric investigations. Although Wang et al. (2002), Gazi et al. (2015b), and 
Öncü-Davas et al. (2015) revealed that the pulse model presented by Agrawal and 
He (2002) can be efficiently used in lieu of the recorded near-fault ground motions 
to investigate the effects of those ground motions on structural response parameters 
of seismically isolated buildings, its efficiency in case of seismically isolated liquid 
storage tanks is yet to be investigated.

To the best of authors’ knowledge, there is no study that compares the response 
parameters of seismically isolated liquid storage tanks under historical near-fault 
ground motion records to the response parameters obtained under counterpart syn-
thetic pulse models representing these records. Therefore, in order to investigate the 
capability of Makris (1997) and Agrawal and He (2002) pulse models in represent-
ing the effects of pulse-like near-fault ground motions on the responses of seismi-
cally isolated liquid storage tanks, the comparison of the structural response 
parameters of a prototype, seismically isolated liquid storage tank under historical 
earthquakes and their approximate counterpart synthetic pulse models is presented 
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in this study. Bearing displacement, sloshing displacement, isolation system shear 
force, and fluid-tank shear force are considered as the structural response parame-
ters. Nonlinear time history analyses for the isolated tanks, mounted on the nonlin-
ear isolation systems considered in this study are conducted in 3D–BASIS-ME 
(Tsopelas et al. 1994).

7.2  �Structural Model

The benchmark, base-isolated liquid storage tank used in this study is obtained from 
Gazi et  al. (2015a), who used the tank superstructure and overall geometry pre-
sented by Tsopelas et al. (1994) but introduced their own elastomeric isolation sys-
tem properties. The circular storage tank filled with water, shown in Fig.  7.1, 
consists of a steel wall and a concave-down steel roof. It is mounted on a concrete 
base which is supported on an isolation system consisting of rubber based isolators 
exhibiting hysteretic energy dissipation and nonlinear material behavior. The radius 
of the tank is R = 60 ft (18.29 m), while the total height of the tank is 42 ft (12.80 m).

The height of the water is equal to H = 40 ft (12.19 m), while the thickness of 
both the steel wall and the concave-down steel roof is h = 1 in (2.54 cm). In addition, 
the thickness and the radius of the rigid concrete basemat are 1.5 ft (45.72 cm) and 
61 ft (18.59 m), respectively. As for the weight of the steel tank, including the walls, 
the roof, and the weight of the concrete basemat, they are equal to 1123.8 kips 
(4998.9 kN) and 2629.8 kips (11697.9 kN), respectively, while the water inside the 

Fig. 7.1  Liquid storage tank with base isolation (geometric dimensions from Tsopelas et al. 1994)
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tank weighs 28387.4 kips (126273.4 kN). Thus, the total weight above the isolation 
system equals 32141 kips (142970.3 kN).

Nonlinear time history analyses of this base-isolated liquid storage tank are con-
ducted in 3D–BASIS-ME, which is an academic software developed by Tsopelas 
et al. (1994) that can efficiently be used to model and conduct dynamic analyses of 
seismically isolated liquid storage tanks. The subject program follows the mechani-
cal analog provided by Haroun and Housner (1981) to model the base-isolated liq-
uid storage tanks. While the readers are referred to Haroun and Housner (1981) for 
theoretical details, in brief, Haroun and Housner’s analog takes into account the 
deformability of the tank wall along with sloshing of the fluid and models the fun-
damental sloshing mode and the fundamental tank-fluid vibration mode as single-
degree-of-freedom systems. For modeling base-isolated liquid storage tanks, 
Tsopelas et al. (1994) suggested that these single-degree-of-freedom systems can be 
modeled to be supported on a common rigid basemat that is placed on an isolation 
system. In addition, the convective fluid would be attached to the concrete basemat 
rigidly. For this benchmark model, the weights of the sloshing fluid mode, the tank-
fluid vibration mode, and the rigid-convective fluid mode, including the weight of 
the concrete basemat, are 16317 kips (72581.6 kN), 12000 kips (53378.7 kN), and 
3824 kips (17009.999 kN), respectively, while the critical damping ratios for the 
abovementioned first two modes are assumed to be %0.5 and %2, respectively.

There are 52 identical elastomeric isolators placed in a double-symmetric way 
underneath the rigid concrete base mat. Typical center-to-center distance between 
these isolators is equal to 17 ft (5.18 m). The rigid-body-mode isolation period (T0) 
of the liquid storage tank in question is taken as 4 s, while yield displacement (Dy) 
is assumed as 1.5 cm. The characteristic strength ratio (Q/W) of the isolation system 
is taken as 5%, excluding the sloshing mode weight of 72581.6 kN. The isolation 
period, yield displacement, and characteristic strength ratio are among the typical 
practical range of commonly used isolation system properties. Using a bi-linear 
force-deformation relationship (Naeim and Kelly 1999), the related post-yield stiff-
ness (K2) and pre-yield (K1) stiffness values for the isolation system would be equal 
to 17704.10 kN/m and 252552.1 kN/m, respectively.

7.3  �Synthetically Developed Pulse Models

As mentioned in the introduction, many researchers are focused on investigating 
various aspects of the responses of seismically isolated structures subjected to near-
fault earthquakes. But, the number of recorded historical earthquakes including 
near-fault effects can be insufficient to perform comprehensive parametric studies. 
In order to meet this need, various synthetic pulse models are proposed in the litera-
ture, which simulate the near-fault pulse by considering systematically varied 
parameters. Two of these models (Makris 1997; Agrawal and He 2002) are used in 
various research studies owing to their analytical simplicity:
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	(A)	 Makris (1997) developed cycloidal Type-A and Type-B pulse models that rep-
resent the pulse-like ground motions with forward and forward-backward 
velocity pulses, respectively. The ground acceleration, velocity, and displace-
ment expressions of Type-A are given by

	
üA p p pt t t T( ) = ( ) ≤ ≤ω α ωsin 0

	
(7.1)

	
u t t t TA p p( ) = − ( ) ≤ ≤α α ωcos 0

	
(7.2)

	
u t t t t TA p p p( ) = − ( ) ( ) ≤ ≤α α ω ω/ sin 0

	
(7.3)

Similar analytical expressions for Type-B are given as:

	
üB p p pt t t T( ) = ( ) +( ) ≤ ≤ω α ω π2 2 0sin /

	
(7.4)

	
u t t t TB p p( ) = −( ) +( ) ≤ ≤2 2 0α ω πcos /

	
(7.5)

	
u t t t TB p p p p( ) = ( ) − ( ) +( ) ≤ ≤2 2 2 0α ω α ω ω π/ / sin /

	
(7.6)

Here, ωp is the circular frequency of the sinusoid; α  = υp/2 is the half of the 
amplitude of the pulse velocity and the pulse period (Tp) is calculated as Tp = 2π/ ωp.

	(B)	 The other popular pulse model (Agrawal and He 2002) presents the closed-
form approximations for representing forward rupture directivity effects of 
pulse-like ground motions. The displacement and the velocity functions are 
given as follows:

	
u t se t tt

p( ) = ( ) − ( )  + 
β β ϕ ϕ ϕ ϕ ωsin cos /s 2

	
(7.7)

	
u t se tt( ) = ( )β ϕsin

	
(7.8)

Then, the ground acceleration function is obtained by differentiating Eq. (7.8):

	
ü t se t tt

p p p p( ) = ( ) + ( )  = − = −β β ϕ ϕ ϕ β ζ ω ϕ ω ζsin cos , , 1 2

	
(7.9)

where the initial amplitude of the pulse is (s); the pulse decaying factor is (ζp), and 
the circular frequency of sinusoid is (ωp).
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7.4  �Recorded Near-Fault Ground Motions

Two representative, recorded near-fault earthquakes with long-period and large-
amplitude velocity pulses are simulated in this study. The time-histories of the 
RRS228 component of the 1994 Northridge Earthquake, which is recorded at the 
Rinaldi Receiving Station, and N90 component of the 1992 Landers Earthquake at 
Lucerne Valley Station are obtained from the PEER Strong Ground Motion Database 
(2005) and COSMOS Virtual Data Center (2013), respectively. The peak ground 
acceleration (PGA) and velocity (PGV) of the RRS228 record are 0.838  g and 
166.1 cm/s, respectively, and the PGA and PGV of the N90 record are 0.731 g and 
145.45 cm/s, respectively.

For evaluating the capability of the Makris (1997) and Agrawal and He (2002) 
pulse models in representing the historical, near-fault ground motions on the 
response of the seismically isolated liquid storage tank, the synthetically developed 
counterparts of RRS228 and N90 components are created by these pulse models. 
The synthetic pulse model parameters used for modeling the RRS228 component 
are taken from Makris and Chang (2000) and Agrawal and He (2002), whereas the 
parameters of the N90 component are obtained from Makris (1997) and Agrawal 
and He (2002). These parameters are reported in a graphical format in Fig. 7.2.

The compliance between the velocity time-histories of the recorded ground 
motions and their synthetic pulse counterparts, which are generated by making use 
of Eqs. (7.2), (7.5), and (7.8), are illustrated in Fig. 7.3. As seen in Fig. 7.3, the 
general trend of the velocity time-histories of generated records capture the real 
records well.

For a quantitative comparison, the peak values and the root-mean-square (RMS) 
values of the velocity time-histories for all cases are tabulated in Table 7.1. It is clear 
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Fig. 7.2  Ground motion parameters for the pulse models (parameters are obtained from Makris 
(1997); Makris and Chang (2000); and Agrawal and He (2002))
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that, for all models, both the peak and the RMS values of the pulse models are close 
to the corresponding values obtained from the real, historical records. However, the 
focus of this study is rather on determining the capability of the Makris (1997) and 
Agrawal and He (2002) pulse models in representing the effects of the subject 
RRS228 and N90 motions on the seismic responses of the benchmark, seismically 
isolated liquid storage tank, which is discussed in the next section.

7.5  �Results

In order to evaluate the capability of the Makris (1997) and Agrawal and He (2002) 
pulse models in representing the effects of historical, near-fault ground motions on 
the responses of a prototype, seismically isolated liquid storage tank, nonlinear time 
history analyses of the benchmark model are carried out under both the recorded 
ground motions (RRS228 and N90) and their synthetically generated counterparts 
via 3DBASIS-ME (Tsopelas et al. 1994).

First of all, in order to provide a visual comparison of the seismic responses 
obtained under the real historical records and the synthetic ground motion pulse 
models, the time-history plots of base displacement (BD), sloshing displacement 
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Fig. 7.3  Velocity time histories: RRS228 record and N90 record

Table 7.1  Peak and RMS values of the velocity time-histories

Earthquake component
RRS228 N90
Peak (cm/s) RMS (cm/s) Peak (cm/s) RMS (cm/s)

Original record 166.05 26.94 145.45 40.96
Makris type-A 175.00 24.79 115.30 36.40
Makris type-B 130.00 27.11 115.30 39.16
Agrawal & He 151.66 24.03 128.91 41.21
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(SD), isolation system shear force (ISSF), and fluid-tank interaction shear force 
(F-TSF) are given in Fig.  7.4 under N90 (a-d) and RRS228 (e-h), respectively. 
Although all pulse models seem to capture the response histories in a global sense, 
it can be observed that under both the RRS228 and N90 record, the best fit seems to 
be provided by the Agrawal and He (2002) model, followed by the Makris (1997) 
Type B particularly in case of N90. In case of RRS228, there is a non-matching 
reversal pulse observed in base displacement and isolation system shear force in the 
case of the Makris (1997) Type-B for RRS228 record. The worst match, particularly 
in terms of sloshing displacement, is obtained by the Makris (1997) Type-A pulse 
model. Please note that the Makris (1997) Type A pulse model was not as successful 
as the other models in terms of capturing the velocity time history of the actual 
ground motion records (see Fig. 7.3).

Although there still exists a general compliance between the time histories cor-
responding to the synthetic pulse models and the actual recorded ground motions, 
none of these time histories fits each other exactly. Synthetic pulses may seem to 
lack in capturing the structural responses caused by the actual ground motions due 
to their lack of high frequencies (Rupakhety and Sigbjörnsson 2011), as seen in 
Fig. 7.4h.

In order to compare peak and root-mean-square (RMS) seismic response values, 
calculated peak and RMS values are provided in a comparative fashion in Fig. 7.5. 
Peak seismic responses obtained under historical, near-fault earthquake records 
(N90 and RRS228) and their synthetically generated counterpart ground motions 
are given in Fig. 7.5a, b, whereas RMS seismic responses are presented in Fig. 7.5c, 
d. It is clearly observed from these figures that both the peak and RMS responses 
obtained under the synthetic pulse models are within the ballpark values obtained 
under actual historical records. However, in order to specifically determine which 
pulse model works the best and which response can be captured well in detail, i.e., 
for quantifying the level of consistence between the real record and their syntheti-
cally generated counterparts in terms of the seismic responses, the error ratios of 
peak and RMS values are calculated via the following equation:

	
er r rgenerated real= /

	
(7.10)

where er is the error ratio; rgenerated is the value of the structural response obtained 
under the synthetic ground motion, and rreal is the value of the structural response for 
the real, historical earthquake record. A value of er = 1.0 represents the condition 
where the subject seismic response obtained under the real, historical near-fault 
earthquake record is captured perfectly by the synthetic ground motion pulse model. 
If er < 1.0 or er > 1.0, it would mean that the seismic analysis that made use of the 
synthetic ground motion pulse model had underestimated or overestimated the seis-
mic response to be obtained under the real, near-fault earthquake record, 
respectively.

The error ratios calculated for both the peak and the RMS values of the responses 
are presented in Fig. 7.6. A first observation is that although the success of the pulse 
models in representing the actual, near-fault earthquake records in terms of the 
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resulting seismic responses varies depending on the type of the response parameter, 
in general, the Agrawal and He (2002) pulse model followed by Makris (1997) Type 
B provides better fits compared to the Makris (1997) Type A pulse model. The error 
ratios in peak values for the Agrawal and He (2002) pulse models are within the 
range of 0.87 to 1.12 (max 13% difference) except for the sloshing displacement 
response error ratio, which is 0.67 in the case of RRS228. The error ratios in peak 
values for the Makris (1997) Type B pulse models are within the range of 0.85 to 
1.30 (15% underestimation to 30% overestimation). Note that the maximum error 
ratios (0.85 and 1.30) are again in the sloshing displacement response. Furthermore, 
although the error ratios in terms of RMS values deviate from 1.0 more compared 
to the error ratios in terms of peak values, in general, the tendencies in error ratios 
of the RMS values as observed from Figs. 7.6c, d, are in parallel with the tendencies 
observed in error ratios of the peak responses.

7.6  �Conclusions

Near-fault earthquake records may contain long-period velocity pulses with high 
amplitudes which may be close to, or even coincident with, the periods of isolation 
systems and/or the period of the sloshing fluid inside the seismically isolated liquid 
storage tank. This may cause unacceptably large isolation system and/or sloshing 
fluid displacements that would threaten the safety of the isolation system and the 
tank superstructure. Thus, recently, both engineers and researchers have focused on 
investigating the behavior of seismically isolated liquid storage tanks under near-
fault earthquakes. However, there is a scarcity of the number of recorded near-fault 
ground motions as of today, and thus, artificially developed near-fault earthquakes, 
which are also known as pulse models, are being used as an alternative. In order to 
investigate the capability of the Makris (1997) Type-A and Type-B and Agrawal and 
He (2002) pulse models in representing the effects of pulse-like, near-fault ground 
motions on the responses of seismically isolated liquid storage tanks, the compari-
son of bearing displacement, sloshing displacement, isolation system shear force, 
and fluid-tank shear force responses of a prototype, seismically isolated liquid stor-
age tank under historical earthquakes and their approximate counterpart synthetic 
pulse models is presented in this study.

It is concluded that the success of the investigated pulse models in representing 
the actual, historical, near-fault ground motions in terms of the seismic responses of 
seismically isolated liquid storage tanks vary with respect to the characteristics of 
the historical earthquake record and the type of the seismic response. Regardless, it 
can be said that, in particular, the Agrawal and He (2002) and Makris (1997) Type-B 
pulse models are very successful in terms of capturing the overall bearing displace-
ment, isolation system shear force, and fluid-tank shear force response behaviors. 
Although their success is slightly lower when it comes to sloshing displacements, it 
can still be read as acceptable considering that a very simple pulse, which can be 
defined as a closed-form analytical formulation, is successful in representing a real 
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earthquake record with a frequency content similar to the records considered in this 
study. However, the investigation should be enhanced by use of more, recorded, 
near-fault earthquakes containing various frequencies in order to make a more gen-
eral conclusion on the success of such pulse models in representing the effects of 
near-fault ground motions on the responses of seismically isolated liquid storage 
tanks.
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Chapter 8
Initial Wave Height and Total Energy 
of Landslide-Generated Tsunamis 
from Translatory Wave Theory

Jonas Elíasson

Abstract  The conventional opinion of scientists is that tsunamis are usually caused 
by earthquakes, but the discovery of the huge submarine landslides on the continen-
tal shelf of the North Atlantic Ocean has changed this view considerably. Most 
tsunamis are triggered by earthquakes, but if it starts a landslide, the tsunami can 
become enormous, even though the earthquake is small. The energy balance in such 
tsunamis was studied for the first time using the translatory wave theory by Eliasson 
and Sigbjörnsson. The theory was originally proposed by Eliasson. The mechanical 
wave energy generated in tsunamis of such origin is estimated for landslides on 
mountain slopes and submarine landslides. The initial tsunami wave height is esti-
mated and compared to the results of the block slide estimation method. The energy 
transmission of the water wave can be translatory or by a solitary group of oscilla-
tory waves where the length of the group varies according to water depth. In a case 
study, the Tohoku tsunami and earthquake in 2011 in Japan is found to be caused by 
a coseismic slip and a landslide in combination. A discussion of applying the theory 
to find a hazard curve for a tsunami wave from different sources at a given location 
is discussed.
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8.1  �Introduction

When an earthquake triggers a tsunami, the tsunami can become enormous even 
though the earthquake is small. Some years ago, it was discovered that huge subma-
rine landslides on the continental shelf of the North Atlantic Ocean have caused 
large tsunamis. In Bryant (2014) Table 7.1, 11 submarine landslides with slide vol-
umes 20–20.000  km3 are listed. Submarine landslides of that magnitude run as 
translatory waves.

The energy balance in such tsunamis was studied for the first time using the 
translatory wave theory by Eliasson and Sigbjörnsson (2013). Translatory waves 
have been known for a long time (Stoker 1957) without the theory being widely 
used, but the theory for translatory wave tsunamis was originally proposed by 
Eliasson (2008).

Translatory flood waves can be produced by successive flow augmentations in 
rivers from rain bursts when successive waves, each caused by a flow increase, 
merge into one flood wave that travels down the river channel at high speed. The 
destructive power of such floods may be enormous (Eliasson et al. 2007).

The numerical treatment of such waves using the numerical solutions of the St. 
Venant’s equations is well known (see e. g. Julien 2002), but the name translatory 
wave is usually not mentioned. Analytical solutions are possible for stationary flows 
using a constant velocity wave progressing down an inclined plane or in a funnel as 
in Eliasson et al. (2007), where it is also demonstrated that numerical solutions of 
the St. Venant’s equations can produce exactly that kind of flow.

In the onset of a landslide, the debris will accelerate from zero velocity up to 
terminal velocity rather quickly and move from there as a flow controlled by the 
slope and the internal friction in the slide. This is exactly what a translatory wave 
does, so this solution to the St. Venant’s equations is the chosen tool to investigate 
the energy balance in landslide flows. This was done in Eliasson and Sigbjörnsson 
(2013) (see Fig. 8.1 in the paper) and here this result is applied to tsunamis.

Prediction of tsunamis is very important in disaster prevention, and a large warn-
ing system is maintained all over the world. Numerical simulations of tsunami 
waves are an invaluable part of the warning system (Kerridge 2005; Ward and 
Asphaug 2003; Tinti et al. 1999), but the uncertainty about initial wave heights (Day 
2003), and total wave energy generation is a problem.

There are also several snags in the numerical modeling of tsunamis. Ordinary 
storm waves create steep wave crests that break in the shore line, but tsunamis are 
more like a bore or a moving hydraulic jump, as seen in Fig. 8.1. A lot of energy is 
lost in the jump, but how this affects the final inundation height is unclear as the 
bore keeps moving inland with water behind it that has not lost any energy. Then 
there is the role of the wave dispersion and reflection (Dutykh and Dias 2009), it is 
sometimes present and sometimes not depending on the bathymetry.

In short, mathematics and numerical schemes are well developed in tsunami 
modeling, but there are pitfalls that can be difficult to avoid. Still, the initial condi-
tions in the source area are the biggest uncertainty. It has, therefore, been concluded 
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that verification and validation are necessary for each case, even for models that 
have been through this process before (Synolakis et al. 2008).

8.2  �Lanslide Tsunamis

8.2.1  �General Properties of Submarine Translatory Wave 
Slides

The following formula describes the front of a translatory wave in an inclining 
channel (Eliasson and Sigbjörnsson 2013).
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(8.1)

The following notation is used:
y	 landslide thickness (also called depth)
y0	 landslide normal depth (uniform flow)
V	 wave velocity of the landslide
x	 streamwise coordinate
t	 time
g	 acceleration of gravity
I0	 channel slope

Fig. 8.1  Difference between storm waves (a) and tsunamis (b)
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The form, represented in Eq. 8.1 is an approaching wave that passes the origin at 
time zero, x = t = 0 = > y = 0, arriving at any point x, at the time t = x/V. A plot of 
the function is shown in Fig. 8.1 in Eliasson et al. (2007). As time progresses, y 
approaches the normal depth y0 value, there the water velocity is:

	
V C g y IT= ′

0 0 	
(8.2)

CT is the total flow resistance coefficient, and g’ is the reduced acceleration of 
gravity. Estimates of CT are given in Eliasson and Sigbjörnsson (2013). When the 
normal depth, y0, is large, the V becomes very large (see Fig.  8.2). The normal 
depth, y0, can be calculated from Eq. 8.2 if V is known and vice versa. The maxi-
mum debris flow is q = V y0. It may be shown that after the wave passes any point, 
the depth of the debris flow, y, approaches the normal depth, y0, very quickly and 
when the bottom slope I0 changes, y0 and V adapt quickly to the new environment 
(Eliasson et al. 2007). Theoretically, the wave stops when I0 becomes zero. In prac-
tice, this happens earlier. During the flow, a lot of water gets mixed into the debris 
flow. This water flows out again when the velocity goes down. This means that the 
higher internal friction, CT in Eq. 8.2, gets larger and the slide stops long before it 
reaches flat bottom, I0 = 0, just as avalanches on dry land. Exactly when this happens 
cannot be determined, analytically nor numerically.

Compared with translatory waves on land, they run in exactly the same manner, 
we just have to replace g’ with g. Application of St. Venants equations to simulate a 
flood wave travelling over dry land simulates a submarine translatory wave per-
fectly, and such flood waves create a tsunami when they flow out in the sea (Eliasson 
2008).

Analytical expressions describe the front of the translatory wave. The back side 
is not a stable wave but a backwater recession. When all this is put together, the 
translatory wave looks like the schematic diagram shown Fig. 8.3.

The slide creates a disturbance on the surface that progresses with velocity, C, in 
the direction of the slide. The slide itself has the moving translatory wave in front 

Fig. 8.2  Velocity V of a 
submarine translatory wave 
for three slopes I0
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but the recession part, or the tail, behind the wave. This tail starts where the scar left 
by the wave ends, so the point where it meets the wave profile (see Eq. 8.1) moves 
towards the wave head. The tail will thus eat up the wave if it does not stop before 
that happens. The broken line behind the wave marks how long back we have to 
stretch the wave form to have an equal amount of debris inside the dotted line as is 
in the tail.

Let us suppose that Fig. 8.3 shows the situation when the wave stops. The effec-
tive length of the wave, Ls, will not increase any further, but the V has still the theo-
retical value given by Eq. 8.2.

In this situation, we consider three cases when estimating the total energy and 
wave height, h. To do so, we assume y0 < < D, water velocities V to be small (V < < 
C) and potential energy dominating.

	

Case

V C gD V is the theoretical value of V Eq

Case

V C gD V

1

8 2

2

> =

< =

, , . . .

, iis the theoretical value of V Eq

Case
Sudden increase in the de

, . .8 2

3
ppth D immediately in front of the wave.

(8.3)

8.2.2  �Expressions for Energy and Wave Height

The mechanical wave energy generated in the three cases is estimated. The different 
types are landslides down mountain slopes, submarine landslides or plates moving 
vertically and horizontally. The initial tsunami wave height is estimated and com-
pared to results from other estimation methods. The energy transmitted to the water 
by the movement of the landslide is estimated from the moving mass and the total 
wave energy estimated from the amount of mechanical energy in the slide using the 
assumption that turbulent energy transmitted to the water cannot be regenerated as 

Lh

C
h

Ls

D

y0 V

Fig. 8.3  Schematic picture of a submarine landslide with normal depth y0 progressing with veloc-
ity V
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mechanical wave energy. The wave energy transmission away from the source area 
can be translatory or by a solitary group of oscillatory waves, where the length of 
the group varies according to water depth. The wave transmission and shoaling can 
be estimated in numerical models, but the run up height and attenuation are very 
difficult to control in numerical calculation because of difficulties in modeling the 
breaking of water waves and the amount of energy dissipated in this process 
(Svendsen 2006). The emphasis will, therefore, be on wave energy generation in the 
source area.

8.2.2.1  �Case 1

In this case, the surface disturbance, or the water wave, cannot run away from the 
translatory wave, i. e., the submarine landslide that causes it. The two wave fronts 
will, therefore, be at the same place, or the same coordinate x, at any time. This is 
the situation shown in Fig. 8.3.

The water volume above the still water level will, therefore, simply be equal to 
the displacing volume or the total volume of the slide. In estimating the energy, we 
have to distinguish between two schemes in both cases, a slide that originates from 
land (a) or a slide that originates at the sea bottom (b).

8.2.2.2  �Case 1a

The slide has a certain width, B. The displaced water volume will be equal to the 
total volume of the slide, WT

	
W B y By Lh Vt xT a

Lh

1

0

0= ≈ = −∫ dξ ξ;
	

(8.4)

In reality, WT < y0Lh so WT = y0Lh is on the safe side, but the approximation will 
be acceptable as the front of the translatory wave is very steep. This can be deducted 
from Eq. 8.1, and Fig. 8.6 in Eliasson et al. (2007) and shows this property of the 
translatory wave very well.

The slide will hit the water with a great splash and run on the bottom until it 
stops. As the Case 1 water wave cannot outrun the slide, the water will be lifted the 
distance y0 from the bottom, and this will be the resulting height of the water wave 
when the slide suddenly stops. This added potential energy will be the energy of the 
water wave. In that situation, the energy added to the water will be:

	 E y B LW a T a h1 0 1 0
2= =½ ½ρ ρgW gy 	 (8.5)

The wave will progress in the x direction with the shallow water velocity 
C gD= . In a numerical model, the initial condition for the tsunami wave height 
h will be zero everywhere except in the source area where h = y0 in a square of size 
B Lh.
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8.2.2.3  �Case 1b

The slide will leave a scar in the seabed of size LsB. A part of the slide, κ Ls will be 
outside the scar and leave a hole in the scar area of κLsB. We assume 0 < κ ≤ 1.

	
W B y y L  Vt xT b s1

0

0= ≈ = −∫
κ

ξ κ ξ
Ls

d B ;
	

(8.6)

Assuming the hole in the scar to be of volume WT1b we will find:

	 E y gW gy BLW b T b s1 0 1 0
22= =½ ρ ρ 	 (8.7)

8.2.2.4  �Case 2

In this case, the water wave will run away from the translatory wave. The water 
wave front will therefore be at a coordinate xw when the slide stops. In this case, the 
wave on Fig. 8.3 would be ahead of the front of the slide, because when the slide 
passes the point where V = C, or the depth D = V2/g, the surface wave will run faster 
than the slide from that point.

In estimating the energy, we still have to distinguish between the two schemes (a) 
and (b) as before.

8.2.2.5  �Case 2a

The position of this point on the slope, xv, has to be identified using Eq. 8.2. With 
Cm denoting the average shallow water wave velocity in xw – xv, we will have:

	
L x x x C Vha v w v m= + ( )– /

	
(8.8)

The slide has a certain width, B. The displaced water volume will be equal to the 
total volume of the slide, WT,

	
W B y By xw; Vt x; 0 in x xT a

xw

w1

0

0= ≈ = − = =∫ dξ ξ ξ
	

(8.9)

but the wave height will be slightly less than before.

	 h y x La w ha2 0= / 	 (8.10)
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The energy of the water wave becomes:

	 E  h  LW a a ha2 2
2= ½ ρgB 	 (8.11)

In a numerical model, the initial condition for the tsunami wave height, h, will be 
zero everywhere, except in the source area, where we will have h = h2a in a square 
of size B Lh.

8.2.2.6  �Case 2b

If the slide starts where C < V, we will have:

	
L L x x C Vhb s w v m= + ( )– /

	
(8.12)

However, it is possible that the slide starts at a point where C > V. This will be 
discussed in the next section.

The slide will leave a scar in the seabed of size LsB. A part of the slide, κ Ls long, 
will be outside the scar and leave a hole in the scar of area κLsB. At = 0 there will 
be a through in the water table approximately corresponding to this hole. It is not 
shown in Fig. 8.4.

	
W B y y Ls; Vt x; 0 in x xT b w2

0

0= ≈ = − = =∫
κ

ξ κ ξ ξ
Ls

d B
	

(8.13)

To find h2b, the wave height as in Eq. 8.10, we have to use the relation:

	 h L Wb hb T b2 2= 	 (8.14)

The hole is y0 deep, but the wave is h2b high, so the energy of the water wave 
becomes:

	
E y h L  gBW a s b hb2 0

2
2

2= +( )½ κ ρL
	

(8.15)

8.2.2.7  �Case 3

A translatory wave with the velocity given by Eq. 8.2 will, in theory, continue to 
flow until the bottom slope, I0, is zero, but will stop before that, as already stated. 
The water wave will, therefore, run into deeper water with the higher wave velocity 
of C2, and that affects the wave height. When I0 fades out to a flat bottom, there is no 
problem in the numerical model. In the rare occasions when there is a sudden 
increase in the ocean depth, it may provide better results to find the height, h2, of the 
initial wave in the deeper water.
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h h C C h D D2 1 1 2

1 2

1 1 2

1 4
= ( ) = ( )/ /

/ /

	
(8.16)

Here, index 1 refers to shallower and 2 to deeper water. Equation 8.16 assumes 
continuous energy flow and the translatory wave motion to be preserved. However, 
the translatory wave may be transformed into a group of oscillatory waves. The 
details of this transformation are not clear.

Similarily, it is not quite clear what will happen in the case when the slide starts 
at a depth where C > V. In this case, the point marked with xv in Fig. 8.4 does not 
exist, but if the run time of the slide can be estimated, the water wave height can 
easily be found.

8.3  �Discussion and Comparison

The translatory wave theory is a simple and effective way to derive initial conditions 
for use in numerical tsunami models. Its results may be compared with other 
models.

One of the most interesting is the well-known block slide model. There, we have 
a single block sliding down a plane with inclination, α, and internal friction, φ°. As 
the frictional force in the block slide model is constant, but increases with the veloc-
ity squared in the translatory wave model, the terminal velocity of the block will be 
many times that of the translatory wave (Eliasson and Sigbjörnsson 2013). In most 
cases, the length of a landslide will be greater than the length of a corresponding 
block, but the block wave will be higher if the total volume is the same.

A large block sliding a long way at high velocity underwater is a bit unrealistic. 
To divide the slide into many blocks, or a train of blocks, is a good remedy against 
this drawback (Tinti et al. 1997), but the model still suffers from the fact that the 
friction is constant at all velocities. Block slide models may be good for a small 

h

Lha

Ls

y0 V

D

C

xv

xw

Lhb

Fig. 8.4  Schematic picture showing how a Case 2 submarine landslide is different from the slide 
shown in Fig. 8.3
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sliding distance and low velocities, then the blocks have a chance to stay in one 
piece. But at high velocities, the blocks must break up into rubble. Then we have a 
translatory wave slide, so the terminal velocity will, in most cases, be closer to that 
model.

8.4  �Case Study: Tōhoku Tsunami, Japan

The most famous tsunami event of recent years took place off the Pacific coast of 
Tohoku, Japan, on Friday 11 March 2011 at 05:46 UTC. It was caused by a Mw 9.0 
undersea megathrust earthquake with the epicenter approximately 70 km east of the 
Oshika Peninsula of Tohoku and the hypocenter at an underwater depth of approxi-
mately 30 km (see Fig. 8.5). The earthquake event and the devastation caused by the 
tsunami are very well documented (see for e.g. Wikipedia 2016, and associated 
references).

From the data obtained in the exploratory drilling at the site shown in Fig. 8.5, it 
was concluded (JAMSTEC 2013) that the tsunami was caused by the huge mass 
movement shown in Fig. 8.6.

The details of the bottom deformation are estimated in Fuji et  al. (2011) and 
pictured in their Fig. 3b. The contours shown there look like a slide scar 150 km 
long with Ls and B about 110 km and y0 about 8 m, using the symbols in Fig. 8.4. 

Fig. 8.5  Location chart of the tsunami site with the epicenter (red star), a drilled exploration well 
(site C00 19; see also Japan Agency for Marine-Earth Science and Technology (JAMSTEC 2013)
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This would be a Case 2b slide, stopping 25–75 km from the trench (Fig. 8.6) where 
the average slope is about 4/50 or I0 = 9%. It is interesting to note that layers of fine 
sediments on such a slope can easily liquefy, slide down the slope and cause a bot-
tom deformation similar to the one pictured in Fuji et al. (2011).

No evidence has been found to support this suggested slide event, but the infor-
mation on the bottom deformation given in Fuji et al. (2011) is considered reliable 
and it is supported by a co-seismic slip model (see GIS 2011.

The suggested slide would have characteristics that can be calculated using the 
equations for the Case 2b slide, with the note on the deep water slides given in the 
Case 3 section because the slide occurs at great depth with the high velocity of tsu-
nami waves, so Eq. 8.12 does not apply. Instead, the run time of the slide has to be 
estimated to obtain the Lbh.

If the slide is due to liquefaction, the movement will start at the onset of the 
strong motion and stop with it. According to graphs in Fuji et al. (2011), this time is 
about t = 30 sec.

Using the velocity V = 2 m/s, we get a horizontal flow path of 60 m. This corre-
sponds fairly well to Fig. 8.7, giving 56 m as the maximum horizontal deformation. 
We also get Lbh = 250*30 = 7500 m = 7.5 km. As the flow path is short, the κ ~ 0. 
Now we get

	 L Ls kmbh = + = + =7 5 110 7 5 117 5. . . 	

Next, we need the slide volume. Figure 8.6 shows the coseimic movement as a 
thick brown arrow inclining 9% upwards. The liquefied mass is sliding 9% down-
wards, so the resulting displacement is fairly horizontal. The uplift caused by the 

Fig. 8.6  The co-seismic mass movement and the subsequent mass movement at the ocean bottom 
(from JAMSTEC 2013)
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coseismic movement means that there will be just a small hole in the scar area. This 
means a modification of Eqs. 8.12, 8.13, 8.14, and 8.15 to the following

	 W By L mT b s2 0
10 31 110000 8 110000 9 6810= = =∗ ∗ ∗ . . 	

	
h W L B mb T b hb2 2 8 110 117 5 7 5= ( ) = =∗/ / . .

	

	 E h L gB NmW a b hb2 2
2 2 157 5 117500 1025 9 81 110000 3 6 10= = =∗ ∗ ∗ ∗½ ½ . . .ρ 	

The simulation from NOAA (2011) shows the spread of the translatory tsunami 
very well. Comparing this with a ring wave spreading in an effective 90° conical 
channel gives a resulting average wave height of 2–3 feet in a distance of 900 km 
from the source. According to C = 250 m/s, this should occur after 1 h. This checks 
fairly well against Fig. 8.8.

Fig. 8.7  The 2011 off the Pacific coast of Tohoku Earthquake: Coseismic Slip Distribution 
Model
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It is found that the coseismic movement documented by Japanese scientists is 
also accompanied by a landslide that explains the bottom deformations that caused 
the very strong Tohoku tsunami in the Pacific Ocean, simulated numerically by 
Japanese and USA scientists (GIS 2011, NOAA 2011). This suggests that the co- 
seismic slip of the earthquake triggers a sliding of the surface sediments. In combi-
nation, they cause the bottom deformation. Finally, it can be concluded that the 
co-seismic slip and the landslide are both responsible for the Tohoku tsunami in 
March 2011, not the co-seismic slip alone.

This result can be checked against the simulation results published in NOAA 
(2011).

8.5  �Applications of the Translatory Wave Theory

Using translatory wave theory to estimate the expressions for energy and wave 
height in the source area (Sect. 8.2.2) opens up the possibility of estimating the 
exceedance statistics for the tsunami wave height in a given location.

To find tsunami wave heights in a given point, the potential source areas have to 
be known, and the transfer functions for the wave energy and height have to be 

Fig. 8.8  Spreading of the Tohoku tsunami in the Pacific Ocean March 11th 2011 (NOAA Center 
for Tsunami Research, Pacific Marine Environmental Laboratory; NOAA (2011) (Printed in the 
NY Times)
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known, too. Approximate analytical methods can give good results as a first approx-
imation, as is demonstrated in the case study presented above.

In Eliasson and Sigbjörnsson (2013), hazard curves for a reference point in south 
Iceland are presented. The tsunami wave heights are estimated in the reference 
point; the frequency of the event at the source is estimated, and after the transfer 
functions have been applied, the hazard curves are found by numerical integration.

This process involves the following steps:

	1.	 Identification of the seismic event and its interval of recurrence.
	2.	 Estimation of the translatory wave. There does not have to be one; the deforma-

tion may not have a linear dimension large enough to create a rubble slide, then 
so the deformation can be estimated from the seismic moment. This is done in 
Eliasson and Sigbjörnsson (2013) applying Okal and Synolakis theory (Okal and 
Synolakis 2003).

	3.	 The source values for the energy and wave height in the source area have to be 
estimated, both the average value and the coefficient of variation (standard devi-
ation/mean value).

	4.	 Numerical integration of all the different probabilities of occurrence into one 
hazard curve for the reference point.

The effect of the coefficient of variation on the hazard curve is quiet surprising. 
The estimation of its value is very difficult. Usually there are not enough observa-
tions of serious tsunami events in order to establish a reliable value for this coeffi-
cient. However, to leave it out corresponds to estimating its value to be zero, and 
that is totally unsatisfactory. In Fig. 8.4 in Eliasson and Sigbjörnsson (2013) the 
effect of three different values, common in geophysical data, is demonstrated and 
the difference is quite striking.

Such analyses are very important in order to identify the sources that cause the 
largest tsunami threats. To take an example, there are 8 identified tsunami sources in 
the North Atlantic Ocean, 6 of these contribute significantly to the previously 
described hazard curve in the danger zone. This is the zone above 2 m, meaning that 
the tsunami has to be 2 m or higher to pose any significant threat alone, i.e., without 
being accompanied by a flood of different origin.

8.6  �Conclusions

The translatory theory can explain generation of tsunamis that are otherwise diffi-
cult to explain. It is particularly handy to explain the initial surface disturbance that 
is the onset of the tsunami and the associated wave energy. This is because both the 
landslide and the tsunami wave behave like translatory waves. Later, the tsunami 
wave can develop into an oscillatory wave in deep water.

The translatory wave is a pseudo-stationary flow process but different from sta-
tionary flows in classical hydraulics as the surface moves in a fixed frame but does 
not stand still. This implies that equations of ordinary hydraulics do not work on 
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translatory waves. On the other hand, numerical simulations using the full St. 
-Venant equation system show the same results for the incoming wave as obtained 
by translatory wave theory.

This theory leads to simple formulas that give the initial wave height and wave 
energy in the source area of the tsunami. Distinction has to be made between two 
cases: Case 1, slides originating from land and Case 2, slides formed on the bottom. 
Each case must be divided in two schemes: (a) if the surface disturbance is in the 
same phase as the front of the slide or (b) if the surface wave outruns the slide. 
Every time the results are simple formulas for the initial wave height and energy. 
When the path of the tsunami runs over deep water immediately following the 
source area, it may be convenient to use the same transported energy defined in Case 
3. This is a translatory wave in the deep water with the same energy transport as the 
source area wave, but with higher speed of propagation and lower wave height.

Analyses like these can be extended to form a part of a procedure that gives, as a 
result, a hazard curve for the probability of occurrence of tsunamis of certain height 
at a given location. Further research on this problem is considered important.
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Chapter 9
Surface Strain Rate Tensor Field for Iceland 
Based on a GPS Network

Ragnar Sigbjörnsson, J. Snæbjörnsson, G. Valsson, Th. Sigurdsson, 
and Rajesh Rupakhety

Abstract  The theme of this paper is the transformation of velocities from a GPS 
network into a surface strain rate field that illustrates recent and underlying move-
ments within the tectonic system of Iceland. The surface strain rates presented are 
derived using GPS measurements at the base stations of the National Land Survey 
of Iceland reference network. The GPS observations are discussed, and the derived 
average velocity field for an 11-year period, from 1993 to 2004, is presented. The 
measurements at the westernmost and the easternmost points, which are located on 
the oldest parts of the country, i.e., the North America plate and the Eurasia plate, 
respectively, show the rigid movement of the two crustal plates. The average north-
wards velocity of the two plates is 25 mm/year, and the differential movement is 
22 mm/year in the direction 281° from north. The definitions of strain rate tensor 
and vorticity tensor are outlined and applied in a numerical analysis to derive tensor 
strain rates from the GPS data. The strain rate tensor field is displayed on maps 
showing normal and shear strain rate fields, along with principal and dilatation rate 
fields, as well as the vorticity field. The derived tensor fields are discussed and inter-
preted in relation to the present-day view on the tectonism of Iceland and recent 
tectonic activity. The results indicate that most of the significant strain is concen-
trated on a tongue zone that goes from the North American plate into a slit in the 
Eurasian plate. The results clearly show the strained volcanic zone of Iceland and 
the rigid zones with zero strain on either side of it.
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9.1  �Introduction

The objective of this study is to map crustal strain rates in Iceland as inferred from 
surface observations applying the global positioning system (GPS). GPS observa-
tions and the derived average velocity field for the period 1993 to 2004 are pre-
sented. The definition of strain rate and the results of a numerical analysis are 
outlined.

The present analysis of the surface strain field is the first comprehensive mapping 
covering the central part of the whole country. However, GPS results for smaller 
areas have been published (see, for instance, Camitz et al. 1995; Alex et al. 1999; 
LaFemina et al. 2005; Geirsson et al. 2006; Perlt and Heinert 2006). Furthermore, 
studies on strain precursors and strain induced by the South Iceland earthquakes in 
June 2000 have been presented in Lindman (2001) and Árnadóttir et al. (2001).

The techniques applied herein to obtain crustal strain rates in geodetic networks 
are applied widely in geologically active areas of the world (see for instance, Fujii 
and Nakane 1979; Savage et al. 1991; Lisowski et al. 1991; Murray and Lisowski 
2000; Árnadóttir et al. 1999; Badawy 2005; Williams et al. 2006). Especially worth 
mentioning, is the study by Kahle et al. (2000) on GPS-derived strain rate fields and 
seismic hazard. Nishimura and Hashimoto (2006) also present an interesting study 
of a complex plate system based on a GPS network covering most of southern 
Japan. Their data clearly shows that a short-term, local variation is sometimes larger 
than the total trend over the 6-year observation period. Becker et al. (2005) present 
a similar study for southern California, where they also present stress estimates. 
Pollitz and Vergnolle (2006) put forward a relationship between long-term fault slip 
rates and instantaneous velocities imposed by the bounding Pacific and Juan de 
Fuca (JdF) plates on the North American plate and report a time varying strain. They 
suggest a model where cumulative displacement caused by co-seismic slips on a 
fault is followed by a visco-elastic deformation. Most of the observations mentioned 
above are, however, from areas with predominant crustal compression in large plate 
segments.

Iceland is a part of the rift zone, the Mid-Atlantic Ridge, shown on Fig. 9.1, 
which separates the North American and the Eurasian plates. The ridge comes 
ashore at the Reykjanes Peninsula in the southwest, and the rift zone goes through 
the country along the seismic and volcanic zones of Iceland as it continues to the 
northeast. It is well known that volcanism, earthquakes and geothermal activity are, 
to a certain degree, related in Iceland (Bergerat et al. 1998). It is an open question 
whether they are all caused by crustal plate motion and subsequent strain. 
Nevertheless, there is a clear relationship between crustal plate tectonics and volca-
nism. Thordarson and Larsen (2007) give an excellent overview of the Icelandic 
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volcano zones. It may be a matter of opinion whether the Western Volcanic Zone 
and the Mid Iceland Belt belong to active plate boundaries, but the Eastern Volcanic 
Zone certainly does and has supplied 87% of the total 87 million m3 that Iceland’s 
volcanoes have emitted in the last 1100  years (Thordarson and Larsen 2007). 
Gudmundsson (2000) also shows that volcanic systems are formed as the plates are 
pulled apart and illustrates how dike injection along the plate boundaries can either 
trigger or suppress earthquakes. The difference in strain between triggering and 
suppressing zones can be seen in the following study of the kinematics resulting 
from the fact that the western and the eastern ends of the geodetic network show 
rigid motion with almost zero average strain over an 11-year period.

9.2  �GPS Data and Kinematics

The National Land Survey of Iceland has carried out and coordinated two GPS 
campaigns in Iceland (Valsson et al. 2007) covering the whole country. In the first 
campaign in 1993, a network of 119 base stations was established (Magnusson et al. 
1997). The GPS observations were repeated in 2004, using the same network 

Fig. 9.1  Main tectonic structures and earthquake epicentres: The grey areas indicate volcanic 
zones; solid lines indicate rift zones offshore, representing parts of the Mid-Atlantic Ridge; the rift 
zones on land are located at the Eastern, Western and Northern Volcanic Zones; dashed lines indi-
cate offshore fracture zones and seismic lineation; The main seismic and volcanic zones are 
pointed out; circles denote epicentres of earthquakes larger than moment magnitude 3.5 between 
1896 and 2012. Earthquake epicentres and size are mainly based on Stucchi et al. (2013) with some 
adjustments based on Ambraseys and Sigbjörnsson (2000) as explained in D’Amico et al. (2016)
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(Valsson et al. 2007), resulting in the velocity field presented in Fig. 9.2. The veloci-
ties are represented by vectors given by the coloured lines. The length of the 
coloured lines defines the magnitude of the velocity vector and the sense of the 
motion, and the yellow circles indicate the location of the GPS stations.

The results indicate northward motion of the whole country, with a maximum 
average (11-year) displacement of approximately 27  cm, which is equivalent to 
maximum average velocity of 25 mm/year. In addition, it is seen that the western 
part of the country is moving westward (indicated by the red lines in Fig. 9.2), while 
the eastern part is clearly moving eastward (indicated by the blue lines in Fig. 9.2). 
This depicts the distinguishing features of the currently accepted view on tectonism 
in Iceland (see for instance, Bergerat et al. 1998), characterized by the ridge between 
the North American and Eurasian Plates in Iceland (see Fig.  9.1). This ridge is 
marked by the Northern Volcanic Zone, with the rift axis extending northward from 
Vatnajokull Glacier, and by the Eastern Volcanic Zone south of Vatnajokull Glacier. 
It then crosses the South Iceland Lowland and passes along the Reykjanes Peninsula 
towards southwest, i.e., the North-Atlantic ridge.

The basic seismotectonics of Iceland can be visualised from the earthquake epi-
centres displayed in Fig. 9.1. Looking at Figs. 9.1 and 9.2, we sense the association 

Fig. 9.2  Average horizontal velocities derived from GPS measurement campaigns in 1993 and 
2004 carried out by the National Land Survey of Iceland (Valsson et al. 2007). The north-south, 
east-west and resultant velocity vectors are shown with lines originating from yellow circles, 
which represent the GPS stations. The grey trace representing the plate boundaries across Iceland 
is not based on the velocities, but is rather a simplified representation based on the geological 
structure shown in Fig. 9.1
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between the geologically active regions and the crustal surface velocities. The rift 
zone in the form of volcanic zones and seismic transfer zones in the south and the 
north takes a complicated form, but the main kinematic feature is that the area 
belonging to the North American plate is being drawn away from the Eurasian plate 
by the differential velocity of these two, rigid plates.

The rigid plate motion is computed as an average of 11 GPS points in the west 
and the east, respectively. The standard deviation of their velocities is only around 
3%, so these two parts can be considered to be moving as rigid plates. The differen-
tial motion of the two areas studied indicates that the North American plate has 
moved away from the Eurasian plate by 24.2 cm, or with a velocity of 2.2 cm/year, 
in the direction 281° from north on the average. This is very close to the drift during 
last 10 million years of the Icelandic hot spot relative to the North American plate 
as presented by Thordarson and Larsen (2007).

An indication of how well the kinematics displayed by the evaluated velocity 
field compares to modern interpretations of Icelandic volcanism can be seen by the 
intense crustal deformation of the Husavik-Flatey Fault (Gudmundsson (2007), 
where the plates are pulled apart. The South Iceland Seismic Zone (SISZ), on the 
other hand, is dominated by strike-slip seismic events, and the separation of the 
velocity field forms a line that is parallel to the 64° latitude, where most major earth-
quakes in the SISZ have occurred (Ambraseys et al. 2002, 2004).

It should be pointed out, however, that a slight drift of the differential velocity 
vector of the rigid plate zones can change the local kinematics dramatically, regard-
less of whether the change occurs in the eastern or western zone (Murray et al. 
1995). A directional shift in the differential velocity vector will either increase stress 
buildup in the SISZ or in the Tjörnes Fracture Zone (TFZ, see Fig. 9.1), depending 
on whether the shift is in a counter clockwise or clockwise direction. According to 
Thordarson and Larsen (2007), a shift of 40° in the counter clockwise direction did 
happen between 10 and 20 million years ago. Tesauro et al. (2005) report continu-
ous GPS observations from many central European networks, but the velocities are 
an order of magnitude lower than those estimated here. Serpelloni et  al. (2005) 
report results from 11  years of continuous and discontinuous GPS observations 
where the velocities are of the same order of magnitude as here, but their velocities 
show remarkably little fluctuation throughout the period (1992–2003). The model 
of Pollitz and Vergnolle (2006) predicts systematic variation of velocities with time, 
but the model assumes that the variations are triggered by co-seismic events. In 
contrast to this, some of the data published by Nishimura and Hashimoto (2006) 
show significant time variation in the velocity trends.

The velocity of 2.2 cm/year is 15% higher than the prediction of the Nuvel −1 
plate motion models, but the direction of 281°N is fairly close to the predicted one 
(see, e.g., Sigmundsson 2006 and/or http://ofgs.ori.u-tokyo.ac.jp/~okino/platecalc_
new.html). Other plate motion models give velocity and direction numbers far off 
the observed values. However, herein, the focus is on the crustal strain rates as 
observed on the surface, so rigid plate tectonics will not be discussed further.
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9.3  �Analysis of Strain Rate

The average velocity field shown in Fig. 9.2 is a useful quantity for studying back-
ground tectonic motion, as discussed in Sect. 9.2. Other processes, such as regional 
or local deformations, are more clearly visualised using the strain rate field derived 
from the relative velocities. From a civil engineering point of view, it is primarily 
the strain rate field that is of concern. As long as the velocity field, as well as the 
derived acceleration, is sufficiently small, inertial forces can be neglected. 
Furthermore, when the velocity field is uniform in space, no strain or vorticity (spin) 
that may harm structural systems is induced.

To facilitate the following discussion, a simplified presentation of tensor strain 
rates is provided. Assuming that the velocity vectors of neighbouring points, Po and 
P, are given as uo and u, respectively, the velocities can be related using a Taylor 
series expansion around Po. Hence, u = {ui} = {u1, u2, u3} can be expressed to the 
first order as follows (Spain 2003):

	
u u u dxi i

o
i j j= + , 	 (9.1)

Here, the Einstein summation convention is applied, where the comma denotes 
the partial derivative. The relative motion of the points is readily obtained as:

	
dx u u u dxi i i

o
i j j= - = , 	 (9.2)

The tensor, ui,j, is the velocity gradient tensor. In the general case, we have 
ui,j ≠ uj,i which implies that this tensor is not symmetric. It is, however, possible to 
construct the velocity gradient tensor as a sum of a symmetric and antisymmetric 
part (see, for instance, Akivis and Goldberg 2003). That is:

	
u ei j ij ij, = +w

	 (9.3)

where

	

e u u

u u

ij i j j i

ij i j j i

= +( )

= -( )

1

2

1

2

, ,

, ,w
	 (9.4)

The tensor denoted eij is a measure of the deformation and is called the rate of strain 
tensor. The ωij tensor is, on the other hand, a measure of rigid body rotation and is 
referred to as the rotational velocity tensor or vorticity tensor. Hence, the velocity 
field, Eq. (9.1), can now be expressed as follows:
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u u dx e dxi i

o
ij j ij j= + +w

	 (9.5)

The first two terms on the right-hand side refer to rigid-body motion, i.e., transla-
tion and rotation, respectively, while the last term describes the rate of strain due to 
the relative velocity of the points.

The outlined theory, formally derived using Cartesian tensors for simplification, 
is valid for small displacements and velocities. In the general case, for large dis-
tances, it is required to apply curvilinear coordinates to approximate the surface of 
the geoid. For smaller distances and velocities, the general equations for strain rate 
reduce to the above-given equation for eij.

An additional insight into the surface strain rate field can be gained through com-
putation of principal strain rates and principal directions. These are readily obtained 
as eigenvalues and eigenvectors of the strain rate tensor. The results are as follows 
for the principal strain rates:
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while the principal direction is given by:
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Here, the index 1 and 2 refer, respectively, to the longitude and latitude (see also 
the notation used in Table 9.1).

9.4  �Numerical Results

9.4.1  �Interpolation of Velocity Field

The strain rates are computed numerically from the velocities derived from the GPS 
observations, using a triangulation network covering the central part of the island as 
indicated in Fig. 9.3. The Westfjords (NW part of the country, see Figs. 9.1 and 9.2) 

Table 9.1  Example of computed strain rates

Point No.

Normal strain Shear Principal strain Principal 
direction 
(° from 
North)

Dilatation 
(μstrain 
per year)

e11 
(μstrain 
per year)

e22 
(μstrain 
per year)

e12 
(μstrain 
per year)

eI 
(μstrain 
per year)

eII 
(μstrain 
per year)

A 0.1933 0.0351 −0.1199 0.2578 −0.0294 −28.29 0.2284
B 0.0360 −0.0024 −0.0133 0.0402 −0.0066 −17.36 0.0336
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are not included as the strain rate there is close to zero anyway, but that boundary 
zone provides increased accuracy and numerical stability. For each triangle, a linear 
velocity interpolation field is assumed as a first approximation, i.e.:

	
u x a b xi j i ij j( ) = +

	 (9.7)

The unknown parameters, ai and bij, are estimated by introducing the velocities 
at the corner points of the triangles, i.e., the reference stations. Then the strain rate 
tensor and the vorticity tensor are readily obtained using Eq. (9.4) or its curvilinear 
representation in the general case.

Applying this procedure, the components of the strain rate tensor are obtained. 
The resulting values, which are constant within each triangle for the applied approx-
imation (Eq. (9.7)), are plotted at the centroid of each triangle. Simplified interpola-
tion and smoothing of the results, based on Delaunay triangulation, yield the colour 
maps displayed in Fig. 9.4 with the scale given by the colour bar to indicate the 
intensity of the strain rate component. The smoothing is not carried out to the full 
extent of the boundary defined by the triangulation net (see Fig. 9.3) to minimise 
possible boundary effects.

Fig. 9.3  Triangulation used in numerical computations of the strain rate tensor field, the centroids 
of the triangles are indicated, and two points, A and B, marked with the red circles are selected as 
reference points for investigation of principal strains and directions in the following sections
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Fig. 9.4  The strain rate tensor field: (a) Normal strain rate east-west component. (b) Normal strain 
rate north-south component. (c) Shear strain rate (in an east-north coordinate system)
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9.4.2  �Maps of Strain Rate Components

The basic components of the strain rate tensor field are shown in Fig. 9.4a, b and c 
in spherical coordinates derived using the radius of curvature at the study area. The 
corresponding principal strain rate components are plotted in Fig. 9.5, along with 
the dilatation rate (volumetric strain rate) and vorticity tensor field.

Figure 9.4a shows the east-west normal strain rate. The largest positive strain rate 
is observed in the Northern Volcanic Zone (NVZ), 0.5 μstrain/year (on average dur-
ing the recording period). This is in the north-eastern part of the triangulation net 
where the TFZ comes ashore (see Fig. 9.1). Another area with positive strain (red) 
is seen in the Eastern Volcanic Zone (EVZ), west of Vatnajokull Glacier, while the 
area to its east, where a volcanic eruption occurred in 1996, shows a negative strain 
rate (blue). This demonstrates that volcanoes can easily create their own strain field 
within their local vicinity (LaFemina et al. 2005). The data resolution is somewhat 
blurred around central Vatnajokull Glacier, as only one GPS point is located there. 
West of the EVZ, there is an east-west linear area along the SISZ with alternating 
values of positive and negative, east-west normal strain.

The north-south strain rates (Fig. 9.4b) are generally small, as they should be 
when the rigid plate motion on both sides is almost the same. The north-south nor-
mal strain is largest in the SISZ, where it is seen to be positive north of the 64° lati-

Fig. 9.4  (continued)
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tude and negative south of the same latitude. The highest strain rates in this area are 
±0.7 μstrain/year (on average during the recording period). Also, in this case, the 
strain rates conform to the overall kinematics of the area.

The shear strain rates shown in Fig. 9.4 are predominantly small, except in the 
SISZ and the NVZ, which conforms to the above-inferred kinematics of the motion. 
The same can be said about the dilation and vorticity fields pictured in Fig. 9.5c and 
d, where the only significant vorticity is generated on the rift zone marking the plate 
boundary.

Figure 9.6 shows the dilation rate plotted together with earthquake epicentres, 
which clearly illustrates the direct association between tectonic activity and crustal 
strain, discussed partly in Sect. 9.2.

Fig. 9.5  The principal strain rate tensor and vorticity field. (a) First principal strain rate. (b) 
Second principal strain rate. (c) Dilatation rate. (d) Vorticity tensor
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9.4.3  �Principal Strain Rates and Directions

It is of interest to investigate the principal strains (see Fig. 9.5) more closely and 
compute their principal directions. As pointed out above, however, this primarily 
has meaning for areas where the compatibility equations are fulfilled, in other 
words, in areas outside the plate boundary zone. As a study site, we have chosen two 
points, Point A and Point B, roughly 60 km apart in the area north of Vatnajökull 
Glacier (see Fig. 9.3). Point B is identified as being outside the rift zone, while Point 
A is on the outskirts of the zone of volcanic activity north of the Mt. Kverkfjöll 
Volcano, close to the rift axis. The strain rate components for these two points are 
shown in Table 9.1. For Point B, which is considered representative of the rigid 
behaviour of the area, we see from Fig. 9.7 that the principal direction of strain 
tends towards east-south-east, which is broadly in agreement with the general orien-
tation of faults in the area. The principal direction is also evident from Fig. 9.2.

It is seen in Fig. 9.5 and Table 9.1 that the east-west strain rate at Point B (see 
Fig. 9.5b) is positive, while the north-south strain rate (see Fig. 9.5c) is negative. 
Considering the magnitude of the strain rate in each direction, this likely indicates 
that the area is primarily under east-west tension, and that the north-south compres-
sion is simply due to the Poisson effect, corresponding to a Poisson ratio equal to 
roughly 0.16, which seems a reasonable value for the crust at the surface. Moving 
westward, approaching the volcanic zone, the Poisson ratio decreases, suggesting 

Fig. 9.6  The dilatation rate plotted along with earthquake epicentres. The circles denote earth-
quake epicentres with a magnitude larger than 3.5 between 1896 and 2012

R. Sigbjörnsson et al.



187

increasing fracturing at the surface (the Poisson ratio is equal to 0.1 at Point A). The 
shear strain rate is found to be negative (see Fig. 9.4c), which indicates that the area 
toward the north is moving towards the west; in other words, the shear motion might 
be interpreted as being left lateral. The strain rate values at Point B are generally 
low. However, looking westward (see Fig. 9.5b), it is seen that the tensional strain 
rate increases, exceeding 0.1 μstrain/year when passing the 16°W longitude. A simi-
lar pattern emerges looking at the shear strain rates (see Fig. 9.4c), except that the 
values are now all negative, supporting the above-mentioned left lateral movement. 
Roughly the same pattern is seen in Fig. 9.5c, which displays a dilatation rate char-
acteristic of the east-west tension.

These analyses indicate that the induced strain rates at Point B are rather small, 
at least compared with the high activity in the rift zone towards west, i.e., Point 
A.  This is, however, not the case when we look at the displacement rate (see 
Fig. 9.2). Considerable horizontal movements are expected at Point B during the 
next 50 years. These movements are, however, largely uniform, resulting in the low 
strain rates discussed above. The vorticity tensor depicted in Fig. 9.6d supports this. 
The computed vorticity for the study site is only −0.0101 μ/year. This is a small 
value, especially in view of the oscillation of the sign of the vorticity between plus 

Fig. 9.7  Example of polar representation of strain rate components at Point B (see Table 9.1). The 
strain rate, e1 (east-west), is denoted by the blue curve; e2 (north-south) is given by the cyan curve 
and e12 by the red curve. The principal direction is shown by the blue line (−17.4°) and the direc-
tion of the maximum shear strain rate by the red line (27.6°)
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and minus for the triangles in the neighbourhood of the study site. However, we see 
that the vorticity increases slightly toward the west before it turns negative (see 
Fig. 9.6d). This happens only within the rift zone. Therefore, the low vorticity sup-
ports the apparent uniform velocity field seen in Fig. 9.2 at Point B.

This discussion has been confined to the area east of the Northern Volcanic Zone. 
However, the same, more or less, applies to the area west of the rift zone. Similar 
results can be obtained, for instance, in the area north of Hofsjökull Glacier.

In the Eastern Volcanic Zone, the first principal strain rate component tends to be 
positive. This indicates rift and supports the information already inferred from 
Fig. 9.5b. In the South Iceland Lowland (SISZ), the motion is dominated by shear, 
especially in the western part. It can be seen in Figs. 9.4, 9.5 and 9.6 that the highest 
strain rates conform to the epicentral area of the south Iceland earthquakes in June 
2000 (about 20.5°W meridian, see Fig. 9.1). In this area, the shear rate is negative, 
which is also the case for the vorticity. The discontinuity point in the strain field 
around the 21°W meridian may also be noted.

9.5  �Discussion

Outside the boundaries of the rift zone separating the North-American and the 
Eurasian plates, which are the main areas of deformations and rupture, the strain 
rates tend to be small. The vorticity field also indicates that the blocks outside the 
boundary zone behave as rigid solids in translational motion, at least on a time scale 
of 11 years.

The present magnitude and direction of the differential velocities vector between 
the two rigid plate zones indicate that the rift across the plate boundaries occurs 
without compression being created from this velocity or strain field, except for the 
compressive strain created by the shear strain in the SISZ zone, which can be related 
to strike-slip movement from east to west. Small changes in the direction of the dif-
ferential velocity vector, in the future, may change this situation.

For the two blocks outside the rift zone, the compatibility equations for the strain 
rate tensor components are fulfilled, which is not necessarily the case within the rift 
or boundary zone between the two plates, where even the computed Poisson ratio 
may fall outside the physically admissible range. From a theoretical point of view, 
this implies that the blocks are behaving like elastic solids, while the rift boundary 
zones are broken down in elements divided by faults and fractures.

An improved understanding and linkage between a kinematic model of the tec-
tonic system and the strain rate calculations may have important engineering appli-
cations. Although the GPS velocities mostly reflect past occurrences, future mapping 
of strain buildup may help to indicate where the next earthquakes are likely to occur. 
Crustal strain causes elongation or contraction of distances on the surface, and this 
can be of importance for design of structures. Large structures, subjected to the 
strain eI at point A in Table 9.1, may suffer additional loading due to differential 
base movements, whereas similar structures at point B would not be exposed to 
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such loading. The actual load on the structure would, among other things, depend 
upon how the earth’s crust redistributes the deformation locally. This issue calls for 
further research.

9.6  �Conclusion

The results of the GPS campaigns performed in 1993 and 2004 for the ground-based 
reference stations in the National Land Survey of Iceland network indicate a veloc-
ity field governed by rigid plate motion of the North American plate and the Eurasian 
plate comparable to the Nuvel – 1 models.

Looking at seismic data (Figs. 9.1 and 9.6), inferences may be drawn that the 
boundary between the North American and Eurasian plates in Iceland follows the 
volcanic and seismic transfer zones. The differential velocity vector of the two 
plates has an average magnitude of 2.2 cm/year and direction 281° from north.

Significant strain rates are generated in the rift/boundary zone between the two 
plates. The largest shear strain is in the South Iceland Seismic Zone, which roughly 
follows the orientation of the differential velocity vector. Two strong earthquakes 
(~M6.5) occurred within this zone in 2000 and the areas of the highest strain rates 
conform to the epicentral areas. In the north and the east volcanic zones, the first 
principle strain is positive (tension) in the E-W direction. Outside the main seismic 
and volcanic zones, crustal strains are rather small, indicating rigid body motion.
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Chapter 10
Determination of Parameters for Stochastic 
Strong Motion Models Representing 
Earthquakes in the South Iceland Seismic 
Zone
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Abstract  The parameters for a point source model are estimated using strong 
ground motion recorded in the largest earthquakes in south Iceland since a strong 
motion network established (from 1986 to 2008). The model is found to provide a 
good fit to the ground motion records. Parameters were estimated for the earth-
quakes of 17th June 2000 Mw 6.5, 21st June 2000 Mw 6.4, 29 May 2008 Mw 6.3 and 
25 May 1987 Mw 5.8. Great variability in parameters was observed. A mean kappa, 
κ = 0.04 s, was observed. The stress drop for the three larger events had an estimated 
average value of 80 × 10 5 Pa and an average dislocation of 90 cm. Closed form rela-
tions for root-mean-squared (rms) acceleration are presented for the ground motion 
in the near and far field. A peak factor is then applied to rms acceleration in order to 
obtain peak ground acceleration. The model can be applied instead of empirical 
ground motion prediction equations to estimate ground motion and potential seis-
mic hazard in Iceland. Its estimated parameters can be used in the framework of 
stochastic modelling to simulate artificial ground acceleration for the dynamic anal-
ysis of structures.
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10.1  �Introduction

The stochastic method is widely used for simulation of ground motions for engi-
neering purposes. This method is frequently used to produce artificial records in 
areas where there are few or no recordings of strong motion available (for an over-
view see Boore 2003). The method, in its basic form, is based on a point source 
approximation defined in the frequency domain, which can then be regarded as a 
filter with white noise input. The method is based on the work of Aki (1967), Brune 
(1970), Hank and McGuire (1981), Boore (1983), Atkinson and Boore (1995) and 
others. Several programs are available on the internet to implement the stochastic 
ground motion simulation algorithm. SMSIM is one of them and is based on a point 
source model (see Boore 1983, 1996). The programs FINSIM and EXSIM take into 
account the geometry of the fault, which is divided into subfaults, each of which is 
modelled as a point source (Beresnev and Atkinson 1998).

The stochastic method was first applied to Icelandic earthquakes by Ólafsson and 
Sigbjörnsson (1999) using Brune’s point source model extended with an exponen-
tial term accounting for anelastic attenuation. The root-mean-squared acceleration 
of the ground motion was expressed in closed form, and then, a peak factor was 
applied to estimate peak ground acceleration. In Ólafsson et al. (1998), the estima-
tion of source parameters for the Vatnafjöll earthquake (25 May 1987, Mw 5.8) is 
described. In Ólafsson (1999), source parameters were obtained from all the avail-
able strong motion data from Iceland at that time. These data were recorded by the 
Icelandic Strong Motion Network (IceSMN) (see Sigbjörnsson et al. 2014) and are 
available freely on the internet (see Ambraseys et al. 2004). The source parameters 
estimated from these data were the corner frequency, seismic moment, stress drop 
and kappa. An assumption of a frequency independent quality factor (Q) was made 
as all the records were at a distance of less than a 100 km from the fault. Due to the 
lack of data at that time, it was proposed to use the point source model as a ground 
prediction model instead of applying empirical ground motion prediction models 
calibrated from data recorded in other parts of the world.

In this article, we present the results of applying the extended Brune’s model 
(Brune 1970) to the most relevant events in the recent years, the June 17th 2000 Mw 
6.5, June 21st 2000 Mw 6.4 and May 29th 2008 Mw 6.3 events (Sigbjörnsson and 
Olafsson 2004; Sigbjörnsson et al. 2009; Pedersen et al. 2003). We estimate model 
parameters by calibrating the models to recorded strong motion data from these 
earthquakes and also present ground motion prediction models based on these 
parameters, which are compared with purely empirical attenuation equations avail-
able in the literature. All these events occurred in the South Iceland Seismic Zone, 
which is an approximately 80 km long and 30 km wide transform zone that extends 
from Hellisheiði in the west to Mt. Hekla in the east. Most earthquakes in the SISZ 
have a right lateral strike-slip mechanism. They occur on parallel N-S trending 
faults with near vertical fault planes, and their hypocenter is shallow, with some 
earthquakes rupturing to the surface while some are with buried faults. The epicen-
ters of the earthquakes considered in this study are shown in Fig. 10.1.

S. Ólafsson et al.
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10.2  �Ground Motion Model

The parameters of the source model are calibrated from the S-wave portion of the 
accelerograms that contains most of the energy at epicentral distances less than 
100 km. Then parameters, kappa, κ, ωc (corner frequency) and M0 (seismic moment), 
are estimated by fitting Fourier amplitude spectra obtained from the S-wave win-
dow of the acceleration records to the Brune’s model that has been extended with an 
exponential term to account for high-frequency decay. The far-field model of Brune 
is defined as follows, in Eq. 10.1, as a displacement amplitude spectrum:
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Here, Cp = 0.707 is the factor that accounts for the partition of the energy between 
the components; Rθϕ is the S-wave radiation pattern (average is 0.55); β is the shear 
wave velocity, and ρ is the density of the crust. Anderson and Hough (1984) found 
that it was possible to describe strong-motion acceleration with a frequency inde-
pendent Q in shallow crust and a spectral decay parameter of κ = R/Qβ. Here, ωc is 
the corner frequency (angular), and fc = ωc/2π is measured in hertz.

The radius of the dislocation, r, is related to the corner frequency as:

	 r = ×2 34. /b wc 	 (10.2)

Fig. 10.1  The south Iceland lowland and the SISZ. Approximate fault traces of the four largest 
earthquakes that have been recorded by the IceSMN are indicated with the red lines, with stars 
indicating epicenters. The accelerograph stations of the IceSMN are indicated by symbols 
described in the legend
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The stress drop, Δσ, is given by:
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( )7 16 0

3

/ M

r 	
(10.3)

The average displacement of the fault is
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where A is the area of the fault and μ is rigidity given as μ = ρβ2. The high frequency 
attenuation is controlled by the parameter κ, which is assumed to be distance inde-
pendent (see Anderson and Hough 1984) and a frequency independent Q that 
changes linearly with distance from the source. The distance term in Eq. 10.1, is 
represented by R and is a function of the hypocentral distance, D.

In order to model the ground motion in the near field, it may be necessary to 
apply a geometric attenuation term with exponent n = 2, unlike 1 used in Eq. 10.1, 
for the far field. The following expressions are suggested for the geometrical spread-
ing function (Ólafsson and Sigbjörnsson 1999):
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where 1 < n ≤ 2. Here, d is the epicentral distance, and h is a depth parameter. The 
parameters, D1, D2 and D3, are used to set the limits for the different zones of the 
spreading function. The parameter, n, is usually in the range of 1 to 2 but this study 
assumes that n = 2 for D < D2 and that n = 1 for D greater than D2 and less than D3 
(taken here as 100 km).

10.3  �Estimation of Parameters

Olafsson (1999) presents source parameters based on Brune‘s extended model cali-
brated from all Icelandic data available at that time. The estimation of the source 
parameters for the Vatnafjöll earthquake is described in Olafsson et al. (1998). The 
same method is used here to calibrate the parameters of the June 2000 and May 
2008 earthquakes. A brief description of the method follows.

After selecting the S-wave window from the strong-motion records and comput-
ing the acceleration spectra, the values for Q were obtained by fitting a regression 
line to the spectra from 2 to 25 Hz. The amplitude spectra, A(ω) = ω2D(ω), are domi-
nated by the exponential term at high frequencies. Having determined Q, κ is 
obtained as κ = R/Qβ. For the estimation of the corner frequency and the seismic 
moment, the Fourier displacement spectra obtained from the strong-motion records 
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are fitted to Eq. 10.1 using non-linear optimization. Usually, the displacement spec-
tra, D(ω), is obtained by dividing the acceleration spectra, A(ω), with ω2, D(ω) = Α(ω)/
ω2. Before the optimization is performed, the exponential term is removed by divid-
ing by e−ωR/2Qβ to obtain the spectra at the source. To estimate the source spectra, 
geometric attenuation needs to be considered as well. The attenuation term in 
Eq. 10.1, R ~ Dn with n = 1, does not apply at all distance ranges from the source. 
For the largest Icelandic earthquakes, we have found that, close to the fault, n = 2. 
We do not have enough data to determine n for distances larger than 100 km, where 
typically n = 0.5 to account for surface waves.

An alternative method for determining the source parameters, seismic moment 
and corner frequency is to use the spectral moment method (see Andrew 1986). This 
method is also applied here, in addition to the non-linear optimization, and found, 
in many cases, to give estimates with lower standard deviations.

10.3.1  �Results of Estimates of the Parameters κ, ωc and M0

The following values were used for all earthquakes: S-wave velocity and density, 
β = 3.5 km/s and ρ = 2.8 g/cm3. For earthquakes in California, Anderson and Hough 
(1984) found that average kappa is κ = 0.045 s. It can be said that κ = κ0 is approxi-
mately valid for distances less than 100 km. For the south Iceland earthquakes, the 
average value of kappa was 0.042 s. The results were similar for all the earthquakes, 
except for the 21 June 2000 event for which κ = 0.034 s. We observed that for dis-
tances less than 100 km, κ was independent of distance.

After κ is obtained from the records, the parameters, ωc and M0, are estimated by 
fitting the Brune displacement spectrum (Eq.  10.1) applying the two methods 
described above. The standard deviation of the parameters, which was large, was 
examined for both methods. The result with the lowest standard deviation was cho-
sen to select the final value of the estimated parameters. As an example, a record 
from a horizontal component of ground acceleration obtained at the Thorlakshofn 
station during the June 17th 2000 earthquake is shown in Fig. 10.2a. The S-wave 
portion of the record is indicated by two vertical lines and shown in red. The second 
peak that can be observed later in the record is due to a dynamically triggered event 
that occurred in Hengill volcano which is located 40 km west of the main fault (see 
Antonioli et al. 2006). In Fig. 10.2b, the theoretical spectrum with the estimated 
parameters is compared to the spectrum computed from the S-wave window.

The Vatnafjöll earthquake of 25 May 1987 was estimated to have a seismic 
moment of M0 = 5.3 × 1031 N-m (Mw 5.8 with the Hanks-Kanamori equation), a fault 
radius of r = 3.6 km, stress drop of 48 × 105 Pa and dislocation of u = 33 cm. These 
results are similar to those reported in Ólafsson et al. (1998).

The two earthquakes in 2000, on the 17th and 21st of June, were similar in size. 
The former earthquake, on June 17th, had a seismic moment of M0 = 53 × 1031 N-m 
(Mw6.5), with a fault radius of r = 6.6 km, and the June 21st earthquake had a seis-
mic moment of M0 = 41 × 1031 N-m (Mw 6.4) and a fault radius of r = 6.0. The stress 
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Fig. 10.2  (a) A ground acceleration record from the Thorlakshofn station from the 17 June 2000 
earthquake. The selected S-wave window is indicated by vertical lines. (b) Brune’s point source 
model, Eq. 10.1, represented by the black dashed line, fitted to the displacements amplitude spec-
trum (red line) computed from the S-wave window shown in (a)
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drop was similar for the two events, Δσ = 80 × 105 Pa. The dislocation was esti-
mated as 89 cm and 78 cm for the former and latter events, respectively.

The earthquake on 29 May 2008 was considered a single event, although rupture 
occurred on two faults, due to how close in time they occurred. For this event, 
M0 = 30 × 1031 N-m (Mw 6.3) and a fault radius of r = 5.4 km were estimated. The 
stress drop was similar as the two 2000 events (Δσ = 80 × 105 Pa), and dislocation 
was estimated as u = 94 cm.

The fault planes for the three events on 17.06.2000, 21.06.2000 and 29.05.2008 
were estimated to be of similar area, ≈ 100 km2. The fault plane area of the Mw 5.8 
Vatnafjöll earthquake was estimated to be 30 km2.

10.4  �Relating PGA with Model Parameters

Using the Parseval theorem and carrying out the integration, a relation can be 
derived for root-mean-squared acceleration, arms, as a function of parameters of the 
Brune model. Carrying out symbolic integration, we end up with a function in 
closed form which has a term containing sine integrals, Ψ(κωc) (see Ólafsson and 
Sigbjörnsson 1999; Ólafsson 1999; Ólafsson and Rupakhety 2017). The term, 
Ψ(κωc), can be approximated by an exponential function.

10.4.1  �Far-Field, arms, Equation

The root-mean-squared acceleration, arms, for the far-field spectrum can be written 
as follows:
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10.4.2  �Near-Field, arms, Equations

Based on the Brune near-field source model, the arms ground motion model can be 
represented by the following equation:
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Here, T0 is the source duration defined as follows (see Beresnev 2002):
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The near-field spectral decay parameter is represented by κ0, and taken to be 
0.042 s for south Iceland. Here, κ = κ0 holds as it is assumed that the parameter, κ, 
does not change with distance within a distance of 100 km from the fault.

10.4.3  �Duration Model

Duration is a necessary parameter in the ground motion models that are described 
in this paper. The functional form used to approximate duration is
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where c1, c2 and c3 are magnitude dependent parameters. The duration used is 90% 
of the cumulative energy duration and can be approximated by a function such as in 
Eq. 10.9. Based on duration data obtained from the strong ground motion recorded 
in the 17 June 2000 south Iceland and the 25 May 1987 Vatnafjöll earthquake of 
1987, the parameters, c1, c2, c3, were estimated (see Ólafsson and Rupakhety 2017). 
With (r/β) = 1.9 s and (r/β) = 1.4 s for the Mw 6.5 and Mw 5.8 earthquakes (assuming 
β = 3.5 km/s), the following equations can be obtained:
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In Fig. 10.3a, we present duration as a function of epicentral distance for Mw 6.5 
and 5.8 earthquakes, as described by Eq. 10.10. The green dots represent the dura-
tion of the S-wave window used in the estimation of source parameters and the blue 
triangles represent the duration corresponding to 90% of cumulative energy obtained 
from the ground motion records of the 17 June 2000 Mw 6.5 event. In Fig. 10.3b, we 
have present rms-acceleration, arms, calculated using Eq.  10.6 for each recorded 
ground motion versus. arms obtained directly from the record for all the four earth-
quakes considered in this study. Good agreement is found between measured and 
estimated values.

S. Ólafsson et al.
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Fig. 10.3  (a) Duration with respect to epicentral distance for the earthquake on 21 June 2000. 
Blue triangles represent duration computed based on 90% cumulative energy. The green dots rep-
resent the duration of the S-wave window. The solid line is obtained from the model of Eq. 10.9. 
(b) comparison between recorded rms acceleration and the corresponding values estimated from 
the proposed model (Eq. 10.6). The datapoints are obtained from all records obtained in the four 
largest earthquakes recorded by the IceSMN
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10.4.4  �Determination of PGA

Applying the theory of locally stationary Gaussian random processes, the relation-
ship between PGA can be related to arms with a peak factor given by:
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where amax is the expected value of PGA. Here, T0 represents the predominant period 
of the strong motion phase. Vanmarcke and Lai (1980) determined the peak factor 
p = amax/arms for several Californian strong motion records and obtained a median 
value of p = 2.74.

For the four earthquakes considered in this study, the mean peak factor calcu-
lated with Eq. 10.11 was p = 2.9, with an average predominant period of 6 Hz. The 
mean peak factor computed as factor p = amax/arms was, however, 3.3, with a standard 
deviation of 0.7.

10.5  �Simulation with the Stochastic Method

Applying the stochastic method (see Boore 2003 for an overview), the Brune model 
can be applied to simulate ground motion records using the estimated parameters. 
Considering the model (Eq.  10.1), with the parameters estimated from recorded 
ground motion, to be a filter with white noise input, ground motion time series can 
be simulated as the response of the filter. Ground motion simulated in this manner 
is stochastically equivalent to the spectrum used in simulation.

The method used here for the simulation is to discretise the Brune model and 
obtain a discrete time series filter (see Ólafsson and Sigbjörnsson 2011). Using this 
approach, a record simulated with the point source model of Eq. 10.1 is presented 
in Fig. 10.4a. In Fig. 10.4b, the acceleration spectrum of the simulated record (blue) 
is compared with the theoretical spectra (red) obtained from Eq. 10.1.

10.6  �Ground Motion Prediction Model

In this section, it is demonstrated how Brune’s points source model with the esti-
mated parameters can be applied to obtain attenuation curves (ground motion pre-
diction equations). Such equations can be used instead of purely empirical GMPEs 
whose functional form and model parameters are not directly related to the source 
and path parameters.

S. Ólafsson et al.



203

As an example, the results for the modelling of the earthquake at Hestfjall on 21 
June 2000 Mw 6.4 are presented. The far-field source model of Eq. 10.7 is applied 
with R ~ Dn with n = 1 for all distances less than 100 km. The model (here called 
O&R 2017 model) is shown in Fig.  10.1 for the estimated stress drop, 

a

b

Fig. 10.4  (a) Simulated ground motion record for the station at Thorlakshofn (Mw 6.5, and epi-
central distance 52 km). (b) Spectrum computed from the simulated record in (a) (in blue) com-
pared to the theoretical spectra (in red) given by Eq. 10.1
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Δσ = 83 × 105 Pa (black line and triangles) and Δσ = 50 × 105 Pa (dot-dash). The 
GMPEs of Ambraseys et al. 2005 (dotted) and Akkar et al. 2014 (dash) are also 
shown.

It can be seen from Fig. 10.1 that the Akkar et al. (2014) model gives values of 
PGA close to the fault that are in better agreement with recorded data. The 
Ambraseys et al. (2005) model, which is similar to the point source model with a 
stress drop of Δσ = 50 bar, gives values that are too low. This trend has also been 
observed from some of the GMPEs in the literature based on data from other regions. 
This can be expected if the models are developed based on earthquakes with a stress 
drop that is, on average, lower than 80–100 × 105 Pa.

In general, the Akkar et al. (2014) model gives a good approximation to the PGA 
close to the fault of the four earthquakes from south Iceland. There is also a good 
correspondence between recorded PGA values and that predicted by the ground 
motion model based on the theoretical spectrum of Eq. 10.1, when a stress drop of 
83 bar is used. It can, however, be observed from Fig. 10.5a and b that the Akkar 
et al. (2014) model does not follow the slope of the attenuation function particularly 
well and, for example, predicts too high values farther away from the fault.

In Fig.  10.5b, the attenuation curve based on theoretical point source model 
(black line) follows more closely the slope of the attenuation of recorded data and 
also captures the steeper rate of attenuation close to the fault using a geometrical 
spreading function that is proportional to D2 in the near-fault region; we approxi-
mate D2 = 30 km for a Mw 6.5 earthquake and D2 = 20 km for Mw = 5.8. The magni-
tude dependent duration function can also be adjusted to account for the regionally 
dependent rate of attenuation.

10.6.1  �Near-Field Model and PGA

Using the near-field equation of Eq. 10.7 (plus Eqs. 10.8 and 10.11) and parameters 
in Sect. 10.3.1, the corresponding PGA = 0.53 g for a Mw 6.5 earthquake within 
~6.5 km from the source, which agrees reasonably well with recorded data, as is 
also evident from Fig. 10.5b. For an Mw 6.4 earthquake, the same equation gives a 
PGA of 0.41 g.

To get an idea of the PGA values we can expect in the near-field for an Mw 7 
earthquake, which could occur on the eastern part of the SISZ, we use information 
about surface displacements that were observed by Bjarnason et al. (1993). They 
estimated that the length of the fault was 20 km and the maximum slip was 3 m. If 
the fault is assumed to break to the surface, we can expect that the depth of the fault 
is about 15 km. This gives a fault with an area of 300 km2. A circular fault with this 
area would have a radius of 9.8 km. Using the Hanks Kanamori relation, we obtain 
a seismic moment of M0 = 3.1 × 1033 N-m. Assuming a density of 2.8 g/cm3 and an 
S-wave velocity of 3.5 km/s, then Eqs. 10.3 and 10.4 give a stress drop of 145 × 105 Pa 
and a dislocation of 3 m. Using the near-fault model of Eq. 10.10, we get a PGA of 
0.78 g, assuming the peak factor is 3. These results agree reasonably well with the 
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Fig. 10.5  (a) Point source model of Eq. 10.7, (R = D for all D < 100 km) applied to recorded hori-
zontal PGA from the 21st June 2000 (Mw 6.4) earthquake shown here for stress drop, 
Δσ = 83 × 105 Pa (black line and triangles) and Δσ = 50 × 105 Pa (dot-dash). Also shown are the 
models of Akkar et al. (2014) and Ambraseys et al. (2005) for Mw 6.4. (b) Same as in (a), but the 
geometric attenuation of the theoretical model is modified as R ~ D2 for all D < 30 km)
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mean of the PGA values we have measured close to the source. The GMPE of Akkar 
et al. (2014) gives similar results.

10.7  �Conclusions

We present the source parameters for the largest earthquakes that have occurred in 
south Iceland in the recent years. The ground motion is well represented by the 
Brune point source model. The June 2000 earthquakes and the May 2008 earth-
quake had similar stress drops of 80 × 105 Pa. The 1987 Vatnafjöll earthquakes had 
a stress drop of 48 × 105 Pa. In general, we notice an increase in stress drop with 
earthquake size. Using the estimated parameters, M0, ωc, and κ, and a duration func-
tion, the model can be used for simulation of strong motion records which are sto-
chastically equivalent to the data which is used to calibrate the theoretical spectral 
model. The model can also be applied instead of an empirical GMPE. This approach 
is advantageous in areas where recorded data is limited to calibrate a purely empiri-
cal GMPE.  In addition, since the model is based on physical parameters, unlike 
empirical GMPEs whose functional form and model parameters are mostly empiri-
cally calibrated, it might be more reliable in estimating ground motion scenarios not 
covered by recorded data. It is found that the model based on the theoretical spectra 
follows the attenuation pattern of recorded data closely when corrections for faster 
attenuation in the near fault are incorporated. The resulting model was found to be 
close to the Akkar et al. (2014) model close to the fault, but followed the recorded 
data better at distances greater than about 20 km from the fault. Based on this model, 
the expected PGA in the near source of an earthquake of size Mw 7 (similar to the 
1912 Earthquake) is estimated to be 0.78 g.
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Chapter 11
Seismic Vulnerability of Icelandic Residential 
Buildings

Bjarni Bessason and Rajesh Rupakhety

Abstract  The seismicity in Iceland is related to the Mid-Atlantic plate boundary 
which crosses the country from north to south. Since 1700, there have been 25 
earthquakes of magnitude six or greater in the two major seismic zones in Iceland. 
For many of the historical earthquakes (older than 100  years), detailed written 
descriptions are available that describe the damage from farm to farm. For the most 
recent earthquakes, like the two south Iceland earthquakes of June 2000 and the 
south Iceland earthquake of May 2008, comprehensive building-by-building loss 
data exist. The loss data in these cases are split into a number of subcategories of 
structural and non structural damage. The building stock in south Iceland has 
changed significantly from 1700 to the present. For ages, vulnerable turf and stone 
houses dominated, but in the twentieth century, concrete buildings and timber build-
ings took over. Seismic codes were implemented in 1976 and have gradually 
improved the seismic capacity of present building stock. In this book chapter, an 
overview of the seismic performance of old and new Icelandic buildings is given. 
Observed and reported damage caused by three earthquake sequences and a single 
event are discussed; first, the damage caused by two earthquakes in August 1784 in 
south Iceland; then, by the 1896 earthquake sequence in south Iceland; then, the 
damage after a single event in 1934 in north Iceland; and finally, the loss data from 
the 2000 and 2008 earthquakes in south Iceland. The main focus is on the last three 
events for which most of the data exist.
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11.1  �Introduction

Knowledge of seismic vulnerability of buildings is a fundamental issue when evalu-
ating earthquake risk, in loss prediction, in disaster planning, in preparation of miti-
gation and retrofit programs, and in development of building codes. Fault mechanism 
and wave propagation, as well as the vulnerability of buildings, are known to be 
region and country specific. The main reason is different tectonic settings and geol-
ogy, together with differences in structural forms, building materials, and traditions. 
Whenever possible, it is important to carry out site-specific, post-earthquake dam-
age studies in order to learn from destructive earthquakes and construct reliable 
seismic vulnerability relationships for different building typologies.

The seismicity in Iceland is related to the Mid-Atlantic plate boundary which 
crosses the country from north to south (Einarson 1991). Within Iceland, the bound-
ary shifts eastwards in the south and back westwards in the north through two, 
complex fracture zones. The one in the south is called the South Iceland Seismic 
Zone and is in the middle of the largest agricultural region in the country. The other 
in the north is called the Tjörnes Fracture Zone (Fig. 11.1). The largest earthquakes 
in the country have occurred within these zones, mostly associated with a strike-slip 
motion at shallow depths (5–10 km). In the South Iceland Seismic Zone, the earth-
quakes tend to occur in sequences, typically every hundred years. One such sequence 
occurred in 1784 when two earthquakes (Ms7.1 and Ms6.7) hit on 14 August and 16 
August with approximately 20 km distance between the two epicentres. A detailed 
farm-by-farm description of the damage from these two events exists (Halldórsson 
et al. 2013). Another sequence began in 1896, when five earthquakes of magnitude 
greater than six struck the area within 2 weeks (Thoroddsen 1899, Sigbjörnsson and 
Rupakhety 2014). A single event of size 7 occurred in 1912, which many scientists 
consider to be the last earthquake of the sequence that started in 1896.

A new sequence started in 2000 in the South Iceland Seismic Zone when two 
earthquakes of magnitude Mw6.5 struck on the 17th and 21st of June. They were 
followed by the third event, an Mw6.3 earthquake, on 29 May, 2008, called the Ölfus 
earthquake (Fig. 11.1).

These earthquakes caused a lot of damage, but no buildings collapsed, and fortu-
nately, there was no loss of life, and nobody was seriously injured (Bessason et al. 
2012, 2014; Bessason and Bjarnason 2016).

In Iceland, all buildings are registered in an official database which contains 
detailed information, such as date of construction, number of floors, floor area, main 
building material, geographical location, type of use, and replacement value. Natural 
catastrophe insurance of buildings is mandatory and is administered by the Iceland 
Catastrophe Insurance (ICI). Therefore, after catastrophic events like large earth-
quakes, the repair cost for every damaged building is estimated by trained assessors 
in order to settle the individual insurance claims. Since 1990, an array of strong 
motion acceleration meters has been operated in Iceland. These accelerometers 
have recorded detailed ground acceleration during strong earthquakes at many loca-
tions in Iceland. In particular, the June 2000 earthquakes and the May 2008 earth-
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quake were very well recorded by the Icelandic Strong Motion Network (ICESMN, 
Sigbjörnsson et al. 2014). Strong ground motion data from Iceland have been used 
to develop ground motion prediction equations (GMPEs) (Ólafsson and Sigbjörnsson 
2002; Rupakhety and Sigbjörnsson 2009). The data are available at the Internetsite 
for European Strong-Motion Data (ISESD) (Ambraseys et al. 2002).

The building stock in Iceland has changed significantly from 1700 to the present. 
For ages, vulnerable turf and stone houses dominated, but in the twentieth century, 
concrete and timber buildings took over. Seismic codes were implemented in 1976 
and have gradually improved the seismic capacity of the present building stock. The 
main aim of this contribution is to give an overview of the seismic performance of 
old and new Icelandic buildings based on both historical damage data as well as loss 
data from recent earthquakes.

Fig. 11.1  The South Iceland Seismic Zone (SISZ) and the Tjörnes Fracture Zone (TFZ). Locations 
of epicentres of the three south Iceland earthquakes of June 2000 and May 2008 are shown with 
the stars; and that of the 1934 Dalvík earthquake is indicated with the red triangle; the circles 
represent epicentres of earthquakes larger than magnitude 3.5 between 1896 and 2012 (based on 
data from The Icelandic Meteorological Office, the Icelandic Institute of Natural History and 
National Land Survey of Iceland)

11  Seismic Vulnerability of Icelandic Residential Buildings
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11.2  �Damage in Historical Earthquakes

11.2.1  �The August 1784 South Iceland Earthquakes

On the 14th and 16th of August, 1784, two destructive earthquakes occurred in 
south Iceland (Fig. 11.1). Three people were killed and there was a lot of structural 
damage. The magnitude of these earthquake has been estimated (not measured) as 
7.1 (Ms) and 6.7 (Ms) (Halldórsson et al. 2013). Based on faults and fissures as well 
as observed damage, the epicentres have also been roughly estimated (Fig. 11.2). 
Since most of the faults and fissures are in a north-south direction, the estimated 
longitude of these epicentres is more accurate than the latitude. The bishop at 
Skálholt Cathedral in south Iceland requested priests in the area to register damage 
at all farms in their parish and deliver a written report to him. Because of this work, 
a detailed damage description exists for every farm in the area. From the above 
information, a damage map has been created (Fig. 11.2) (Halldórsson et al. 2013).

At many farms in the epicentral area, all buildings collapsed, including residen-
tial buildings and different types of animal housing and food barns, etc. At this time, 
most of the buildings were single-story turf and stone with thick walls and heavy 
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Fig. 11.2  Observed damage after the two south Iceland earthquakes of August 1784 (based on 
data from the National Land Survey of Iceland and Halldórsson et al. 2013)

B. Bessason and R. Rupakhety



213

turf roofs. Binding between the stones and the turf was very limited and the struc-
tures were very vulnerable to lateral shaking (Fig. 11.3). Use of timber was limited 
mainly to roof rafters. Only a few buildings at that time had a timber frame 
structure.

Fig. 11.3  Turf and stone houses: (a) from Húsavík around 1900 (Photo: Icelandic and Faroese 
Photographs of Frederick W. W. Howell, Cornell University Library), (b) from Skógar Museum in 
south Iceland
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11.2.2  �The 1896 South Iceland Earthquake Sequence

In 1896, six, destructive earthquakes occurred in the SISZ. Thoroddsen (see, for 
example, Thoroddsen 1899) provides a detailed description of damage caused by 
these earthquakes. Macroseismic effects, magnitude, and a summary of damage pat-
terns caused by these earthquakes are also given in Sigbjörnsson and Rupakhety 
(2014). The first event of the sequence occurred on the 26th of August, almost at 
midnight, without any warning or clear precursor. This earthquake was felt over the 
whole southern part of Iceland, and its effects were the most destructive in the 
Rangárvellir, Land, Holt, and Gnúpverjahreppur areas. In Land, for example, 28 out 
of 35 farms were completely damaged. The next earthquake struck the following 
morning and caused buildings partially damaged by the earthquake the day before to 
completely collapse. On the 5th of September, two strong earthquakes occurred, the 
first one had epicentre close to Selfoss and the second one about 20 km east of 
Selfoss. The effects of these two earthquakes were the strongest in Skeid, Holt, and 
Flói. It severely damaged an 80-m long suspension bridge over the Ölfusá River by 
Selfoss, and two people died in a collapsed house in Selfoss. On the night of the 6th 
of September, another strong earthquake occurred north-west of Selfoss and caused 
24 farms in Ölfus to collapse. The sixth, and the last, destructive earthquake of the 
sequence occurred on the 10th of September, but was followed by many smaller 
aftershocks. A more detailed description of the damage distribution caused by this 
sequence of earthquakes can be found in Sigbjörnsson and Rupakhety (2014).

11.2.3  �The Dalvík Earthquake in 1934

In June 1934, a destructive earthquake of size 6.2 Ms occurred 2–3 km from the vil-
lage of Dalvík in North Iceland (Fig. 11.1). A lot of structural damage was reported 
in Dalvík and its surroundings (Halldórsson et al. 2013; Thráinsson 1992). Almost 
all houses in this area were damaged, and more than half of them had serious dam-
age (could not be used). A local builder was asked by Icelandic authorities to give an 
overview of the damage (Guðmundsson 1951). His findings are shown in Table 11.1.

Six out of 17 turf/stone buildings and six out of 33 concrete buildings had col-
lapsed or had suffered total damage, whilst no timber building had such damage. 

Table 11.1  Observed damage at Dalvík after the 1934 earthquake

Building material/type
Number of 
buildings

Damage state
Minor/no 
damage Light Severe Total damage

Turf and stone 17 2 8 1 6
Concrete 33 7 4 16 6
Timber 27 13 10 4 0
Total 77 22 22 21 12
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Furthermore, 43 of 77 (56%) buildings had severe or total damage. If only concrete 
and timber buildings are considered, the same proportion is obtained (34/60). Finally, 
it must be underlined that concrete houses at this time had very limited reinforcement 
and most likely poor concrete strength as well. At this time, it was common to use 
course gravel and stone boulders in the concrete mixture to stretch it out. Many con-
crete structures experienced large open cracks after the earthquake (Fig. 11.4).

Fig. 11.4  Damaged concrete buildings at Dalvík after the Ms6.2 earthquake in June 1934 (Photos: 
(a) Svarfdælinga Provincial Archives, (b) National Museum and RUV)

11  Seismic Vulnerability of Icelandic Residential Buildings
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11.3  �Background Material and Loss Data from Recent 
Earthquakes

11.3.1  �The South Iceland Earthquakes of June 2000 and May 
2008

On the 17th of June and again on the 21st of June 2000 two Mw6.5 earthquakes 
occurred in the SISZ. Both events were right-lateral, strike-slip earthquakes with a 
fault striking in the north–south direction. The approximated focal depths were 
6.3 km and 5.7 km, respectively. The highest recorded PGA was 0.64 g at a distance 
of 5.7 km from the fault in the first one and 0.84 g at a distance of 3.1 km from the 
fault in the second one (Thórarinsson et al. 2002). They were followed by the third 
one, an earthquake on May 29th, 2008, called the Ölfus earthquake (Fig. 11.5). Like 
the June 2000 earthquakes, it was also a shallow, right-lateral, strike-slip earthquake, 
with a fault striking in the north–south direction, and the highest recorded peak 
ground acceleration (PGA) was 0.88 g (Halldórsson and Sigbjörnsson 2009).
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Fig. 11.5  A map of south Iceland showing the epicentre and the faults of the south Iceland earth-
quakes of June 2000 and May 2008, as well as the location of buildings in the area. The green area 
in the middle frames the south Iceland lowland (based on data from the National Land Survey of 
Iceland and Registers Iceland)
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11.3.2  �Building Typology Classes

The SISZ crosses the south Iceland lowland, which is the largest agricultural region 
in the country, with many farms, a number of small villages, service centres, and 
modern infrastructure (Fig. 11.1). The population was 15,000 in January 2000 and 
18,600 in January 2008 (www.hagstofa.is). The majority of the buildings were built 
after 1940 (Fig. 11.6). Those built before 1940 are mostly timber houses. Between 
1940 and 1960 it was common to build concrete buildings, as well as special build-
ings of hollow pumice blocks. The pumice block buildings can be classified as 
masonry or brick buildings and have some similarities with southern European-type 
masonry buildings. Between 1960 and 1980, concrete buildings dominated, whilst 
since 1980 timber frame structures have been more common (Fig. 11.6). The major-
ity of the structures are in-situ-cast or in-situ-built buildings, although prefabricated 
houses do exist. The lateral, load-bearing system is dominated by structural walls. 
Seismic codes were implemented in Iceland in 1976, and since then, nearly all con-
crete buildings have reinforcement in all structural supporting systems. Eurocode 8 
was implemented in 2002. Minimum reinforcement requirements in structural walls 
prescribed in these codes may have governed the design for seismic resistance in 
stiff, low-rise buildings in the region. In the timber houses, the exterior and interior 
load-bearing walls are made of timber work with plywood cladding sheets and exte-
rior wooden siding. In newer houses, the timber construction is more solid, forming 
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Fig. 11.6  Age distribution of buildings in the south Iceland lowland (Bessason et al. 2014)
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strong shear walls. The prescribed wind loads are very high in Iceland, among the 
highest in Europe. According to the Eurocodes (EN 1990–1-4) and the associated 
National documents, the fundamental value of the basic wind velocity is vb,0 = 36 m/s. 
Timber houses in Iceland, designed to withstand such strong winds, are therefore 
well suited to withstand earthquake forces.

The majority of the buildings are low-rise, single-family dwellings, and town 
houses, with one to two stories being dominant. A few buildings can be classified as 
multi-family apartment blocks, and of those, none is taller than five stories. In 
Fig.  11.7, some examples of residential buildings in the town of Selfoss in south 
Iceland are shown.

In recent studies of loss data from the south Iceland earthquakes in 2000 and 
2008 the year 1980, (around when seismic codes were implemented in Iceland), has 

Fig. 11.7  Examples of buildings in the town of Selfoss in south Iceland: (a) single-story timber 
building; (b) two-story RC building; (c) two-story RC apartment block; (d) three-story RC apart-
ment blocks (Google maps – Street viewer)
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been used as the cutting point to distinguish between older and newer buildings 
(Bessason et al. 2012, 2014; Bessason and Bjarnason 2016). Table 11.2 shows the 
definition of building typologies used in these studies as well as the proportion of 
how the dwellings in the south Iceland lowland are divided into these typologies. 
The listed proportions are not exact since they were not the same at 2000 and 2008.

11.3.3  �Loss Data

Natural catastrophe insurance of buildings is mandatory in Iceland and is adminis-
tered by the Iceland Catastrophe Insurance (ICI) fund. Therefore, after catastrophic 
events like large earthquakes, the repair and replacement cost for every damaged 
building is estimated by trained assessors in order to settle the individual insurance 
claims.

After the earthquakes in June 2000, the loss assessment work started right after 
the second event, and in 2008, it also started only a few days later. The assessment 
work was carried out by assessors with a technical background who worked in pairs. 
The main steps of the procedure were as follows:

	1.	 A property owner reported damage to his local insurance company, which then 
informed ICI.

	2.	 Assessors familiarized themselves with technical drawings and other related 
information about the damaged properties.

	3.	 Assessors performed inspections of the property where all building damage was 
documented, marked on drawings, and photographed.

	4.	 Assessors prepared a damage assessment report. The report included a descrip-
tion of the damage and a cost estimate for the repairs.

After the June 2000 events, the assessed damage was divided into five subcategories 
of structural and non-structural damage (Table  11.3). The damage data after the 
2008 earthquake was classified in more detail, or in ten subcategories, and then 
further divided into 4 to 8 headings (Table 11.4). In total, the damage was broken 
down into 62 headings. The details of the damage data after the 2008 earthquake 
were used to map the main statistics of the damage in Bessason et al. (2014). The 
ten subcategories used in damage mapping after the 2008 earthquakes can be 

Table 11.2  Main building typologies of low-rise residential buildings in the south Iceland lowland

Typology Description Proportion (%)

RC Pre-1980 Reinforce concrete buildings built before 1980 38
RC Post-1980 Reinforce concrete buildings built after 1980 14
Timber Pre-1980 Timber buildings built before 1980 16
Timber Post-1980 Timber buildings built after 1980 23
Pumice Brick buildings made of hollow pumice blocks mainly 

built before 1980
9
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combined and reduced to the same and identical subclasses as were used after the 
2000 events in order to make a comparison. The loss data from the 2000 and 2008 
earthquakes are complete in the sense that both databases include both damaged and 
undamaged buildings, which are rare to find in loss data sets (Pitilakis et al. 2014).

11.3.4  �Intensity Measure

When evaluating fragility or vulnerability curves, an intensity measure (IM) must be 
used to link the loss to the strength of the ground motion. The majority of the affected 
buildings were low-rise, shear wall buildings. For such systems, the natural period is 
low and this justifies the use of peak ground acceleration (PGA) as a suitable 
IM. PGA (m/s2) at a damaged property site was estimated by using a ground motion 
prediction equation (GMPE) developed by Rupakhety and Sigbjörnsson (2009):

Table 11.3  Subcategories of damage used in the survey after the 2000 earthquakes

Category No. Subcategory

Structural damage 1 Excavation, foundations and bottom slab
2 Interior and exterior supporting structure (walls, columns, beams, 

roofs)
Non-structural 
damage

3 Interior finishing work (partition walls, mortar, suspended ceilings, 
cladding)

4 Interior fixtures, paintwork, flooring, wall tiles, windows, doors, 
etc.

5 Plumbing (cold water, hot water and sewer pipes), radiators, 
electrical installations

Table 11.4  Subcategories of damage used in the survey after the 2008 earthquake

Category No. Subcategory

Structural damage 1 Excavation, fill and earthwork
2 Foundations and bottom slab
3 Exterior supporting structure (walls, columns, beams, stairways)
4 Roof structure
5 Interior supporting structure (walls, columns, beams, slabs, 

stairways)
Non-structural 
damage

6 Interior finishing work (partition walls, mortar, ceiling cladding)
7 Interior fixtures, incl. Kitchen and bathrooms, doors, flooring, wall 

tiles, etc.
8 Windows, glass, exterior doors, wall cladding etc.
9 Paintwork outdoors and indoors, including crack filling and 

surface treatment
10 Plumbing (cold water, hot water and sewer pipes), radiators, 

electrical installations
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where H (km) is the shortest horizontal distance from the site to the surface of the 
fault trace; S is a site factor which takes the value 0 for rock sites and 1 for stiff soil 
sites; and P is an error/scatter term which follows a standard normal distribution, 
i.e., P∈N(0,1). Most of the strong motion data used to calibrate the parameters in 
Eq. (11.1) were taken from recent, large-magnitude Icelandic earthquakes, but they 
were also augmented by records from continental Europe and the Middle East. Both 
the horizontal components were used from each station. The main characteristic of 
the GMPE given by Eq. (11.1) is that it predicts a relatively high PGA in the near 
fault area, whilst the attenuation with distance is more than generally found in other 
GMPE (see for instance Ambraseys et al. 1996).

11.3.5  �Elimination of Accumulated Effect in the June 2000 
Earthquakes

The two June 2000 earthquakes in south Iceland struck with a 4 day interval and 
their, causative faults are approximately 20 km apart. Many buildings were, there-
fore, subjected to strong ground motion from the two events and can be expected to 
have accumulated damage from both of them. Computed PGA contours from both 
events using Eq. (11.1) was used to create a scenario hazard map from both events 
(Fig.  11.8). The maximum PGA at each location, i.e., PGA  =  max(PGA17June2000, 
PGA21June2000), was used to determinate the contours. All buildings located between 
the two faults have been excluded in order to eliminate the accumulated earthquake 
effect. The observed loss can then be approximately assumed to be from two inde-
pendent events. That is, all buildings located east of the 17 June earthquake fault are 
considered to have been affected only by that event, and all buildings located west 
of the 21 June earthquake fault are considered to have been only affected by that 
event (Bessason and Bjarnason 2016).

11.4  �Damage Observations from Recent Earthquakes

11.4.1  �Presentation of the Damage Data

There are a number of ways to develop vulnerability models and present the 
observed damage from the south Iceland earthquakes of June 2000 and May 2008. 
Here, the focus will be on presenting fragility curves, risk maps, and vulnerability 
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curves, as well as showing some statistics of the relative proportion of structural and 
non-structural damage.

Fragility curves provide the probability of exceeding a specified damage state for 
a given ground motion intensity. They are important in disaster management and 
risk reduction planning since they can be used to predict an overview of expected 
damage in a specified region. For instance, the expected proportion of collapsed 
buildings, expected proportion of severely damaged buildings, etc. can be estimated 
by using a hazard scenario, exposure data, and fragility curves. This information 
may then be used to predict the number of fatalities and injuries.

Vulnerability curves, on the other hand, provide the mean loss for a given build-
ing typology and given ground motion intensity. They are, therefore, useful for pre-
dicting expected losses, which can be of value for public authorities, government, 
and insurance companies. Vulnerability curves can be estimated directly from loss 
data (Rossetto et al. 2014), or they can be estimated indirectly from fragility curves. 
Indirect methods are commonly used to determine vulnerability curves when the 

Fig. 11.8  A scenario hazard map for the two south Iceland earthquakes of June 2000 (the approxi-
mate locations of the causative faults of the 17 and 21 June earthquakes are indicated by the black 
lines to the east and west, respectively)
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damage description is only qualitative, such as, no damage, minor damage, moder-
ate damage, severe damage, etc.

Since the estimated repair cost is available for every affected dwelling after the 
June 2000 and May 2008 earthquakes, it is possible to compute the damage factor 
(DF) for every dwelling:

	
DF =

Estimated repair cost

Replacement value 	
(11.2)

Here, the replacement value is obtained from the official inventory register. The 
DF is in the range of 0 to 1 (0–100%) where 0 means no damage and 1 means total 
loss.

11.4.2  �Fragility Curves

The first step in evaluating fragility curves is to define damage states. Since the 
damage factor is known for every dwelling, it can be used for this purpose. Dolce 
et al. (2006) used the DF to define the damage states shown in Table 11.5, and they 
were then used in Bessason and Bjarnason (2016) to compute fragility curves from 
the Icelandic loss data.

A lognormal distribution (LN) was used as the functional form of the curves. The 
methodology presented by Shinozuka et al. (2000) was applied to estimate the two 
LN parameters with combined loss data from all three south Iceland earthquakes.

For each building typology (Table 11.2) and each damage state (Table 11.5), a 
two parameter lognormal distribution was fitted to the data by using a maximum 
likelihood method. The likelihood function was given as in Shinozuka et al. (2000):
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(11.3)

where G is the fragility curve for a specific damage state; ai is the predicted PGA for 
building i based on Eq. (11.1); yi represents a realization of a Bernoulli random vari-
able Y which has the value 1 if the damage state in question is exceeded, and 0 

Table 11.5  Definition of damage states for fragility curves (Dolce et al. 2006)

Damage state Range of damage factor (%) Description of damage

DS0 0 No damage
DS1 >0–5 Slight
DS2 >5–20 Moderate
DS3 >20–50 Substantial to heavy
DS4 >50 Very heavy to total

11  Seismic Vulnerability of Icelandic Residential Buildings



224

otherwise; and N is the number of affected buildings of each typology. Based on the 
lognormal assumption, G is given as:
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where Φ is the standardized normal distribution function, and μ and ζ are the median 
and dispersion parameters of the lognormal distribution. In order to estimate these 
parameters, a standard algorithm (built-in function in Matlab®) was used to find the 
minimum of −ln(L) where L is given by Eq. 11.3, and, at the same time, it was 
checked that the derivatives of the −ln(L) with respect to μ and ζ were zero:
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(11.5)

The parameters of the lognormal distribution, LN(α,β), are related to μ and ζ as 
α = ln(μ) and β = ζ. Furthermore, the mean value, m, and standard deviation, σ, of a 
lognormally distributed random variable can be computed from α and β by well-
known formulas. The results for the five building typologies are shown in Fig. 11.9. 
More details and numerical values of the estimated parameters and comparison of 
how the data fit the curves can be found in Besssason and Bjarnason (2016).

It must be mentioned that the loss data from 2008 have the most weight at high 
ground accelerations, while at lower shaking, the two June 2000 earthquakes con-
tribute more. Overall, the probability of exceeding DS1, DS2, and DS3 is less for 
post-1980 concrete and timber buildings than for pre-1980 concrete and timber 
buildings, which is not surprising. Furthermore, the pumice buildings are more vul-
nerable (DS2 and DS3) than the other building typologies. Finally, it can be men-
tioned that the probability of exceeding DS2 and DS3 is low or less than 0.1 for 
pre-1980 and post-1980 RC and timber buildings, while it is higher for the pumice 
buildings.

11.4.3  �Risk Maps

By combining a hazard scenarios in terms of PGA for the two south Iceland earth-
quakes of June 2000 (Fig. 11.8) and the fragility curves defined by the LN model 
(Fig. 11.9), it is possible to compute scenario risk maps for these two events and all 
five building classes. Such risk maps are shown in Fig. 11.10 for pre-1980 RC build-
ings and in Fig. 11.11 for Post-1980 RC buildings. The maps for pre-1980 RC build-
ings show that, in Selfoss, the probability of exceeding DS0 (No damage) was in the 
range 0.10–0.20 (Fig. 11.10a), while the probability of exceeding DS1 was less than 
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0.05 (Fig. 11.10b). The map in Fig. 11.11 shows that the newer RC building (Post-
1980) performed better than the older ones. The probability of exceeding DS2 was 
less than 0.10 everywhere in the affected area, except for the pumice buildings 
(Fig. 11.8). One limitation of the presented results is that the effect of damage accu-
mulation between the two events, which would be most significant in the area 
between the two faults, is not adequately modelled in the fragility curves. Since 
strong earthquakes in SISZ tend to occur in sequences, the effect of accumulated 
damage is important and needs further investigation so that it can be properly 
included in future fragility curves.
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Fig. 11.9  Fragility curves for pre-1980 RC buildings, post-1980 RC buildings, pre-1980 timber, 
post-1980 timber and pumice buildings (Bessason and Bjarnason 2016)
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11.4.4  �Vulnerability Curves

Vulnerability curves can be computed using different methodologies. In Bessason 
et al. (2012), a statistical vulnerability model was fitted to the loss data from the 
May 2008 south Iceland earthquake. For each of the five building typologies 
(Table 11.5), the loss data were split into four groups reflecting four different inten-
sity levels. The lowest level was defined by computed PGA at the building site in the 
range of 0.05–0.09  g, the next level for PGA in the range of 0.09–0.18  g, then 
0.18–0.34 g, and the fourth level for PGA 0.34–0.60 g. For each bin and each build-
ing typology, a four-parameter model was computed: one parameter representing 
the ratio of undamaged buildings (DF = 0) to the total number of buildings; one 
parameter representing the ratio of total damaged buildings (DF = 1) to the total 
number of buildings; and then two parameters of a lognormal probability distribu-
tion fitted to damaged buildings (0 < DF < 1). For prediction of loss, it is necessary 
to rely on the mean value for each of the above acceleration bins. Other, more 
sophisticated, statistical methods can be used, for instance by applying generalised 
linear models (GLM), generalised additive models (GAM), and Gaussian Kernel 
models (GKS). These models are described in the GEM empirical vulnerability 
assessment guidelines (Rossetto et  al. 2014). They were used by Maqsodd et  al. 
(2016) on Australian data. Here, the vulnerability curves were estimated indirectly 

Fig. 11.10  Scenario risk map for reinforced concrete buildings built before 1980 (pre1980), (a) 
probability that damage state will exceed DS0, (b) probability that damage state will exceed DS1
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from the fragility curves shown in Fig. 11.9 by using median values for each dam-
age state, i.e., DS0med = 0, DS1med = 0.025, DS2med = 0.125, DS3med = 0.35, and 
DS4med = 0.75:

	

V PGA G G DS G G DS

G G D
DS DS med DS DS med

DS DS

( ) = -( ) × + -( ) ×
+ -( ) ×

0 1 1 2

2 3

1 2

SS G DSmed DS med3 43+ ( ) × 	

where GDS0 is the fragility curve for damage state DS0, GDS1 is the fragility curve for 
DS1, etc. (Fig. 11.12). At a PGA of 0.5 g, the estimated loss for a pre-1980 building 
is, as an example, around 3%, while for a pumice building, it is approximately 13%. 
It must be underlined that those curves are approximations and no error estimates or 
confidence intervals are given. In general, the vulnerability curves for pumice build-
ings showed the highest values whilst the vulnerability curves for both post-1980 
RC and post-1980 timber lay lowest on the graph, i.e., for buildings built after the 
implementation of seismic codes in Iceland.

Fig. 11.11  Scenario risk map for reinforced concrete buildings built after 1980 (post-1980), (a) 
probability that damage state will exceed DS0, (b) probability that damage state will exceed DS1
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11.4.5  �Structural and Non-structural Damage

Fragility curves or vulnerability models for non-structural seismic loss alone have 
not yet been developed to our knowledge. However, studies of the loss data from the 
three south Iceland earthquakes have shown that most of the losses are related to 
non-structural damage (Bessason et  al. 2014; Bessason and Bjarnason 2016). In 
those studies, the loss data were divided into five subclasses of structural and non-
structural damage (Table 11.3). The observed loss for each damaged building was 
split proportionally between the subcategories, such that the total sum was 100%. 
From these data, the average proportion of each subclass of damage in each building 
typology could be estimated. The relative distribution of different damage sub-
classes is shown in Fig.  11.13. The results presented here are averaged over all 
houses, independent of ground motion intensity. Damage subclass 4, which is rep-
resented by the fourth bars in the histograms of Fig. 11.13, was the largest for all 
typologies. This shows that non-structural damage of interior fixtures, paintwork, 
flooring, wall tiles, windows, and doors contributed most to the overall damage of 
all building types. The second, most dominant damage type was subclass 2. It was 
related to damage of interior and exterior supporting structures (walls, columns, 
beams, roofs). The results indicate that damage in new concrete and timber build-
ings was mostly non-structural (sum of bars 3, 4 and 5). Relatively, more structural 
damage was observed during the June 2000 earthquakes than the May 2008 earth-
quake, which may be partly explained by better performance of buildings which 
were repaired and/or retrofitted after the June 2000 earthquakes, but also may be 
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due to the larger intensity ground motion and the longer duration as these two earth-
quakes were of larger magnitude than the 2008 event. More details of the May 2008 
loss data can be found in Bessason et al. (2014), which showed that most of the 
losses of the residential buildings were related to flooring and indoor paintwork.

11.5  �Summary and Conclusions

Seismic hazard in Iceland is moderate to high. Destructive earthquakes in the mag-
nitude range of six to seven have occurred frequently in the two main seismic zones 
in Iceland, i.e., the South Iceland Seismic Zone and the Tjörnes Fracture Zone. 
Twenty-five earthquakes of magnitude six or greater have struck in these two zones 
since 1700. Historical descriptions of damage are available for most of these events 
and, in many cases, are quite detailed. For more recent earthquakes, comprehensive 
loss data exist based on insurance claims. This chapter summarises earlier observa-
tions and studies of seismic performance of Icelandic buildings and is meant to give 
an overview of how the vulnerability these buildings have changed over time and to 
present suitable models for estimation of seismic risk to residential buildings in 
future earthquakes.

•	 In destructive earthquakes occurring before 1900, most of the residential houses, 
as well as animal shelters, in the epicentral area collapsed. The buildings at that 
time were made of turf and stone with limited binding material and were seismi-
cally very vulnerable.

Fig. 11.13  Classification of damage data in five subcategories (Table 11.3) for five building typol-
ogy classes (Table 11.2). (a) 17 June 2000 Mw6.5 earthquake, (b) 21 June 2000 Mw6.5 earth-
quake, (c) 29 May 2008 Mw6.3 earthquake (Bessason and Bjarnason 2016)
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•	 Towards the middle of the twentieth century, building tradition in Iceland started 
to change, with timber and concrete houses replacing old turf and stone houses. 
These newer houses, especially those where timber was not used for structural 
framing but mainly for roof rafters, and concrete were mostly unreinforced and 
believed to be of poor quality and were vulnerable to ground shaking. For exam-
ple, the 1934 Dalvík Earthquake caused severe damage and collapse of many 
buildings in the village of Dalvík, which was ~2–3  km from the earthquake 
epicentre.

•	 The performance of the current residential building stock in south Iceland is very 
good. The three recent earthquakes, two Mw6.5 in June 2000 and a Mw6.3 in 
May 2008 which occurred in the largest agricultural region in south Iceland low-
land, caused quite low overall damage to residential buildings. Not a single 
building collapsed in the region. In Hveragerði, where recorded peak ground 
acceleration during the May 2008 earthquake was close to 85% of acceleration 
of gravity, overall damage to residential buildings was around 5% of their insured 
value (see Rupakhety et al. 2016). This level of ground shaking is almost twice 
the current 475 year mean return period PGA in the SISZ. This shows that the 
new buildings in SISZ possess significant overstrength and ductility. Timber 
frame and reinforced concrete buildings performed exceptionally well during 
these earthquakes, and serious structural damage was sustained mostly by old, 
unreinforced concrete or pumice block houses. Buildings in Iceland are designed 
for very severe wind loads, and the resulting structural system seems inherently 
effective for seismic resistance as well. The buildings are low rise and mostly of 
regular planar configuration, which also improves their seismic performance. 
Newer buildings built after the implementation of seismic codes in 1976 per-
formed far better than older building typologies.

•	 Based on damage data collected from recent earthquakes, the probability of 
exceeding damage state DS2 (5–20% loss), even in the epicentral area, is 
expected to be less than 0.10 for both timber and concrete buildings. Hollow 
block pumice buildings (brick buildings) mainly built before 1980 are more vul-
nerable, however, and can be expected to suffer severe damage under strong 
shaking. There are only a few pumice buildings in SISZ, and these are no longer 
built.

•	 Losses suffered by all types of buildings during these three recent earthquakes 
were mainly due to non-structural damage. During the latest earthquake, non-
structural damage accounted for more than 75% of all losses in buildings built 
after 1980. The most frequent type of damage was related to interior fixtures, 
paintwork, flooring, wall tiles, windows, and doors.

The main findings from recent earthquakes in south Iceland are quite encouraging 
and indicate that low-rise residential buildings in seismic zones in Iceland behave 
satisfactorily in earthquakes of magnitude 6.5 or less. However, larger earthquakes 
can be expected in Iceland, and the extrapolation of fragility functions and vulner-
ability relationships based on loss data from lower magnitudes to higher are not 
reliable. It should also be emphasized that the buildings in the study area are low 
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rise and very regular. Taller and more slender structures in the area might be at 
higher seismic risk, mainly in the near-fault area. Building typology in Reykjavik, 
the most populated place in Iceland, is quite different to that in the south Iceland 
lowland. There are many tall buildings in Reykjavik. Given the lack of loss data 
from such buildings, estimation of seismic risk for buildings in Reykjavik might 
need to rely on a combination of empirical data and analytical models of building 
vulnerability. Financial losses due to recent earthquakes have been relatively low for 
the intense shaking many buildings experienced, and no human casualty or serious 
injury was caused. However, in spite of the low probability of structural damage and 
collapse and the resulting injury/casualty, the risk of serious injury or death due to 
falling of heavy household contents should not be neglected, especially if a strong 
earthquake strikes when most of the people are indoors and not alert, for example 
sleeping during the night. Methods to improve seismic safety in south Iceland 
should focus on prevention of hazardous movement of building contents. Apart 
from financial losses and injury/death of people, even minor, non-structural damage 
can cause distress and disrupt the daily lives of people living in a seismically active 
area like the SISZ. Such effects can be reduced by implementing simple protective 
measures to reduce seismic risk due to building contents and non-structural 
elements.
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Chapter 12
Earthquake-Safe and Energy-Efficient Infill 
Panels for Modern Buildings

Marco Vailati, Giorgio Monti, and Giorgia Di Gangi

Abstract  The recent earthquakes that occurred in Central Italy, in L’Aquila in 2009 
and in Amatrice in 2016, have shown, once again, how infill panels and partitions, 
widely used as non-structural elements in reinforced concrete frames, are signifi-
cantly vulnerable when subjected to seismic actions. Moreover, they highly affect 
the structural behavior and seismic response of typical, multi-story buildings, 
strongly influencing their repair costs due to the inevitable damage they usually 
undergo during seismic events. Therefore, they should be designed to withstand 
earthquakes forces, both in-plane and out-of-plane, so to ensure the safety of the 
occupants. In addition to seismic performance, infill panels play the primary role of 
providing comfort to occupants through adequate thermal and acoustic insulation. 
In this paper, an innovative solution of earthquake-safe and eco-friendly infill panels 
is presented, which are, at the same time, thermally and acoustically efficient, thus 
avoiding waste of energy and respecting the environment. The proposed innovative 
technology is tested with different surface finishes, boundary conditions and tem-
peratures. A comparison of the proposed technology with respect to conventional 
infill typologies is provided, highlighting pros and cons.

Keywords  Infill walls • Mortar-free infills • Structural and thermal properties of 
infills

12.1  �Introduction

The system proposed in this work is based on hollow blocks (either in concrete or 
clay) that are dry-juxtaposed, rather than joined with mortar layers, by means of 
recycled-plastic joints, conceived to become a preferential sliding plane to 
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accommodate the horizontal displacements imposed by earthquakes, thus prevent-
ing breaking of the blocks. The joint is made by a horizontal plane with size of 
300 × 258 mm and thickness of about 2 mm on which thermoformed hollow teeth 
are extruded outwards, so to be inserted in the block holes (Vailati et  al. 2014). 
Vertical plastic strips are also foreseen to prevent out-of-plane collapse.

Three types of external infill panels have been studied and subjected to labora-
tory tests: (1) with a rough surface, (2) with a surface finish, (3) with a surface finish 
and an improved constraint condition. All infills have been tested under distributed 
load, by using a particular system of airbags that simulates the inertia forces due to 
groundshaking. The tests have been conducted at the laboratory of the Faculty of 
Engineering of the University of Porto, Portugal.

12.2  �Modern Approach to Building Design

The modern way to design buildings takes into account different aspects that could 
be summarized with the watchword integrated design.

Designers operate within a framework that encompasses both energy and struc-
tural aspects, looking for green buildings that are also safe against earthquakes, 
while trying to fulfill the basic aesthetic requirements.

As a matter of fact, modern technical codes are, nowadays, considering the con-
struction as a combination of structural elements, non-structural elements and 
equipment. Non-structural elements are internal and external partitions which must 
be designed in a way to reduce damage and prevent falling on the occupants during 
an earthquake.

Integrated design approach and integrated team process are, in fact, the two 
main components of the whole building design approach. Regarding the first point, 
some targets have to be balanced, like accessibility, aesthetics, historic preservation, 
sustainability, flexibility, etc. As for the latter, an interactive approach during the 
design process is required, involving all the stakeholders and considering all phases 
of the project. Only by implementing this approach, can a high-performance build-
ing be achieved.

12.3  �Green Philosophy and Structural Safety

The need to design high-performance and green buildings  – and save as much 
energy as possible – has changed the conception of construction practice towards 
sustainability (Kibert 2013). These common purposes now involve almost 60 
national green building councils that establish performance goals for their 
countries.

Thus, the modern whole building design approach has to take into account these 
aspects through the implementation of the most advanced technologies and strate-
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gies currently available. Buildings can be defined as sustainable also considering 
the materials selection; the closed loop is a process that envisages the use, reuse and 
recycling process of materials rather than their disposal.

While the concept of green buildings is currently largely widespread, it is impor-
tant to highlight that, to achieve high-performance building requirements, the struc-
tural performance during earthquakes should be of major concern.

An effective and full integration among thermal-acoustic efficiency and earth-
quake safety could lead to innovative solutions, from both the architectural and the 
structural standpoints. Ultimately, structural and non-structural elements adopted in 
the building process should pursue the following targets:

–– insulation and, consequently, less energy dispersion, providing an internal 
thermo-hygrometric comfort;

–– equipment integration;
–– safe performance during earthquakes.

12.4  Mortar-Free Technology

The innovative technology proposed here has been developed considering the com-
mon observation during past earthquakes that non-structural elements are vulnera-
ble and play an important role in the overall damage and, in some cases, interact 
with the structural systems to cause additional damage. At least until 1980, the role 
of non-structural elements, such as the infill panels, were neglected. The trend was 
to analyze the structure as a bare frame, determining its response and subsequently 
applying deformations to the non-structural elements without considering their 
interactions with the frame itself. This misconception led to an unavoidable miscal-
culation of the seismic response of the structural system, which is significant when 
the infill panels are heavy brick or masonry walls which provide extra stiffness and 
inertia to the overall structure (Vailati and Monti 2016).

The Eurocodes include certain requirements in design of such panels, consider-
ing the collapse limit state for both in-plane and out-of-plane behavior, and only for 
the in-plane behavior in the damage limit state. In the draft of the Italian New 
Technical Code, the construction is now considered as a combination of structural 
elements, non-structural elements and equipment. Non-structural elements are 
finally being addressed in seismic design codes. In FEMA 356, modelling methods 
for infill walls are outlined.

The objective of the proposed technology is to reduce the stiffness of the infill 
panels, thereby reducing their unwanted interaction with structural elements, and 
also to enhance their deformation capacity to reduce damages: cracking during in-
plane deformation and total or partial overturning during out-of-plane deformation 
(Vailati and Monti 2014).
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12.5  �External Infills: Components, Stratigraphy, Assembly

The innovative system of infill panels is assembled by using recycled plastic joints 
in place of mortar layers, to join juxtaposed hollow clay blocks. Each joint is made 
of a planar surface with protruding teeth that fit into the holes of the blocks. Based 
on the location of the joint (at the panel base, along the panel height, or at its top), 
the teeth are placed on one or both surfaces (Fig. 12.1). They allow relative displace-
ments to take place between blocks so that each joint becomes a preferential sliding 
plane; the displacements are distributed along the wall height almost linearly, thus 
reducing the in-plane stiffness. Out-of-plane collapse is prevented by the use of 
vertical strips that form a strengthening net.

The controlled industrial process of plastic joints ensures the stability of the 
physical-mechanical properties of each piece (with a size of 300 × 258 mm), with a 
thickness of about 2 mm. Moreover, uniaxial tensile tests on material samples have 
shown that their elastic modulus, E, is around 400 MPa.

Considering thermo-hygrometric performances, different stratigraphies are pro-
posed, using different kinds of insulation materials to facilitate the adaptability of 
the solution according to the needs. The external infills are made with a double fac-
ing of clay blocks with an insulation layer placed between them. The components 
are assembled starting from the floor, proceeding upwards with subsequent layers. 
Single joints with teeth only on the top surface are used on the first layer. The 
assembly continues until the topmost row using the double joints (with teeth on both 
surfaces) and is completed with vertical strips (Figs. 12.2 and 12.3). The last row in 
contact with concrete frame uses the single joint.

Fig. 12.1  Recycled-plastic components: (a) vertical strip, (b) single joints, (c) double joint
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12.6  �Structural Behavior Testing

These tests represent the first part of a larger campaign aimed at studying the influ-
ence of the in-plane deformation on the out-of-plane resistance and at quantifying 
the energy dissipation in both mechanisms. The results of three, full-scale walls 
tested under different boundary conditions and surface finishes are presented here. 
The tests were carried out at the laboratory of the Faculty of Engineering of the 
University of Porto, Portugal. Figure 12.4 shows the configuration of the concrete 
frame/wall system, indicating the different boundary conditions along the interface 
between the infill panel and the concrete frame.

Figure 12.5 shows the configuration of the testing equipment, the points of load 
application and response measurement. The arrangement of airbags used to apply 
the distributed load intended to model inertial effects during earthquakes is shown 
in Fig. 12.6.

Table 12.1 summarizes the main parameters of the tests performed. In figures 
from 8 to 10, the specimens before testing are shown (Figs. 12.7, 12.8, and 12.9).

The fixing system with wooden boards has been adopted in the last test specimen 
to evaluating the effect of the improvement of the frame connections. In fact, it was 
noticed that, at the end of the second test, the absence of an effective transfer mecha-

Fig. 12.2  Assembly of components and stratigraphy: (a) first row, (b) second and subsequent lay-
ers, (c) completed assembly
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nism of the tangential forces caused a sliding of the wall, thus decreasing its out-of-
plane resistance.

12.6.1  �Experimental Results

The specimens were submitted to cyclic loads. After the initial phase where the load 
was made to decrease and increase to reduce the unavoidable gaps between the 
system components, the pressure of the airbags was increased until the conventional 
maximum displacement of 60 mm was attained at control point 8 (see Fig. 12.5). At 
this point, three or four alternate load cycles from 60 to 0 millimeters, with a con-
stant velocity of 0.1  mm/sec, were applied until the end of the test. The force-
displacement curve of the first test is shown in Fig. 12.10.

It can be noticed that, from the second cycle, the out-of plane force-displacement 
curve stabilizes after the second cycle, and the subsequent cycles after this overlap. 
This means that, after the first cycle, the gaps reduce to almost zero and the system 
permits the dissipation of energy due to deformation of the plastic strips and the 
friction between the components. This effect is a phenomenon quite peculiar to this 

Fig. 12.3  Phases of assembly of first dry infill panel (from top-left to bottom-right picture)
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technology. In fact, in traditional infill panels, with their high in-plane and out-of-
plane stiffness, does not allow sufficient displacements to dissipate energy.

Figure 12.11 clearly shows the effect of the different boundary conditions. On 
the right side of the infill, the polyurethane foam resists the rotation of the wall, as 
seen from the opening of the mid joint, which is considerably larger on the left side 
than on the right side. The blocks still appear undamaged while the plastic parts had 
been deformed. It should be noted that only the horizontal mid joint has opened, 
implying a linear displacement pattern between the mid-height and the top/bottom 
of the wall.

Figure 12.12 shows the deformation of the infill corresponding to maximum dis-
placement reached during the tests. The kinematic behavior of the wall is similar to 
that observed during application of the 30 mm displacement. Blocks and recycled 
plastic joints and strips do not appear damaged, and they are still working well with-
out any critical issues.

As shown in Fig. 12.10 at point 3, the residual displacement is nearly 15 mm. It 
should be noted that the residual displacement is not due to the plastic strips but due 
to sliding of teeth inside the blocks, holes (Fig. 12.13).

Fig. 12.4  Out of plane testing configuration of the infills
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The force-displacement curve of the second test is shown in Fig. 12.14.
The stiffness increase due to surface finish changed the kinematics of the struc-

tural system. In this case, for low force values, the wall behavior resembled that of 
a rigid block; the arch behavior observed in the first test did not develop in this case. 
As a confirmation of this hypothesis, one should note that, along the bottom of the 

Fig. 12.5  Position of 
displacement control 
points (above) and of load 
cells (below)

Fig. 12.6  The airbags used to apply the load; left and right: lateral views; center: rear view
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infill, plaster detached from the concrete beam. Figure 12.15 shows this particular 
behavior of the second test with surface finish.

When the displacement of the control point is increased to 10 mm (Fig. 12.16), 
only a minor increase in plaster detachment was noticed. Surface cracking had not 
initiated and the global behavior was still rigid. When the displacement was 
increased to 30 mm (Fig. 12.17), the rigid behavior continued but with significant 
plaster detachment that extended to the left end of the wall where its connection 
with the frame is less effective. As a counterbalance of a shift, it exhibits a signifi-
cant decrease of the overall force, as shown at point 3 of Fig. 12.14.

The displacement of the control point was further increased to 40 and 50 mm, 
without any noticeable change in the wall kinematics. Figures 12.18 and 12.19 do 
not provide further information about the behavior of the wall; plaster detachment 
increased and the out-of-plane sliding of the wall prevented any other resisting 

Table 12.1  Scheme of the test set-up and monitoring equipment

Test set-up Monitoring system
Wall height: 240 cm 13 strain gauges
Wall width: 420 cm 12 load cells
Thickness: 30 cm
Horizontal joints: 5
Weight of infill panel: 1.1 kN/m2

Surface finish:
 � Specimen 1: rough surface
 � Specimen 2: plaster with retaining plastic mesh
 � Specimen 3: as in 2, with different base connection

Fig. 12.7  First test specimen with rough surface
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mechanism to develop overall higher stiffness. It should be noticed that at each load 
step analyzed previously, due to load reversal, a momentary and sharp decrease of 
the stiffness occurs, which is due to the reduction of friction force. After contact is 
restored, friction force grows again and the stiffness becomes almost the same as 
before. As regards the characteristic point 6 in Fig. 12.14, it should be noticed that 
the residual displacement is greater than the first test. This is because the high out-
of-plane stiffness has produced a permanent displacement without drawing the elas-
ticity of the structural system.

Fig. 12.8  Second test specimen with surface finish made by plaster and retaining plastic mesh

Fig. 12.9  Third test specimen with surface finish made by plaster and retaining plastic mesh. The 
smaller pictures show the connection system along the edges
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The force displacement curve during the third specimen test is shown in 
Fig. 12.20.

When the control point displacement is 20 mm, the wall behavior was flexural. 
Cracks were visible on the surface at each horizontal joint, with the crack at mid-
height being the widest cracks.

Until 30 mm of displacement is applied at the control point, the wall shows a 
constantly increasing stiffness due to the lack of defects in the constraints and 
because the gaps between the components were almost closed during the first test 
without finish surface.

Between 30 and 40 mm, as shown in Fig. 12.21, the stiffness decreases, probably 
due to damage of the plastic net, and the crack at mid-height opened up wider.

Added to such incremental damage is also the confinement effect of the wooden 
boards. In fact the bottom constraint realized to remove the sliding seen in the sec-
ond test is saggy due to the intrinsic deformability of wood under large 
displacements.

As mentioned previously, the displacement field is influenced by different con-
straints between frame and wall.

In Fig.  12.21, the same, particular kinematic noticed in the first test can be 
observed again, which causes a wider joint opening at the left side of the wall where 
a greater rotation is permitted. Note that the residual displacement at zero load is 
essentially the same in tests 1 and 3 or rather, in those cases where the wall can 
exhibit a flexural mechanism to oppose the out-of-plane forces. It should be noted 
that the subsequent load cycles show decreasing force values and a progressive stiff-

35

30

25

20

15F
o

rc
e 

(k
N

)

10

5

0

0 10

3

1

2

4

20 30

X: 17.11
Y: -0.6395

X: 30.05
Y: 11.59

X: 57.99
Y: 18.43

X: 59.34
Y: 14.33

40
Displacement (mm)

50 60

Fig. 12.10  Test 1. Force/displacement relationship of first-tested wall. The points represent: 1, the 
transition between the second and third straight line with constant stiffness, in a tri-linear scheme; 
2, the load reversal at the end of the first cycle; and 3, the load reversal at the beginning of the 
second cycle, the maximum force obtained in the test

12  Earthquake-Safe and Energy-Efficient Infill Panels for Modern Buildings



244

ness decay. It is probable that this kind of behavior is due to the constraints’ efficacy, 
which provides the wall the capacity to undergo reversible displacements without a 
non-linear mechanism such as sliding.

12.6.2  �Effect of Temperature on Plastic Behavior

In order to study the mechanical behavior of recycled plastic joints and strips under 
different temperatures, some tests were conducted in a specialized and certified 
laboratory in Rome. It is known that the plastic strips act as a confinement net, 
resisting the out-of-plane overturning. It is clear that the variation of external 

Fig. 12.11  Deformation of the infill at 30 mm displacement of control point 8 during test 1
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temperature, due to a fire or seasonal thermal excursions for example, can modify 
the performance of the wall, decreasing the stiffness and resistance and causing 
instability. The in-plane mechanism is not affected. Therefore, only tensile strength 
tests on the plastic strips were performed in different temperature conditions as 
listed in Table 12.2. Table 12.3 shows the results in terms of ultimate force and dis-
placement obtained in the tests shown in Figs. 12.22, 12.23 and 12.24.

Fig. 12.12  Deformation of the infill at 60 mm displacement of control point 8 during test 1
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The results gave important information on the design values of the parameters. 
The following deformations at Fmax of specimen 1 in temperature condition 1 were 
observed: (a) a variation of +5% for specimen 2 in condition 2, (b) a variation of 
−13% for specimen 3 in condition 2, and (c) a variation of +43% for specimen 4 in 
condition 3. These results can be summarized as:

	1.	 normal conditions: the design values should be an average of the experimental 
values observed on specimens 2 and 3 in condition 2;

	2.	 exceptional conditions: the design values should be equal to the experimental 
values observed on specimen 4 in condition 3.

Fig. 12.13  Test 1, point 3. Residual deformation of the infill at zero pressure in the airbags
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Fig. 12.15  Test 2, Deformation of the infill at ~2 mm displacement of control point 8
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Fig. 12.17  Test 2, point 3. Deformation of the infill at ~30 mm of displacement of control point 8

Fig. 12.16  Test 2, point 2. Deformation of the infill at ~10 mm of displacement of control point 8
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If, in some exceptional cases, the design strength values are not sufficient to meet 
deformation limitations, alternative solutions can be used, for example by using 
fireproof plaster.

12.7  �Acoustic and Thermal Aspects

The European Directive 2002/91/EC requires that member states use energy in a 
rational manner through energy savings (heat loss reduction in cold periods) and 
development of renewable sources, all taking into account the thermal comfort of 
the occupants when designing heating, cooling and ventilation systems. The main 

Fig. 12.18  Test 2, point 4. Deformation of the infill at ~40 mm of displacement of control point 8

Fig. 12.19  Test 2, point 5. Deformation of the infill at ~50 mm of displacement of control point 8
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calculations to assess the energy efficiency of the buildings are performed in both 
steady-state and dynamic-stabilized conditions. The energy performance index 
(EPI) in kWh/m2 per year (or kW/m3 per year for non-residential functions) and the 
thermal transmittance limits are used in the first case. The EPI takes into account the 
ratio between the energy needed to keep a room at a temperature of 18 °C and its 
gross floor area or volume. Moreover, the equation to calculate the thermal steady 
transmittance is provided by UNI EN ISO 6946. For monolayer walls, it is as 
follows:

	

U
s

i e

=
+ +

1
1 1
α λ α 	

(12.1)

where U is in [Kcal/hm2°C or W/m2K]; αi is internal adduction coefficient, which 
represents the amount of heat transferred from internal air for unit area of wall and 
degree of temperature difference (Kcal/m2 h°C); αe is the external adduction coef-
ficient, which represents the amount of heat transferred from external air for unit 
area of wall and degree of temperature difference (Kcal/m2 h°C); s is the wall thick-
ness; and λ is the material conductivity (Kcal/h m °C), with s/λ being the inverse of 
the wall conductance.

For multilayer walls, it is needed to add the laminar resistances and the layer 
resistances, in series:
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Fig. 12.21  Test 3, deformation of the infill at ~40 mm of displacement of control point 8

Table 12.2  Tensile strength tests of plastic strips

Number of 
specimens Condition Operating method

1 1 +20°
2 2 Thermal load cycles between −20° and +20° for 1 week
1 3 +50° for 12 h
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Table 12.3  Results of tensile strength tests

N° Test type
Yield stress Failure stress Def. at Fmax Failure def.
(N/mm2) (N/mm2) % %

1 +20° 15.3 16.8 2.34 2.39
2 Thermal load cycles 13.9 16.6 2.45 2.49
3 Thermal load cycles 14.0 15.7 2.04 2.24
4 +50° 13.4 16.1 3.35 3.48
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where R is in [hm2°C/Kcal] or [m2K/W]. Thermal conductivity, which appears in 
the above equations, and frontal mass are the other aspects to assess.

In the second case, during the cooling period, periodic thermal transmittance, 
softening factor, thermal wave shift factor and the internal surface thermal capacity 
have to be evaluated, mainly to reduce the sunlight heat input using screening 
devices for the openings. One of the following requirements has to be satisfied to 
ensure the verification of the walls: the surface mass of vertical walls has to be 
greater than 230 kg/m2, while the periodic thermal transmittance should be less than 
0.10 W/m2 K and less than 0.18 W/m2 K for horizontal and inclined opaque walls. 
Thermal inertia is the essential aspect to be considered because it represents the 
ability of the wall to reduce the effect of dynamic stresses on heat load of internal 
rooms; this way, a higher softening factor and thermal wave phase shift are pro-
vided. First of all, the dynamic thermal transmittance is computed. According to the 
UNI EN ISO 6946, it is defined as the ratio between thermal flow on the internal 
side of the wall and temperature on its external side, with internal temperature 
assumed constant [W/m2K]:
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The thermal flow is, in turn, computed as follows:
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where U is the dynamic thermal transmittance of the structure (W/m2 K); θave is the 
average external temperature (°C); θint is the internal temperature (°C); μ is the soft-
ening factor, i.e., the temperature variation at a certain depth of the wall compared 
with the external temperature variation; hi is the internal adduction coefficient; θmax 
is the maximum internal temperature (°C); ω is the thermal diffusivity λ/(cρ) (m2/s); 
and φ is the time shift. Once the quantities above are evaluated, the thermal wave 
shift and the softening factor can be calculated. The first one is measured in hours 
[h] and computed as follows:

	
∆ = ( )t12 122

T
Y

π
arg

	
(12.5)

where arg is the argument of the function, evaluated between −2π and 0 (interval of 
time that passes from the maximum of temperature variation to the maximum of 
heat flow variation) and T is the period of sinusoidal variation. The softening factor 
is, instead, the ratio between the thermal periodic transmittance (Y12) and thermal 
transmittance (U).
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If the value of this factor is equal to 1, the wall has no heat storage capacity. 
Another important aspect to take into account when designing the stratigraphy of 
infills is the position of the insulation panel with respect to the clay blocks, as shown 
in Fig. 12.25. In fact, it is clear that the thermal performance of single-and-double 
layer infills are strongly influenced by its position inside the wall. From the acoustic 
point of view, the reference is the Italian law n. 447 of October 26, 1995 that pro-
vides “Fundamental principles governing the protection of external and living envi-
ronments from noise pollution.” One important decree used to determine the acoustic 
requirements of the buildings is the DPCM from December 15, 1997. Here, the 
descriptor to assess the apparent sound reduction of vertical infills, R’w, can be esti-
mated. It is possible to measure it once the construction is complete. Alternatively, 
tests in laboratories could be performed, or mathematical algorithms can be used, to 
evaluate the descriptor, Rw. The technical code UNI EN 12354 and technical report 
TR UNI 11175 are used to design passive requirements of buildings. The last one 
proposes a simplified calculation method according to technology widespread in 
Italy to evaluate the Rw index, but it is not sufficiently reliable, especially for the 
assessment of infills made with clay blocks. The minimum value that both internal 
partitions and floors have to ensure varies as a function of the intended use of the 
rooms. In residences, walls and floors that separate different units must have values 
equal to or greater than 50 dB. To avoid the decrease of acoustic insulation, particu-
lar attention has to be paid to the choice of material and to the state of the partition; 
cracks or discontinuities, bricks with large hole ratios or the presence of glass sur-
faces might worsen its performance.
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Fig. 12.25  Thermal performance of infills. At the top, the thermal wave shift during the 24 h. At 
the bottom, the periodic thermal transmittance YIE and the softening factor f
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In these diagrams are represented the thermal wave shift, the periodic thermal 
transmittance and the softening factor, three important parameters that can help in 
chosing the best solution for the assigned environmental condition.

As a general principle, the best performance in terms of thermal wave shift can 
be obtained using the wall with high weight, in other words, with high thermal iner-
tia. The best results in terms of the two last parameters are related to the double-
layer infills where the isolation panel is disposed toward the outer side (solution 2.c 
in Fig. 12.25).

12.8  �Proposals for Stratigraphy

To make the innovative solution flexible and adaptable to different needs, four dif-
ferent stratigraphies are proposed hereby and shown in Table 12.4. The choice of 
materials and thicknesses are dictated by the above-mentioned thermo-acoustic 
requirements (Fig. 12.26).

In Table 12.5, the parameters used to describe the performance of the different 
proposed stratigraphies are shown; each of them fulfills the mandatory requirements 
of the codes, allowing the designer to meet the needs of the customer, also consider-

Fig. 12.26  Section view of the different proposed stratigraphies

Table 12.4  The different proposed stratigraphies (thickness in parenthesis)

b1 (340) b2 (326) b3 (340)

1 Lime and gypsum plaster (20) Fermacell panel (13) Lime and gypsum plaster (20)
2 Hollow flat blocks (100) Hollow flat blocks (100) Hollow flat block (100)
3 FiberTherm panel (100) FiberTherm panel (100) EPS panel (100)
4 Kraft paper (0.025) Kraft paper (0.025) Kraft paper (0.025)
5 Hollow flat blocks (100) Hollow flat blocks (100) Hollow flat blocks (100)
6 Lime and cement plaster (20) Fermacell panel (13) Lime and cement plaster (20)
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ing the place where the technology is employed. The comparison shown in Fig. 12.27 
is particularly effective in identifying the best solution. This diagram shows the 
performances of the solutions shown in Fig. 12.26. High values of thermal wave 
shift mean that the infill has good thermal inertia, i.e., the infill changes its tempera-
ture slowly during 24 h. This means keeping cool the interior habitat in the summer. 
In order to the assign values assumed for these parameters, a classification such as 
that of Table 12.6 can be defined.

When the values ​of the parameters are not in the interval given to the same line, 
for the purpose of classification, priority is given to the thermal wave shift 
parameter.

Table 12.5  Thermo-acoustic efficiency parameters of the above considered stratigraphies

Thermal 
transm. 
[W/m2 K]

Frontal 
mass [kg/
m2]

Periodic 
thermal 
transm. [W/
m2 K]

Soft. 
Factor 
[adim]

Thermal 
wave shift 
[hours]

Int. surface 
thermal 
capacity [kJ/
m2 K] Rw [dB]

b1 0.29 212.1 0.10 0.35 11.43 57.1 46.82
b2 0.29 158.0 0.10 0.37 11.5 43.1 45.12
b3 0.19 145.6 0.10 0.56 7.56 44.3 46.37

b1 b2 b3

Softening
factor [%] 0.35 0.37 0.56

Thermal wave
shift [hours] 11.43 11.5 7.56
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Fig. 12.27  Thermal efficiency comparison among different proposed stratigraphies

Table 12.6  Classification of thermal performance

Thermal wave shift [hours] Soft. factor [adim] Classification of performances –

S > 12 f < 0.15 Excellent
12 ≥ S > 10 0.15 ≤ f < 0.30 Good
10 ≥ S > 8 0.30 ≤ f < 0.40 Average
8 ≥ S > 6 0.40 ≤ f < 0.60 Sufficient
6 ≥ S 0.60 ≤ f Middling
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12.9  �Comparison with Traditional Infills

The advantages of the proposed technology are listed below.

	1.	 Exceptional capacity under seismic events, (capacity to sustain interstory drift 
over 10% of floor height) thanks to the in-plan deformability achieved by means 
of the sliding joints;

	2.	 Lower manufacturing time and cost, thanks to the dry installation;
	3.	 Reversibility of the assembly process, so that the wall can be easily dismantled 

and reassembled in another place, limiting demolitions only to surface finishes;
	4.	 Eco-environmental sustainability because the plastic is recycled. At the end of 

their life cycle, joints and bands can be used again for the production of new 
buildings; also, the bricks remain intact after disassembly and can be reused;

	5.	 Excellent thermal performance, particularly during summertime in places where 
the irradiance I > 290 W/m2, thanks to ventilation ducts that allow a natural, ver-
tical air flow;

	6.	 Less thermal bridges due to the absence of mortar joints;
	7.	 Better structural behavior due to the absence of interactions with infills;
	8.	 Rationalization of ducts and fixtures, so that channeling takes place in a clean 

manner inside the holes of the bricks, arranged vertically, thus avoiding the 
traces that often damage the integrity of the panels;

	9.	 Considerable savings thanks to the reduced weight applied to the structural ele-
ments of the building including foundations (lower dead and inertia loads).

Moreover, the new technology differs from the traditional ones also in design 
considerations. Traditional systems are conceived as having a high mass (both in 
terms of thermal performances and from the structural point of view), strength and 
stiffness that significantly affect the overall behavior of the structural system under 
seismic shaking, modifying its natural oscillation period. Conversely, this innova-
tive system aims at being lighter and more flexible, decreasing the inertial seismic 
forces applied to the centroid of the non-structural element, computed as follows:

	
F

S W

qa
a a

a

=
⋅

	
(12.7)

where Fa = horizontal seismic force applied to the centroid of the non-structural ele-
ment in the most unfavorable direction; Wa = element weight; Sa = spectral accelera-
tion, in terms of g; and qa = behavior factor of the element.

In Italy, where structures are mainly built as reinforced concrete frames, infill 
panels with solid bricks were used until the 1960s. Subsequently, solid bricks have 
been replaced with clay blocks placed in monolayer walls or in a double layer with 
hollow space in between. Joints are made with either mortar or light mortar and 
horizontal joints have thicknesses varying from 5 to 15 mm. In Table 12.7, tradi-
tional stratigraphies are shown. In Table 12.8 and Figs. 12.28, 12.29,  the compari-
son (using the main thermo-acoustic parameters provided by codes) among the 
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Table 12.7  Traditional stratigraphies (thickness in parenthesis)

a (350) c (310)

1 Lime and gypsum plaster (15) Concrete (60)
2 Porotherm brick (250) EPS panel (60)
3 XPS panel (70) EPS panel + graphite (130)
4 Plastic plaster (15) Concrete (60)

Table 12.8  Thermo-acoustic comparison among the traditional and innovative typologies

Thermal 
transmittance 
[W/m2 K]

Frontal 
mass 
[kg/m2]

Periodic 
thermal 
transmittance 
[W/m2 K]

Softening 
factor 
[adim]

Thermal 
wave 
shift 
[hours]

Int. 
surface 
thermal 
capacity 
[kJ/m2 K]

Rw 
[dB]

a 0.31 267.1 0.04 0.14 11.56 46.4 44.3
b1 0.29 212.1 0.10 0.35 11.43 57.1 46.8
b2 0.29 158.0 0.10 0.37 11.5 43.1 45.1
b3 0.19 145.6 0.10 0.56 7.56 44.3 46.3
c 0.17 298.6 0.07 0.41 9.28 80.6 47.4

Fig. 12.28  Section view of the different traditional stratigraphies
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stratigraphies proposed above and the widespread infill panel typology used in Italy 
is very effective to highlight advantages provided by the innovative solutions.

The comparison shown above relates to the calculation in dynamic stabilized 
conditions (summer season). In this case, the thermal inertia of the walls is the main 
aspect to be considered. The softening factor and thermal wave shift are physical 
quantities that well represent the performance of the walls in these conditions; low 
values of the first parameter match better solutions, while the opposite is true for the 
second one.

12.10  �Results and Conclusions

Previous experimental tests (Vailati et al. 2014, 2015) have shown that the in-plane 
displacement safely sustained by the proposed infill technology is about double, the 
limit value imposed by the Italian code NTC-08. Furthermore, the displacement 
capacity in the out-of-plane test is higher than all other conventional systems and 
equal to 150 mm before collapse for upper constraint failure. In the second part of 
the tests, better performance of the infill panels was observed in terms of maximum 
resistance, due to, (a) better confinement effects from the frame and (b) better trans-
mission of tangential forces provided by anchorages and polyurethane foam.

The effect of surface finish was studied and gave important insight into the 
behavior of the wall in ordinary conditions. In particular, it was observed that, in 
case of good constraints, the walls exhibit high performance for both resistance and 
deformation capacity up to a displacement of about 60 mm. When the perimeter 
constraints are not optimal, the wall still had exceptional performance in terms of 
deformation capacity but showed larger residual deformation.

The innovative system of dry infill panels also gives an important contribution in 
terms of energy dissipation, and future studies will allow this technology to advance. 

a b1 b2 b3 c

Softening factor
[%] 0.14 0.35 0.37 0.56 0.41

Thermal wave
shift [hours] 11.56 11.43 11.5 7.56 9.28
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Fig. 12.29  Thermal efficiency comparison among considered typologies
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Comparison with traditional infills shows that the proposed technology has much 
better performance. Traditional infills fail under a much lower acceleration than the 
infill walls proposed here.

As regards the effects of temperature on the plastic parts, the tests showed that 
two conditions must be considered in relation to the condition where the wall will 
work. In particular conditions and in the presence of fire, it is possible to resort to a 
particular solution of surface finish, such as fireproof plaster or panels.

The acoustic and thermal performance of the proposed infills are also found to be 
much better than those of traditional infills. The proposed infill with an EPS panel 
(Sintered Expanded Polystyrene) gives the higher value in terms of the softening 
factor, while the thermal wave shift is comparable to all others. Note that the peri-
odic thermal transmittance is under the limit established by the rules for cases where 
the frontal mass is less than 230 kg/m2.

In the final analysis, it can be stated that the proposed innovative system repre-
sents an effective solution for buildings following modern design concepts, invest-
ing lower financial resources and reducing the environmental impact.

Acknowledgments  The authors thank the “Probe!” company of Rome for providing the speci-
mens wall and dott. eng. André Furtado for the support and his experience during the execution of 
the tests. Moreover, the authors would like to wholeheartedly thank professors António Arêde and 
Humberto Varum of the University of Porto, Portugal, for allowing the use of the Laboratory of the 
Faculty of Engineering, where tests have been performed.

References

Kibert CJ (2013) Sustainable constructions, green building design and delivery. Wiley, Hoboken
Vailati M, Monti G (2014) Recycled-plastic joints for earthquake resistant infill panels. In: 

Proceedings of the 2nd European conference on earthquake engineering and seismology, 
Istanbul

Vailati M, Monti G (2016) Earthquake-resistant and thermo-insulating infill panel with recycled-
plastic joints. In: D’Amico S (ed) Earthquakes and their impact on society. Springer Natural 
Hazard, DOI 10.1007/978-3-319-21753-6_16. Springer, Cham, pp 417–432

Vailati M, Caluisi A, Monti G (2014) Environmentally friendly joints for seismic resistant infill 
panels. In: Proceedings of the AICAP-2014. Structures in the Urban Environment, Bergamo

Vailati M, Monti G, Di Gangi G (2015) Multi-performance innovative infill panels. In: Proceedings 
of the 2nd international symposium on advances in civil and infrastructure engineering. 
Vietrisul mare, Salerno, 2015

12  Earthquake-Safe and Energy-Efficient Infill Panels for Modern Buildings



Part II
Structural Dynamics of Special Bridges



265© Springer International Publishing AG 2018 
R. Rupakhety, S. Ólafsson (eds.), Earthquake Engineering and Structural 
Dynamics in Memory of Ragnar Sigbjörnsson, Geotechnical, Geological  
and Earthquake Engineering 44, https://doi.org/10.1007/978-3-319-62099-2_13

Chapter 13
Full-Scale Measurement and Analysis 
of Wind-Induced Vibrations of a Longs-Span 
Suspension Bridge in Complex Terrain

Aksel Fenerci and Ole Øiseth

Abstract  Long-term monitoring data of bridge deck accelerations and wind veloc-
ities from the Hardanger Bridge were used here to investigate the relationship 
between the wind characteristics and the bridge response. The bridge, as well as the 
extensive monitoring system installed on it, is introduced. The wind velocities and 
bridge deck accelerations were recorded on several locations along the bridge span 
using 20 accelerometers and 9 anemometers. The lateral, vertical and torsional 
accelerations of the bridge deck are presented in the form of buffeting curves. 
Response surface methodology (RSM) was employed to elaborate on the significant 
variability observed in response components. Using wind field statistics as predictor 
variables in the analyses, the variability in response was attributed to the variability 
in the wind field. The effect of wind-related variables on the response and their 
interactions are presented using surface plots.

Keywords  Suspension bridge • Bridge monitoring • Wind characteristics • 
Response surface methodology

13.1  �Introduction

The coastal highway, E39, lies on the west coast of Norway between the cities of 
Kristiansand and Trondheim. The highway is of great importance to Norway, since 
the majority of Norway’s export is generated by the industry established along the 
route. As a consequence of the unique and challenging topography of the Norwegian 
fjords, currently 8 ferries operate along the highway. Elimination of the ferry con-
nections is greatly desired due to possible economic benefits. For this reason, the  
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Norwegian Public Roads Administration (NPRA) is currently investigating the fea-
sibility of replacing the ferry connections with road transportation, which requires 
crossing of fjords up to 4 km wide where the seabed is often too deep. This presents 
many technological challenges to the bridge engineers, one of which being the 
wind-resistant design of such slender and wind-prone structures.

Reliable design of long-span suspension bridges requires accurate prediction of 
wind-induced response, which hinges on the description of the gust loading. The 
stochastic theory for buffeting was introduced to bridge engineering by Davenport 
(1962) for the first time, and it has been used and improved extensively ever since. 
In the frequency domain, the wind loading is usually described in terms of a cross-
spectral density matrix of turbulence (Simiu and Scanlan 1996; Solari and Piccardo 
2001), which contains the spatial and temporal properties of the turbulent wind 
field. In the current literature, both theoretical and empirical models for wind turbu-
lence spectra exist (Kaimal et al. 1972; von Karman 1948; Larsen and Larose 2015; 
Xu and Zhu 2005). The models require basic wind statistics such as turbulence 
intensities or integral length scales as input parameters. In complex terrain, the wind 
field is expected to be variable due to complex upwind conditions. This variability 
is often overlooked in response prediction and design, which might cause safety 
concerns under strong wind loading. To that extent, the variability in the wind-
induced vibration of the Hardanger Bridge, as well as its relationship with the wind 
field statistics, is studied here using long-term monitoring data. The bridge dynamic 
response and wind field statistics are presented for a 3-year measurement period. 
Attributing the variability in response to the variable wind field, the wind-related 
parameters influencing the response are identified using response surface methodol-
ogy. The effects of the significant parameters are then presented in the form of scat-
ter and surface plots.

13.2  �Monitoring the Hardanger Bridge

The Hardanger Bridge (Fig. 13.1) is currently the longest suspension bridge (main 
span is 1310  m) in Norway. The bridge spans the Hardangerfjord in Hordaland 
county in Norway and reduces the travel time between Bergen and Oslo. The cross-
section of the bridge deck is shown in Fig.  13.2. It is a streamlined box girder, 
18.5 m wide and 3.2 m high. Underneath the deck, vortex mitigation devices were 
installed. The local topography of the bridge site is also shown in Fig. 13.2. The 
bridge is located at a narrow strait, and it is surrounded by high mountains from the 
north and the south.

The accelerations and wind velocities on several locations at the Hardanger 
Bridge have been monitored since 2013. An extensive, state-of-the art measurement 
system was designed and installed on the bridge soon after the construction had 
finished. The monitoring system consists of 20 accelerometers and 9 anemometers 
in total. The sensor layout is shown in Fig. 13.2. The anemometers are attached to 
the hangers of the bridge at a height of 8 m above the girder. The accelerometers are 
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located inside the box girder and installed as pairs, one on each side of the girder. 
The data are initially logged locally by 10 data-logger units distributed inside the 
deck. Then, by means of wireless sensors, the data from different sensors are col-
lected in a common logger unit, and from there, it is transferred to the servers at the 
Norwegian University of Science and Technology. The data presented here were 
recorded in a discontinuous manner between December 2013 and March 2016. The 
measurement system was triggered and recorded data for 30 m when a wind speed 
of 15 m/s was exceeded in any of the wind sensors. The system was also triggered 
manually in a random manner to include recordings with lower wind speeds.

13.3  �Wind-Induced Vibrations of the Deck

The acceleration response of the Hardanger Bridge was measured using 20 acceler-
ometers installed inside the bridge deck (Fig. 13.2). The accelerations of the deck 
were sampled with 200 Hz in three orthogonal directions, which were aligned with 
the bridge longitudinal, vertical and transverse axes. The data were then down sam-
pled to 20 Hz to reduce the computational burden, assuming that the higher fre-
quency response is irrelevant to the current study. Furthermore, to remove the 
contribution from vibrations induced by traffic and other sources, a low-pass filter 
was applied to the acceleration data with a cut-off frequency of 1 Hz (Brownjohn 
et al. 1994, 2010). The data from the accelerometer pair at the midspan were used 
to study the acceleration response of the bridge deck. The lateral and vertical accel-
eration responses were calculated by taking the average of the signals from two 
sensors, whereas the torsional acceleration response was calculated by dividing the 
average of the vertical acceleration signals from the two sensors by the width of the 
bridge deck. Sample time series and spectral densities of turbulence components are 
given in Figs.  13.3 and 13.4, respectively. The spectral densities were estimated 
using the Welch spectral estimation method with 8 segments and a 50% overlap. 

Fig. 13.1  The Hardanger Bridge
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Similarly, the time series and spectral density estimates of the lateral, vertical and 
torsional response components are presented in Figs. 13.5 and 13.6 using the same 
10-min recording and data from the accelerometer pair at the midspan. It is seen that 
the lateral and the torsional responses were dominated by the fundamental modes, 
whereas multiple modes contributed to the vertical response, which is commonly 
observed in the case of the Hardanger Bridge. The acceleration measurements on 
the Hardanger Bridge were previously used by Øiseth et al. (2015) to estimate the 
natural vibration frequencies and corresponding modal damping ratios of the bridge 
in an operational modal analysis (OMA) framework. The study showed that the first 
symmetric horizontal and vertical natural frequencies of the bridge were 0.05 Hz 
and 0.14 Hz respectively, while the first symmetric vertical natural frequency was 
found to be at 0.37 Hz.

Fig. 13.2  The monitoring system

Fig. 13.3  Sample 10-min recordings of turbulence components recorded on 10/01/2015 at 15.20: 
(a) along-wind, (b) cross-wind and (c) vertical turbulence
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The root mean square (RMS) acceleration responses in three orthogonal axes 
were then calculated for 10-min intervals to be compatible with the wind records by 
taking the standard deviations of the zero-mean acceleration signals. The transient 
part of the signals mainly induced by the overflowing traffic is removed by the low-
pass filter, to a reasonable extent. The lateral, vertical and torsional RMS accelera-
tion responses are presented in Fig. 13.7 against the mean wind speed averaged over 
the same 10-min interval as used in the wind characteristics calculations. In the 
figure, σy, σz and σθ denote the lateral, vertical and torsional RMS responses respec-
tively, and Iu and Iw are the along-wind and vertical turbulence intensities. The plots 
are also color-coded according to the wind directions, namely the easterly and west-
erly winds. For all response components, a great deal of variability is observed in 

Fig. 13.4  Spectral density of turbulence components from time-series recorded on 10/01/2015 at 
15:20 (the smooth line was obtained by a parametric least squares fit to the measured data): (a) 
along-wind, (b) cross-wind and (c) vertical turbulence

Fig. 13.5  Sample 10-min time series of acceleration components recorded on 10/01/2015 at 
15:20: (a) lateral, (b) vertical and (c) torsional response
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the response. In general, the largest lateral and vertical responses were measured 
when the wind speed and the turbulence intensity were relatively high. However, the 
response process is seemingly rather complex to be explained by only considering 
the mean wind speed and a single turbulence component. The lateral response com-
ponent, for instance, shows large scatter for all turbulence intensity ranges, and the 
scatter apparently increases with the increasing mean wind speed. The vertical 
response perhaps shows the most orderly behaviour among the three components. It 
is possible to attribute part of the variability to the vertical turbulence intensity. The 
torsional response, on the other hand, showed peculiar behaviour, especially for the 
wind speeds between 10 and 20 m/s. This velocity range accommodates severe vari-
ability in response as can be seen in Fig. 13.7. This can be partially attributed to the 
wind direction. Figure 13.7 shows that the torsional response demonstrates two dis-
tinct patterns for the winds from the easterly and westerly directions. The above 
findings reflect the complexity of the response processes, where the sources of the 
variability remain to be investigated. Here, the focus will be given to the effect of 
certain wind field parameters. Some of the other factors contributing to the variabil-
ity can be listed, such as the temperature changes, upwind terrain roughness, pres-
ence of traffic, cable-vibrations, non-stationarity of the wind records, etc.

Fig. 13.6  Acceleration spectral density from time-series recorded on 10/01/2015 at 15.20: (a) 
lateral, (b) vertical and (c) torsional response

Fig. 13.7  RMS acceleration vs. mean wind speed normalized with turbulence intensity: (a) lat-
eral, (b) vertical, and (c) torsional responses
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13.4  �Wind Field Characteristics

13.4.1  �Mean Wind Speed and Turbulence Intensity

The mean wind speed was calculated using the data from the wind sensor at the 
midspan of the bridge for all 10-min recordings. A threshold value of 3 m/s was 
used to filter the recordings, meaning that the recordings with mean speeds smaller 
than the threshold speed were discarded. A wind rose diagram of the mean wind 
speed is shown in Fig. 13.8a. In the figure, the 0° direction shows the bridge longi-
tudinal axis where the north is also indicated. Strong winds, mainly perpendicular 
to the bridge axis, are observed. The wind field is bounded by the mountains from 
the north and the south. Easterly winds up to 18  m/s and westerly winds up to 
30 m/s were measured.

The turbulence intensity for the along-wind (u), cross-wind (v) and vertical (w) 
turbulence components can be written as (Simiu and Scanlan, 1996):
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Fig. 13.8  Wind Rose plots: (a) 10-min mean wind velocity (m/s), (b) along-wind turbulence 
intensity, (c) cross-wind turbulence intensity and (d) vertical turbulence intensity
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where σu,v,w denote, the standard deviation of turbulence components. The turbu-
lence intensities were calculated for all recordings using the same threshold wind 
speed value of 3 m/s. Wind roses of the along-wind, cross-wind and vertical turbu-
lence intensities are shown in Fig. 13.8 b–d. The results exhibit considerable vari-
ability, even for the strong winds. For wind speeds above 12 m/s, the along-wind 
turbulence intensity varies between 10–30%, where the turbulence intensity of other 
components varies between 0–15%.

13.4.2  �Integral Length Scale

The integral length scales of turbulence provide information on the spectral content 
of the turbulence components. Although distinct nine-length scales are possible to 
define in practice, only the length scales of the u and w components in the along-
wind direction will be considered here. Assuming that Taylor’s hypothesis of frozen 
turbulence is valid, the length scales can be written as (Simiu and Scanlan 1996):
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where Rii(x) is the time auto-covariance function of turbulence.
The length scales were calculated for all recordings and are presented in Fig. 13.9 

in the form of wind roses. The results show vast variability for westerly winds, 
where the influence of the topography can be more profoundly observed for the 
easterly winds. The winds travelling along the fjord had higher length scales. The 
winds from the 60°–90° region, on the other, had lower length scales due to the 
roughness change in the upwind terrain. In general, the longitudinal length scale 
was approximately 2–2.5 times the vertical length scale.

Fig. 13.9  Wind Rose plots of length scales in meters: (a) u component and (b) w 
component
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13.5  �Response Surface Analysis

The response curves given in Fig. 13.7 showed great variability in the wind-induced 
response of the Hardanger Bridge deck. The sources of this variability should be 
investigated further, since reliable design of future bridges, as well as reliability 
assessment of existing bridges, is only possible with accurate estimation of the true 
response. For this purpose, a statistical analysis was carried out using response sur-
face methodology (RSM, Myers et al. 2009) to investigate the relationship between 
wind-related parameters and the dynamic response. The following parameters were 
selected to be included in the analyses:

•	 the mean wind speed (U, averaged over 10 min)
•	 the wind yaw angle (αyaw)
•	 the standard deviations of the turbulence components (σu, σv, σw)
•	 the covariance of the u and w components of turbulence (σuw)
•	 the along-wind turbulence length scale (Lu)
•	 the vertical length scale (Lw)
•	 the vertical angle of attack (β)
•	 the standard deviation of the mean wind speed values measured at eight locations 

along the bridge (σms)

It was aimed to represent the inhomogeneity of the wind field with the last 
parameter in the above list. It should also be noted that the wind yaw angle (αyaw) 
was used instead of the wind direction to represent the wind directionality effects. 
This was due to the fact that the relationship between the wind direction and 
response, which is shown in Fig. 13.10, is not suitable to be represented by a qua-
dratic surface. Although the effect of topography cannot be represented by just 
using the yaw angle, its effect is already incorporated in the other parameters, such 
as turbulence intensities and length scales.
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Fig 13.10  Mean wind direction vs. dynamic response: (a) lateral, (b) vertical and (c) torsional 
response
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Where n is the number of predictor variables and β represents the coefficients to be 
determined by a least-squares fit to the measured response. The insignificant terms 
were removed from the analysis using hypothesis tests with a 95% significance level. 
The evolution of the R-squared statistic with the introduction of each variable is 
shown in Fig. 13.11. The resulting R-squared values were 0.95, 0.89 and 0.81 for the 
vertical, lateral and torsional acceleration responses, respectively, which indicate a 
strong correlation between the wind-related parameters and the response components. 
Moreover, the response surfaces were used to predict the response using the field 
measurements of the wind parameters. The results are shown in Fig. 13.12. It appears 
that most of the scatter results from the variability of the wind field parameters.

Fitted response surfaces also allow a more elaborate investigation of the influ-
ence of each parameter on the response, as well as the interaction of parameters. 
Some of the profound interactions affecting the bridge dynamic response are pre-
sented in Fig. 13.13 in the form of three-dimensional surface plots. From the figure, 
it is observed that vertical turbulence and mean wind speed had a profound effect on 
all the response components. For the vertical and lateral responses, the along-wind 
turbulence was also found to be important. It is also observed that the cross-wind 

Fig 13.11  Evolution of the R-squared statistic

Fig. 13.12  Measured vs. predicted RMS responses using the response surface models: (a) vertical 
response, (b) lateral response and (c) torsional response
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turbulence term had a significant effect on the torsional response. Apparently, larger, 
cross-wind turbulence caused larger torsional response, which wasn’t expected.

13.6  �Conclusion

Full-scale measurement results from a long-span suspension bridge located in 
Norwegian fjords are used to study its wind-induced vibrations and their relation to 
the wind characteristics at the site. The wind measurements revealed significant 
variability in mean wind speed, turbulence intensities and length scales. The mean 
wind speed and vertical turbulence intensities intensity are found to be the two most 
important wind-related variables influencing the dynamic response of the Hardanger 
Bridge. The along-wind turbulence is found to be significant only for the lateral 
response, whereas the cross-wind turbulence influenced the torsional response. The 
scatter in the response curves was too large to be represented by the mean wind 
speed alone. Response surface analyses considering wind-related parameters as pre-
dictor variables showed that the scatter in the response can be attributed to the vari-
able wind field. The considerable uncertainty present in the wind field statistics is 

Fig. 13.13  Interaction effects of the turbulence components on the dynamic response: (a) vertical 
response, (b) lateral response and (c) torsional response
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found to be important for the case of the Hardanger Bridge. Design methods 
accounting for this variability are essential when designing long-span bridges in 
such complex and mountainous terrain. The findings are deemed important and 
applicable in future long and super-long span bridge projects. Further investigations 
on the terrain effects on wind and response characteristics are ongoing. The valu-
able database formed during the extensive measurement campaign is expanding, 
since the monitoring system is still operational. The data will also provide an oppor-
tunity for research on system identification studies, investigation of possible inter-
action of modal properties of the structure with the wind field and structural health 
monitoring studies.
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Chapter 14
Simulation and Monitoring of Floating Bridge 
Behaviour

K.A. Kvåle, Ole Øiseth, A. Rönnquist, and S. Remseth

Abstract  Firstly, this paper presents a review of the main steps for simulating float-
ing bridge behaviour. Both time-domain and frequency-domain approaches are pre-
sented. An exemplified model setup and simulation results from the selected case 
study are presented. Secondly, data obtained from extensive structural and environ-
mental monitoring of the studied bridge are presented. Data analyses attempting to 
visualize the correlations between excitation sources and response quantities are 
discussed. Finally, an operational modal analysis is carried out, to attempt to iden-
tify the modal parameters from response measurements only.

Keywords  Stochastic dynamic behaviour • Stochastic dynamics • Pontoon bridge 
• Simulation • Monitoring

14.1  �Introduction

The new Coastal Highway Route E39 along the western coast of Norway requires 
several fjord crossings between 2000 and 5500 m of length. The Norwegian Public 
Roads Administration is funding an extensive research program, including several 
studies by PhD students and postdocs at the Norwegian University of Science and 
Technology, to support safe design of the new fjord crossings.

The late Professor Ragnar Sigbjörnsson had a major role in defining this research 
program both related to required theoretical development, numerical models, full 
scale measurements and statistical approaches to arrive at recommended perfor-
mance-based design.

Various types of bridges, including suspension bridges, floating bridges, suspen-
sion bridges with floating towers and submerged floating tunnels are considered for 
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the different fjord crossings along the Coastal Highway Route E39. This paper will 
mainly address floating bridges.

The history of floating bridges may be traced back as far as 2000 BCE (Watanabe 
and Utsunomiya, 2003), but it is only during the last decades that they have been 
developed with enough sophistication to operate as critical road links in modern 
infrastructure networks. Currently, there are only about twenty long floating bridges 
in the world, and thus, the available information on these structures is very scarce. 
This is especially true of construction records, environmental conditions, durability, 
operations and performance. The major trends in the development of floating 
bridges and other large floating structures are found in Wang and Wang (2014).

Important contributions to the field of floating bridge simulation were made by the 
research group of Hartz (Hartz 1981; Hartz and Georgiadis 1982; Hartz and Mukherji 
1977) in connection with research on the Hood Canal Bridge (Borgman 1967) and at 
NTNU/SINTEF by the research group of Holand and Langen (Clough et al. 1977; 
Holand and Langen (1972), (1981). Further developments and exemplifications were 
made by, e.g., Sigbjörnsson (1979), Langen and Sigbjörnsson (1980), Leira and 
Langen (1985), and Remseth et al. (1999), in close cooperation with Statens veg-
vesen. Since the pioneering contributions from the 70s and early 80s mentioned 
above, few case studies on the use of the methodology have been conducted. The 
design of both the Mega-Float and the Yumemai Bridge in Japan (Kumamoto and 
Maruyama 1999; Watanabe et al. 2000) were important drivers in this regard. Morris, 
Szabo, Yang, and Isaacson (2004) performed a frequency-domain analysis of the 
William R. Bennett Floating Bridge in British Columbia. Other relevant, scientific 
contributions of recent years are (Fu et al. 2007; Gao et al. 2011, 2013; Isaacson and 
Nwogu 1987; Sannasiraj et al. 1995, 2001; Seif and Inoue 1998). A case study inves-
tigating the stochastic dynamic behaviour of the Bergsøysund Bridge was presented 
by Kvåle et al. (2016). That article presents a comprehensive numerical model setup 
for the Bergsøysund Bridge, investigates response effects due to changes in the mod-
elled sea state and remarks how the bridge shape in combination with relatively low 
wave severity results in close-to uncorrelated wave action on the discrete pontoons 
within the range of expected loading situations.

There are many types of floating bridges, with designs made to adapt to the topo-
graphical structure of the land and the nature of the waters to cross. Currently, there 
exist only three, long-span floating bridges exposed to tough sea water conditions 
for automobile traffic in the world, namely:

•	 the Hood Canal Bridge in the State of Washington, USA: a 2398 m long pontoon 
bridge with a 1988 m long anchored floating portion, the longest floating bridge 
in the world located in a saltwater tidal basin, and the third longest floating bridge 
overall.

•	 the Nordhordland Bridge (1994) in Norway: a 1614 m long combined pontoon 
and cable-stayed bridge with a 1246 m long floating portion, the longest floating 
bridge in the world without anchorage.
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•	 the Bergsøysund Bridge (1992) in Norway: a 931 m long pontoon bridge, the 
second longest floating bridge in the world without anchorage, the first floating 
bridge built without side-anchorage.

14.1.1  �Case Study: The Bergsøysund Bridge

The last of the mentioned bridges is selected as a representative case study. The 
Bergsøysund Bridge is a 931 m long, arch-shaped pontoon bridge, that runs between 
the islands of Aspøya and Bergsøya on the northwestern coast of Norway. The 
bridge is shown in Fig. 14.1. The location of the bridge and the geography surround-
ing it is depicted in the map shown in Fig. 14.2. The bridge consists of a steel truss 
resting on 7 discretely distributed pontoons and is supported vertically and horizon-
tally by neoprene bearings at the abutments. Axial steel rods, one at each support, 
absorb all axial forces.

14.2  �Theoretical Outline

Naess and Moan (2012) give an overview of the relevant theory on stochastic mod-
elling of floating structures, but the important details are repeated below.

Fig. 14.1  The Bergsøysund Bridge (Photograph by NTNU/K.A. Kvåle)
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14.2.1  �Equations of Motion

The equations of motion describing the linear behaviour of floating bridges can, in 
principle, be represented within the framework of the finite element method as 
follows:

	
M C u K u p ts s s h[ ]{ }+ [ ]{ }+ [ ]{ } = ( ){ }ü �

	
(14.1)

Here, [Ms], [Cs] and [Ks] are the system matrices describing the structural proper-
ties of the bridge, respectively, mass, damping and stiffness. {u} is the structural 
response, and the vector {ph(t)} represents the sum of both wave excitation and 
hydroelastic interaction, referred to as total hydrodynamic action, given as a func-
tion of time t.

Fig. 14.2  Map sections showing the location of the Bergsøysund Bridge. Map sections: © 
Kartverket (Reprinted from Kvåle and Øiseth (2017), with permission from Elsevier)
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14.2.1.1  �Fluid-Structure Interaction

The total hydrodynamic action process describes both the fluid-structure interaction 
and the wave excitation. The hydrodynamic transfer functions and the fluid-structure 
interaction are both commonly established either by potential theory and panel 
methods or by means of experiments in basins. The first of the two approaches is 
described below.

It is assumed that water can be modelled as incompressible, non-viscous and 
irrotational. Within the framework of the potential theory, a potential, Φ({r}, t), as a 
function of location, {r}, and time, t, can be used to describe the fluid velocity vec-
tor as follows:
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By assuming small-amplitude water waves, referred to as Airy waves, the veloc-
ity is obtained as follows:
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where, Φ is the velocity potential and {∇} the del operator. Irrotationality implies 
that the vorticity vector is zero everywhere in the fluid, i.e.:

	
w F{ } = Ñ{ }´ = { }0 	

(14.4)

Under the assumption of incompressibility, the following holds:

	
Ñ{ }{ } =V 0

	
(14.5)

Then, the velocity potential satisfies the Laplace equation:
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By applying appropriate boundary conditions, the Laplace equation is solved for 
the velocity potential, such that fluid motion, pressure and hydrodynamic forces can 
be derived. The total hydrodynamic action, {ph(t)}, induced by a monochromatic 
small-amplitude wave, proportional to eiωt, is expressed as follows:
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(14.7)

Here, [Mh(ω)], [Ch(ω)] and [Kh] are the added hydrodynamic mass, added hydro-
dynamic damping, and hydrodynamic stiffness originating from the self-exciting 
forces; ω is the circular frequency; and {P(ω)}eiωt is the wave excitation. In general, 
all quantities in the above equation are both complex-valued and frequency-depen-
dent. By virtue of the principle of superposition, this can be generalized to represent 
an irregular stochastic sea state.

The excitation forces acting on a submerged body, arising from a monochromatic 
small-amplitude wave, is related to the wave elevation as follows:

	
dZ Q dZp qw q w q w qh, , ,( ){ } = ( ){ } ( )

	
(14.8)

where the vector {Zp(ω, θ)} denotes the spectral process of the wave excitation; 
Zη(ω, θ) denotes the spectral process of the wave elevation; and {Qq(ω, θ)} is the 
directional wave excitation hydrodynamic transfer function related to the body with 
index q, yielding forces in six degrees of freedom from a single point wave 
elevation.

14.2.2  �Modelling Random Seas and Corresponding Wave 
Excitation

For engineering purposes, wind generated water waves can be modelled using 
locally homogeneous random fields. Faltinsen (1993) and Hauser et al. (2005) give 
thorough reviews of the relevant theory for the stochastic modelling of irregular sea 
surfaces, but the most important aspects are repeated below.

The sea surface elevation, η, is a scalar quantity modelled as a function of loca-
tion in space, {r}, and time, t, and can be expressed mathematically by the following 
Riemann-Stieltjes integral:
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(14.9)

where Zη is the spectral process corresponding to the sea surface elevation and {κ} 
is the wave number vector, defined as follows:
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and κ is the wave number. For stationary and homogeneous random wave fields, the 
spectral process is related to the wave spectral density in the following manner:
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Here, the indices, p and q, refer to two points in time and space; G
p qh h k w( }{ , )  

denotes the spectral distribution and S
p qh h k w( }{ , )  the corresponding three-

dimensional cross-spectral density between the wave elevations at points p and q. 
E[·] is the mathematical expectation operator, and the superscript, H, refers to the 
transpose and complex conjugate. In the case of small-amplitude waves, the wave 
number and wave frequency are related through the dispersion relation as follows:

	
w k k2 = ( )g dtanh

	
(14.12)

where g is the gravitational constant, and d is the water depth. For deep water, this 
reduces to κ = ω2/g. By enforcing the relation between wave number and frequency, 
the cross-spectral density can be expressed as a function of two variables (two-
dimensional spectral density), e.g., the wave frequency, ω, and the wave direction, θ.

Because the random sea is assumed homogeneous, the general, two-dimensional 
auto-spectral density can be obtained by merging points p and q, as follows:

	
S
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(14.13)

This is commonly referred to as the directional wave spectral density and is tra-
ditionally decomposed as follows:

	
S , ,h hw q w w q( ) = ( ) ( )S D

	
(14.14)

where Sη(ω) is the one-dimensional wave spectral density and D(ω, θ) is the direc-
tional distribution, defined such that ∫D(ω, θ)dθ = 1. The points p and q are separated 
by the distance {Δr}, and the spectral density between the wave elevations at the 
two locations is written as follows:
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The integral term in the equation above expresses the coherency between the 
wave heights at points p and q. The cross-spectral density matrix originating from 
the wave excitation between the two points is written as follows:
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This 6x6 matrix is then placed in the global matrix, expressing cross-spectral 
densities between all combinations of locations and force components.

14.2.3  �Frequency-Domain Solution Strategy

By insertion of the expression for wave excitation in Eq. 14.7 into Eq. 14.1 and rear-
ranging, the following frequency-domain representation may be obtained:

	
- ( )éë ùû + ( )éë ùû + [ ]( ) ( ){ } = ( ){ }w w w w w w2 M i C K dZ dZu p 	

(14.17)

where the following total system matrices are introduced:
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(14.19)

	
K K Ks h[ ] = [ ]+ [ ] 	

(14.20)

and where {Zu(ω)} and {Zp(ω)} are the spectral processes related to the displace-
ment, {u(t)}, and wave excitation, {p(t)}, respectively. These are related through 
{u(t)} =  ∫ eiωt{dZu(ω)} and {p(t)} =  ∫ eiωt{dZp(ω)}. Equation 14.17 may be rewritten 
with the frequency domain transfer function and inverted to yield the response, as 
follows:

dZ H dZ dZ H dZp u u pw w w w w w( ){ } = ( )éë ùû ( ){ }Û ( ){ } = ( )éë ùû ( ){ }-1

	
(14.21)

The cross-spectral densities of the displacement and wave excitation processes 
can be expressed as follows (Sigbjörnsson 1979):
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By combining Eqs. 14.22 and 14.23 with Eq. 14.21, the following equation, rep-
resenting the cross-spectral density method, is obtained:
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(14.24)
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This representation captures the probabilistic properties of both the response and 
wave excitation for zero-mean processes but is, strictly speaking, only valid for 
linear systems. To deal with nonlinearities, a time-domain solution strategy are nor-
mally enforced.

14.2.4  �Time-Domain Solution Strategy

It is possible to express a general time domain representation of the hydroelastic 
system by taking the inverse Fourier transform of Eq.  14.17. That leads to the 
integro-differential equation given as follows, assuming causality and frequency 
independent restoring forces:

	 -¥
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where the time-domain representations of the added hydrodynamic mass and damp-
ing are introduced, as follows:
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This means that the time-domain solution, valid for a deterministic load history, 
can be expressed as follows:

	
u t h t p t d( ){ } = -( )éë ùû ( ){ }

-¥

¥

ò t t
	

(14.28)

Here, [h(t)] is the impulse response function of the hydroelastic system, the time-
domain equivalent to the frequency domain transfer function. In practice, the solu-
tion of the convolution integral above is a computationally demanding task. For 
non-linear problems, iteration on each time step is required as well, making the 
simulation very cumbersome. There are various approaches to avoid the direct cal-
culation of the convolution integral, but specifics about these are not presented in 
this paper. The reader is referred to, e.g., Taghipour et al. (2008a, b) for a review of 
available methods. The solution outlined by Øiseth et al. (2012) is a simplified pro-
cedure to include the motion-dependent, fluid-structure interaction in a traditional 
FE-beam formulation by augmentation of the number of the degrees of freedom, 
which depends on the fluid-structure interaction derivatives for each case.
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To enable simulation of stochastic problems, the deterministic time-domain 
solution procedure must be included in a Monte Carlo simulation. This implies that 
multiple deterministic simulations are run, with deterministic wave excitation his-
tory based on sampled data from the wave excitation spectral density. The resulting 
response histories are transformed to the frequency domain, and averaged.

The solution strategy presented above handles nonlinearities, making it more 
powerful and versatile than the frequency domain approach. However, the addi-
tional computational cost, compared to the simple frequency-domain solution strat-
egy, is tremendous.

14.3  �Simulation of the Bergsøysund Bridge

The following is based on the simulation study performed in Kvåle et al. (2016).

14.3.1  �Model Set-Up

The problem structure is divided into two sub-structures: (I), an Abaqus finite ele-
ment (FE) model which includes all structural contributions of the system, [Ms], 
[Cs] and [Ks], the inertia of the pontoons, denoted [Mh0], and the buoyancy, [Kh]; and 
(II), a DNV HydroD WADAM model for each of the pontoons, including the fre-
quency-dependent added damping, [Ch(ω)], and mass, [Mh(ω)], from the fluid-
structure interaction. Figure 14.3 shows a rendering of the FE model from Abaqus. 
Figure 14.4 reveals more details regarding the model setup, but the reader is referred 
to the cited paper for the full description.

Fig. 14.3  Rendering of 
finite element model from 
Abaqus (Reprinted from 
Kvåle et al. (2016), with 
permission from Elsevier)
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14.3.2  �Load Modelling

As indicated in Sect. 2.2, the wave excitation spectral density is characterized by the 
one-dimensional wave spectral density and the directional distribution. The one-
parameter, Pierson-Moskowitz spectrum and the cos2s-distribution is used in this 
case study. These are defined as follows:
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where A = αg2; B Hs= 3 11 2. / ; α = 0.0081; Hs is the significant wave height (SWH), 
defined as the mean wave height of the highest third of the waves; C is a constant 
ensuring that the integral of the distribution is unity; s is the spreading parameter, 
describing the spreading (or inversely, the crest length) of the waves; and θ0 is the 
mean wave direction. If not otherwise noted, the following values were used for the 
characterizing parameters: Hs = 0.9m, s = 3, and θ0 = 90° (i.e., head sea).

Fig. 14.4  Structure of calculation scheme (Reprinted from Kvåle et al. (2016), with permission 
from Elsevier)
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14.3.3  �Response Prediction

By employing the power spectral density method, the simulated load cross-spectral 
density matrix is used in conjunction with the frequency domain transfer function to 
establish the cross-spectral density matrix corresponding to the response. Figure 14.5 
shows the resulting spectral densities between the lateral response of pontoons 3, 4 
and 5.

14.3.4  �Parameter Studies

By altering the parameters characterizing the wave excitation, the effect on the 
response is visualized. The spreading parameter, s, and the significant wave height, 
(SWH) Hs, were both varied, in turn, to assess their importance to the response. The 
resulting effect on the response is shown in Fig. 14.6. The SWH has the largest 
influence on the response. This is as expected because the SWH is directly related 
to the energy content in the waves. The figure also reveals that the effect of the 
spreading parameter is small because a more regular sea (larger s) is likely to reduce 

Fig. 14.5  Cross-spectral densities corresponding to lateral response of pontoons 3, 4 and 5. The 
black curves represent the coherency, while the blue and red curves represent the real and imagi-
nary parts of the spectral densities, respectively (Reprinted from Kvåle et al. 2016a, b, with permis-
sion from Elsevier)
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the response in the anti-symmetric modes, even though it will increase the response 
in the symmetric modes.

14.3.5  �Modal Parameters

Because the added hydrodynamic damping makes the total damping level as high as 
it does, the damping cannot be neglected when solving the eigenvalue problem. This 
leads to complex eigenvalues and eigenvectors. Furthermore, the fact that the prob-
lem is dependent on frequency makes it non-linear. An iterative algorithm was used 
to overcome this obstacle. The reader is referred to Kvåle et al. (2016) for the details 
regarding how to establish the modal parameters from the specified model setup. 
The natural frequencies and damping ratios resulting from this are presented in 
Table 14.1.

Fig. 14.6  Parameter 
studies showing effect of 
the changing sea state on 
response quantities 
(Reprinted from Kvåle 
et al. 2016 with permission 
from Elsevier)
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14.4  �Structural Monitoring

An extensive monitoring system is currently in operation on the Bergsøysund 
Bridge. The system is monitoring accelerations, displacements, sea surface eleva-
tions and wind velocities. Figure 14.7 depicts the sensor layout, which is supported 
with details of the sensors found in Table 14.2. Photos of the sensors are found in 
Fig. 14.8. The monitoring system is thoroughly described, and the recorded data is 
analysed more in depth, in Kvåle and Øiseth (2017).

In the following, a global analysis of the recordings made between February 
2014 and January 2015 are made. The recordings are initiated either manually or 
due to trigger values being exceeded on certain sensors. All data are interpreted in 
10-min long recording segments and are represented by means of statistical quanti-
ties. Prior to this, the quality of the data is assessed automatically to avoid false data 

Table 14.1  Modal parameters for the first 10 modes

Mode
Undamped natural frequency 
(rad/s) Damping ratio (%)

1 (Horizonta/l) 0.58 1.63
2 (Vertical) 0.99 12.25
3 (Vertical) 1.03 11.24
4 (Horizontal) 1.05 5.00
5 (Vertical/horizontal) 1.17 7.67
6 (Horizontal/torsional) 1.38 5.91
7 (Vertical) 1.44 3.28
8 (Vertical) 1.87 1.07
9 (Torsional/horizontal) 1.95 3.62
10 (Horizontal/torsional) 2.23 0.43

Fig. 14.7  Sensor layout (Reprinted from Kvåle and Øiseth (2017), with permission from 
Elsevier)

K.A. Kvåle et al.



291

points and is low-pass filtered at 2 Hz (Kvåle and Øiseth 2017). An investigation of 
the relationship between environmental parameters and bridge response, and how 
the environmental parameters are interrelated, is needed to describe what parame-
ters are most important to consider for design.

Figure 14.9 shows the mean wind speed and the mean direction of the wind ori-
gin of all the recordings. The figure shows that the largest winds are generated along 

Table 14.2  Sensors in the monitoring system

Sensor type Sensors
Internal sample rate 
(Hz)

Tri-axial accelerometers (CSI CUSP-3) 1S,1N,…,7S,7N (in total 
14)

200

3D sonic anemometer (Gill WindMaster 
Pro)

A1-A5 32

Wave radar (Miros SM-140 RangeFinder) W1-W6 50
GNSS displacement sensor (Trimble RTK 
GNSS)

GNSS (one at mid-span) 20

Fig. 14.8  Sensor photos: (a) triaxial accelerometer with closed enclosure, (b) accelerometer with 
open enclosure, (c) wave radar, (d) anemometer in lamp post, (e) GNSS sensor in pole (Reprinted 
from Kvåle and Øiseth (2017), with permission from Elsevier)
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the longest straits and how the largest recorded winds are observed from in-land. 
This is contrary to what is expected but is likely a result of the complex geography. 
The 372-m tall mountain on Aspøya blocks winds approaching the bridge between 
330° and 30°.

The relationship between mean wind speed and SWH, and SWH and heave (ver-
tical) response, is indicated in Fig. 14.10, where the scatter points are divided into 
groups depending on the origin of the wind. Figure 14.10a shows a high correlation 
between wind speed and SWH, as expected. Winds approaching the bridge laterally 
induces more severe seas and, in turn, larger responses (Fig. 14.10b).

Fig. 14.9  Mean wind speed (radial axis) and mean wind origin direction (circumferential axis). 
The blue line denotes the tangent of the bridge at mid-span (Reprinted from Kvåle and Øiseth 
(2017), with permission from Elsevier)

K.A. Kvåle et al.
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14.5  �Operational Modal Analysis

By performing modal analysis on the bridge, implying that the modal parameters 
are estimated from measurements, the structure’s dynamic behaviour can be effi-
ciently described. Operational modal analysis (OMA) is the subdiscipline where the 
dynamic excitation is unknown, i.e., only the response data is used.

The covariance-driven stochastic subspace identification (Cov-SSI) method has 
proven as one of the most robust methods available for OMA. Kvåle et al. (2015, 
2017a, b) perform OMA on the studied bridge, with an emphasis on the Cov-SSI 
method. To illustrate the application of OMA, and the power of the Cov-SSI method, 
some results from such an analysis are provided here. Mathematical details about how 
the method works are considered outside the scope of the current paper, and the reader 
is, therefore, referred to the cited papers for more details regarding the procedure.

Figure 14.11 shows the mode shapes obtained from Cov-SSI of a selected accel-
erometer recording compared with the corresponding mode shapes from the numer-
ical prediction, i.e., the ones listed in Table 14.1. Table 14.3 lists the corresponding 

Fig. 14.10  Scatter plots, 
divided into groups 
depending on the wind 
direction, of (a) mean wind 
speed and SWH and (b) 
SWH and standard 
deviation of heave 
acceleration of the 
midmost pontoon 
(Reprinted from Kvåle and 
Øiseth (2017), with 
permission from Elsevier)
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natural frequencies and damping ratios. Even though there are discrepancies, the 
main character of the dynamic bridge behaviour is captured.

14.6  �Summary

Following the planning of the new, ferry-free, Coastal Highway E39 in Norway, the 
need for extended knowledge about floating bridge behaviour has emerged. The 
theory required for simulation of floating bridge behaviour has been outlined in the 
current paper and has been exemplified using a detailed model of the Bergsøysund 
Bridge, an existing floating, pontoon bridge.

By performing a parametric study, the effects of wave parameters on the response 
have been investigated. The spreading of the sea affects the resulting response only 

Mode 1

Side view Top view

Numerical prediction Cov-SSI

Side view Top view

Mode 2

Mode 3

Mode 4

Mode 5

Fig. 14.11  Comparison of mode shapes obtained from numerical prediction and from OMA using 
the Cov-SSI method

Table 14.3  Identified modal parameters for the first five modes

Mode
Undamped natural frequency (rad/s) Damping ratio (%)
Predicted OMA Predicted OMA

1 (Horizontal) 0.58 0.59 1.63 5.16
2 (Vertical) 0.99 1.08 12.25 4.47
3 (Vertical) 1.03 0.99 11.24 11.62
4 (Horizontal) 1.05 1.02 5.00 2.53
5 (Horizontal/torsional) 1.17 1.22 7.67 4.88

K.A. Kvåle et al.
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to a small extent. The non-linear and complex numerical eigenvalue problem has 
been solved using an iterative state-space algorithm to predict the modal parameters 
of the bridge.

Data obtained from a comprehensive monitoring system installed on the same 
bridge has been interpreted in a statistical and global manner to describe the main 
aspects of the environmental excitation it is exposed to and its resulting dynamic 
behaviour. As expected, the wave excitation, described by the significant wave 
height, is the dominating response-inducing process. Furthermore, the results indi-
cate that the wind and wave directions are not cohering, which is explained by the 
complex geography surrounding the bridge and the fact that the wave process is a 
high-inertia process.

An operational modal analysis has been carried out by applying the Cov-SSI 
method to identify the modal parameters of the structure. For the selected record-
ings, the resulting modal parameters agree rather well with the predicted ones. 
However, large variability is observed from recording to recording.
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Chapter 15
On Stochastic Dynamic Second-Order 
Response Analysis of Marine Bridges

B.J. Leira

Abstract  Floating bridge and submerged floating tunnel concepts have been devel-
oped for the purpose of crossing wide straits with a span length of many kilometers. 
The frequencies of the first dynamic modes of these structures may typically be of 
the order of 1 min or more. This implies that amplified dynamic response effects 
need to be assessed both for the wave-frequency and the low-frequency regimes. 
The low inherent damping levels for the low-frequency response imply that high 
dynamic amplification may occur. Computational methods for evaluation of the 
low-frequency hydrodynamic loading and the associated dynamic response are 
addressed in the present paper, with a focus on developing simplified procedures. 
These are also compared to more refined calculation methods. A specific case study 
is considered for the purpose of illustrating the relative effects of the respective 
dynamic response components. The example structure is a tunnel with a double 
cross-section which was developed for crossing of the Sognefjord located at the 
west coast of Norway.

Keywords  Stochastic dynamic response • Marine bridges • Second-order loading

15.1  �Introduction

Stochastic models have been successfully developed and are being applied for rep-
resentation of a number of different environmental processes and the corresponding 
load processes. Particular examples of such models are those which are related to 
wave, wind and earthquake loading. The two main categories of methods for 
dynamic response analysis are classified as time-domain versus frequency-domain 
approaches. The structural response analysis in the time domain is based on a step-
wise integration of the dynamic equilibrium equation. In the case of non-linear 
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structural behaviour, the incremental form of this equilibrium equation is quite com-
monly applied. The frequency domain approach is most relevant in connection with 
linear (or linearized) models of load and structural behavior, and it is generally 
superior in terms of computation time as well as manual processing time. In the 
basic work of Sigjørnsson (1979) and Langen and Sigbjørnsson (1980) response 
calculations for both these two categories of methods are described in relation to 
floating bridges with continuous pontoons.

Up to now, two floating bridges which are supported by transverse floating pon-
toons without any anchoring have been built in Norway. The Nordhordaland bridge, 
which is the longest of these floating bridges, is shown in Fig. 15.1. As part of future 
plans to cross the widest fjords within the so-called Ferry-free E39 project, sub-
merged floating tunnels are also found to be highly relevant concepts in addition to 
such floating bridges. These tunnels can be anchored to the seabed, e.g., by means 
of cables or tethers. Application of surface-piercing pontoons are also being consid-
ered, which implies that such anchoring can be avoided. An example of such a 
submerged tunnel with a double tunnel cross-section is shown in Fig. 15.2.

In the following, focus is on second-order wave loading and the associated 
dynamic response. Focus is on developing simplified procedures. These are also 
compared to more refined calculation methods. A brief review of the response anal-
ysis for first-order wave loading is first given.

Fig. 15.1  The Norhordaland Bridge with floating pontoons (located at the west coast of Norway)

B.J. Leira
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15.2  �First-Order Wave Loading and Dynamic Response

The dynamic response analysis of continuous floating bridges is outlined in the 
already cited work of Sigbjörnsson (1979) and Langen and Sigbjörnsson (1980). 
The analysis of submerged floating tunnels subjected to first-order wave loads is 
described in Remseth et al. (1999). Linear structural analysis can efficiently be per-
formed in the frequency domain. The matrix which contains the auto- and cross-
spectral densities of the response processes is obtained from the corresponding 
spectral matrix of the nodal forces due to hydrodynamic loading. This is achieved 
by pre- and post-multiplication with the inverse of the mechanical transfer function 
matrix for the structure. The spectral matrix of the hydrodynamic loading is, in turn, 
expressed as the product of a transfer function matrix and the auto-spectral density 
of the sea-elevation process. Furthermore, the wave elevation and linear structural 
response are typically represented as stationary Gaussian processes.

It was found that the first-order wave-induced response was strongly dependent 
on the main wave direction relative to the orientation of the bridge. The wave 
spreading around the main direction was also observed to have a significant influ-
ence (Remseth et al. 1999). If non-linear effects related to the structural behavior 
need to be considered, a time domain analysis approach will typically be more rel-
evant. The frequency variation of the hydrodynamic loading (including the motion-
dependent terms) also needs to be properly accounted for.

15.3  �Second-Order Wave-Induced Loading

15.3.1  �Basic Formulation

We first consider the slowly varying forces which are acting on the submerged tubes 
due to second-order effects in the incident waves. We can write the spectral density 
of the slowly varying force in the lateral (j = 2) and vertical (j = 3) directions as (see 

Fig. 15.2  Example of a submerged tunnel concept (Source: Norwegian Public Road Authorities)

15  On Stochastic Dynamic Second-Order Response Analysis of Marine Bridges



300

Faltinsen 1990, with the resulting expression also being summarized in the feasibil-
ity study of Reinertsen et al. 2012):
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Here, S(ω) is the sea-elevation auto-spectral density. The explanations of the 
other quantities are as follows:

ρ = water density
L = considered length of the tunnel
Ac·L = displaced volume of water
Ajj = added mass in direction
g	 = acceleration of gravity
d = vertical distance between mean free surface and centerline of tunnel.

If we neglect both the hydrodynamic interactions between the tunnels and the 

free-surface effects, we can approximately write A L
D
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ρπ  with D being 
the outer diameter of each tunnel.

The low-frequency force spectral density in the longitudinal (j = 1) and vertical 
(j = 3) directions of the pontoons are expressed as:
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Here, Fj ω µ+( )0 5.  is the mean wave force on the pontoon in direction j = 1 and 
3 in regular waves with frequency, (ω + 0.5μ), and wave amplitude, ζa. Depending 
on the frequency content in the wave spectrum, we may approximate F1 0 5ω µ+( ).  
with the high-frequency asymptotic value. For an accurate quantification of the 
slowly varying effects in the vertical direction on the pontoons, the factor, 
F3 0 5ω µ+( ). , needs to be calculated by a wave diffraction program such as 
WAMIT. However, a simplified approach can also be applied during initial studies 
as discussed below.
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15.3.2  �Simplified Calculation of Second-Order Loading

In the following, simplified formulations for the second-order loading are given 
together with numerical calculations. In the feasibility studies for the Sognefjord 
crossing (Reinertsen et al. 2012; Aas Jakobsen et al. 2012), a typical sea state with 
a 50 year return period is applied, which has a significant wave height of 2.1 m and 
a peak period of 5 s. In the following numerical studies, a JONSWAP wave spectral 
density is applied.

For the tunnels, a rough estimate of the standard deviation of the second-order 
loading can be obtained as (around) 0.00055kN/m. This implies that the corre-
sponding extreme value (at most) will have a value of around 0.002 kN/m. This is a 
very small fraction (i.e. 1/400) of the loading due to water current (i.e. which has a 
magnitude of 0.8 kN/m) which, in turn, only gives rise to very modest load effects. 
Accordingly, even with a dynamic amplification factor as high as 100 (which cor-
responds to a modal damping level which is significantly less than a reasonable 
damping estimate for the present structure), the corresponding slow-drift load 
effects will not give rise to any significant concern.

For the pontoons, the expression within the integral above as a function of the 
two frequency arguments is given as:
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In order to obtain an upper bound for the second order force, we next introduce 
Maruo’s formula (1969), which implies that:

	

I S S
g

S S gP
a

a

µ ω ω ω µ
ρ ζ
ζ

ω ω µ ρ,( ) = ( ) +( ) 






 = ( ) +( )[ ]0 5

0 5
2

2

2
2,

.

	

(15.4)

for a unit length in the horizontal plane. The resulting expression is, hence, to be 
multiplied with the square of the extension in the horizontal direction. For the hori-
zontal (i.e. transverse) loading, this is the lateral extension of the pontoon (i.e. with 
B = 24 m being a typical value). However, a correction factor due to the rounded 
shape of the end of the pontoon also needs to be applied. (see, e.g., Faltinsen 1990):

For the low-frequency loading in the vertical direction, B is replaced by the lon-
gitudinal extension of the pontoon, H (i.e., with H = 80 m being a typical value). For 
this case, the vertical load level is smaller and the damping level is also likely to be 
higher.

The integrand, IP(μ, ω), which corresponds to one length unit (and excluding the 
factor (0.5 ρg)2), is shown in Fig. 15.3.

The resulting second-order spectral density for the horizontal force as a function 
of frequency is calculated (for a representative pontoon width of 24 m), and it is 
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observed that the peak of the spectral density is at the zero frequency and that it 
decays relatively rapidly for increasing frequencies.

Based on this figure, the corresponding standard deviation of the loading is 
roughly estimated as 50 kN. This implies that the corresponding extreme value (at 
most) will have a value of around 200 kN. This is significantly larger (i.e., by a fac-
tor of 10) than the loading due to the water current (i.e. 22 kN). Furthermore, since 
the dynamic amplification factor for the total response is also expected to be quite 
significant, corresponding slow-drift load effects must be included. During an initial 
project phase, such a calculation can be performed by means of a modal response 
analysis.

15.3.3  �Calculation of Second-Order Load by Numerical Panel 
Method

In the following, the second-order transfer functions in surge and heave for the load-
ing on a generic pontoon are computed by application of the computer program 
WAMIT. Both a fixed and a completely free pontoon were analysed. The corre-
sponding horizontal and vertical structural responses are subsequently estimated by 
application of the modal characteristics for the relevant bridge structure.

The geometry of a generic pontoon, which is analysed in WAMIT is shown in 
Fig. 15.4, including the applied mesh. A convergence study is performed in order to 
find a mesh size that balances accuracy versus the computational effort. It is found 
that a mesh size of 0.5 m provides sufficiently accurate results. The computation 
time is also found to be satisfactory for this mesh size.

0.04

0.03

0.02

0.01

0

1

2

3
3

2

1

0

omega [rad/s]

my [rad/s]

Integrand

Fig. 15.3  Integrand of 
expression for slow-drift 
loading on a pontoon based 
on the simplified 
formulation

B.J. Leira



303

For a low-frequency period of 60 s (which, e.g., corresponds to period combina-
tions of 5 and 5.455 s), the corresponding non-dimensional surge load magnitude is 
0.036. It is found that the surge magnitude is rather constant if the (low-frequency) 
period is kept constant at 60 s.

The magnitude of the heave transfer function, which corresponds to the same 
period combination (i.e. of 5 and 5.455 s), is found to be around 0.15. However, it 
is observed that the force magnitude varies more for the heave degree of freedom 
than for the surge motion even if the (low-frequency) period is kept constant.

It is noted that the dimensionless values above for both the surge and heave 
degrees of freedom need to be multiplied with the factor ρgL (where L = 80 m is the 
length of the pontoon) in order to obtain the corresponding physical force magni-
tude. Accordingly, the magnitude becomes 2.9 ρg for the surge force and 12 ρg for 
the heave force magnitude.

In reality, the pontoons will not be completely fixed. By assuming that they are 
completely free to move, the maximum possible effect of flexibility can be quanti-
fied. The resulting, dimensionless modulus for this case regarding the second-order 
transfer functions for the surge and heave force is shown in Fig.  15.5. The new 
magnitudes, which correspond to a period pair of 5 and 5.455 s, are now 0.045 for 
the surge force and 0.16 for the heave force, i.e., somewhat larger than for the com-
pletely fixed case.

The second-order surge loading for the free versus the fixed pontoon is some-
what increased (i.e., the former is increased by around 25% as compared to the 
former), while the heave force is only 6% larger.

In Fig. 15.6, the mean drift forces in surge and sway are shown for a free-floating 
pontoon and a wave angle of 20° relative to the symmetry line of the pontoon as 

Fig. 15.4  Generic pontoon model (submerged part) for the Sognefjord tunnel bridge
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functions of the wave period. Based on these results, the present load magnitude can 
be assessed in relation to the upper bound that was applied in conjunction with the 
simplified calculations according to Eq. (15.4).

It is seen from the figure that the ratio between the load calculated by the refined 
calculation (i.e., for the free-floating pontoon) and the simplified model (i.e., which 
was 0.5·24  m  ρg if the bow-shape correction is excluded) is around 
rsurge = (0.065·80./12.) = 0.43 for the surge degree of freedom. This is without inclu-
sion of any bow-shape correction factor. If a relevant bow-shape correction factor of 
0.5 is applied, this ratio increases to 0.86 ≈ 0.9 which implies that the simplified 
calculations will only produce modestly conservative results (i.e. of the order of 
10–15%). However, it should be noted that the magnitude of the bow-shape reduc-
tion factor will depend somewhat on the wave direction.

The corresponding magnitude for the heave degree of freedom, the mean drift 
force, is around twice as high as for the surge component. The result for the free-
floating pontoon is a little higher than for the fixed pontoon and is, hence, applied 
here in order to be conservative. For this case, the force ratio is computed as 

Fig. 15.5  Modulus of 
transfer function for 
second-order low-
frequency loading on 
free-floating pontoon (Left: 
Surge. Right: Heave)
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rheave = (0.138·80./12.) = 0.92 for the heave degree of freedom. Note that, if instead 
of the pontoon width, the pontoon length is applied in the simplified calculation, the 
ratio for the heave degree-of-freedom would become rheave = (0.138·80./40.) = 0.28, 
which is much different than 1.0.

It is believed that the fixed condition will be closer to the real physical condition 
than the completely free condition (depending somewhat on the stiffness properties 
of the bridge). An adequately accurate iteration could be performed in the following 
way: (i) The extreme response displacements for the pontoons along the bridge 
could be calculated by applying the force magnitudes that correspond to the com-
pletely free condition. This amplitude could be compared to the motion amplitude 
which would result for the freely floating pontoon. (ii) An interpolation of the load-
ing between the fixed and free conditions could subsequently be performed. (iii) A 
new response analysis would next be carried out with the adjusted (i.e. interpolated) 

Fig. 15.6  Mean drift force 
in surge (a) and heave (b) 
for a floating pontoon. 
Wave heading is 20 
degrees relative to the 
longitudinal symmetry line 
of the pontoon
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loading. (iv) The resulting new response amplitude would lead to a new interpolated 
loading and so on until convergence is achieved.

15.4  �Response Analysis Based on Modal Superposition

The spectral density of the modal load in the horizontal direction is obtained by 
performing a summation across all the N pontoons along the bridge. By assuming 
that all the pontoons have identical loading in the horizontal direction, the cross-
spectral density can be written as:
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where the relevant mode shape is given by the mode shape function, φ(x), in the 
expression above, and the xi, i = 1..N and xj, j = 1. N are length coordinates along 
the bridge (which correspond to the positions of the pontoons); SF FAi Aj

 is the (real-
valued) cross-spectral density of the load amplitudes at the two pontoons for the 
case of in-phase loading. If the loads on the two pontoons are identical, we have 
FAi = FAj, which implies that S(FAi FAj) = S(FAi). A phase difference, Δij, is included 
as part of the cross-spectral density due to the relative distance between the pon-
toons (i.e., in the direction of wave propagation). Note that the imaginary part of the 
expression in Eq. (15.9) will disappear after performing the double summation due 
to the hermitean symmetry of the cross spectral density with respect to the sign of 
the phase difference (i.e., the imaginary part of the terms ij will cancel the imagi-
nary part of the term ji during the summation process).

In general, the spectral density of the second-order modal load will depend on 
the main direction of the long-crested wave propagation. An upper bound for the 
modal load is obtained by assuming that the phase angle is such that the load inten-
sity varies along the bridge in perfect phase alignment with the mode shape. This 
implies that the factor at each pontoon becomes just the squared value of the mode 
shape. The resulting expression for the upper bound is then obtained as:
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where the first factor is just the auto-spectral density for the horizontal force of a 
single pontoon.

The maximum displacement and the maximum internal bending moment are 
next computed by application of modal analysis. The sum in the expression above 
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is equal to zero for the first horizontal mode for long-crested waves which are prop-
agating at 90° (i.e., transverse) to the bridge secant. This is based on the observation 
that the first mode consists of two half waves (i.e., which is caused by the bridge 
having an arch-shape in the horizontal plane). This implies that the mode shape is 
antimetric. For inclined wave directions, the modal loads for the antimetric mode 
shapes are non-zero. The modal load will, hence, obtain the maximum value at 
some inclined propagation angle. This is studied in more detail as part of the case 
study below.

For a lightly damped structure (i.e. with ξj  = 0.015), we obtain the following 
expression for the variance of the modal displacement for a particular mode, see, 
e.g., Lin (1967), Faltinsen (1990):
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where mj is the modal mass for the relevant horizontal mode shape; ωj is the corre-
sponding natural frequency (in radians per second); and ξj is the modal damping 
ratio. Similar expressions to Eqs. (15.6) and (15.7) also hold for the vertical dis-
placement corresponding to the vertical mode shapes.

The total response variance (for the horizontal motion) due to secondorder low-
frequency loading can subsequently be obtained (by neglecting the cross-terms 
between the modes) by a direct summation of contributions from all the relevant 
modes. The expected extreme response value for a given duration can then be 
obtained by assuming a specific probability distribution for the response peaks.

The first horizontal mode for a curved bridge consists of two half waves (see also 
the case study below), while the second horizontal mode consists of three half 
waves. The modal mass and modal stiffness are calculated by a summation of all the 
different contributions from the bridge tunnels, the transverse connecting members, 
the vertical columns and the pontoons. Each contribution is multiplied by the square 
of the mode-shape amplitude at the relevant position of the structural component. 
For the tunnels, an integration across the length of the bridge is required.

The pontoons will only contribute to the modal stiffness in the vertical direction, 
but not in the horizontal direction. The reason is that they are treated as rigid bodies 
and will only resist displacement in the vertical direction due to the corresponding 
change of buoyancy. In the horizontal direction, there is no such effect and hence no 
stiffness contribution will arise unless the bridge is equipped with a mooring 
system.

The modal mass for both of the two, first horizontal modes is herein calculated 
from the following expression:
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where i = 1 for the first mode, and i = 2 for the second mode. The superscript P des-
ignates pontoon, while superscript C refers to the vertical columns. The correspond-
ing modal stiffness for the two horizontal modes is, herein, similarly obtained as:
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where there is no contribution from the pontoons or the columns for this case. It is 
assumed that the sideways displacement of the columns follow that of the bridge 
tunnel. For the vertical direction, the contributions from the pontoons need to be 
included due to the vertical spring effect caused by varying submergence and, 
accordingly, varying buoyancy.

In the time domain, the second-order transfer function can be applied in order to 
obtain a time series of the second-order loading. These are expressed in the follow-
ing form (see Faltinsen 1990):
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where Aj and Ak are the wave amplitudes which correspond to frequencies, ωj and 
ωk; εj and εk are the phase angles that correspond to the same frequency components; 
and Tjk

ic  and Tjk
is  designate the cosine and the sine terms of the second-order trans-

fer function for the two wave components, respectively.
The so-called Newman approximation (which is widely applied) is based on the 

following simplification of the terms which are located away from the diagonal of 
the second-order transfer function:
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and

	
T Tjk
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(15.12)

A step-wise dynamic response analysis is subsequently performed and the corre-
sponding time series of relevant structural response quantities is obtained.
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15.5  �Case Study: The Sognefjord Bridge

The span length of the proposed Sognefjord bridge is 3700  m. A finite element 
beam model of the tunnel bridge is established in the computer program Abaqus, 
see the left and middle part of Fig. 15.7.

The values of the two, first horizontal modes are 57.6 and 30.4 s, respectively. 
The two, first horizontal modes have periods of 22.5 and 18.0 s. Modes five to ten 
have periods in the range from 17.9 to 15.9 s, see Leira (2016). The two, first hori-
zontal mode shapes are illustrated in the right part of Fig. 15.7. The two, first verti-
cal modes have eigenperiods of 57.6 and 30.4 s, respectively, while the two, first 
vertical modes have periods of 22.5 and 18.0 s. For the first and second sine-shaped 
horizontal modes, the sum for the modal displacement is evaluated based on the 
expressions which were presented above (also applying the assumption of a lightly 
damped response).

The response analysis can also be performed in the time domain by a step-by-
step integration. A diagram showing the corresponding variation of the modal load 
as a function of the main wave direction is shown in Fig. 15.8. The highest response 
level is observed for a wave direction of 18 degrees.

Response analyses have been performed for the example bridge structure both in 
the time and frequency domain based on a modal approach. From the simplified anal-
ysis, it is estimated that the magnitudes of the displacement and the bending moment 
due to the horizontal response are around three times as high as the first order wave-
induced response that is computed as part of the feasibility study (Reinertsen et al. 
2012). For the vertical response, the magnitudes are around twice those for the cor-
responding wave-induced response, levels. The computed results are based on a total 
damping value which is 1.5% of the critical damping. The damping level is very 
important in relation to the response magnitude, as the response amplitude is inversely 
proportional to the square root of the non-dimensional damping level.

More accurate analyses are performed with respect to the second-order excita-
tion level by application of the computer program WAMIT as outlined above. It is 
found that the low-frequency response in the horizontal direction is somewhat 
reduced as compared to the simplified analysis. However, the vertical motion is 
found to be of the same order of magnitude as that estimated by the simplified 

Fig. 15.7  Left and middle part: General layout of bridge and numerical model. Right part: First 
two horizontal mode shapes
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approach. A summary of the estimated values of the extreme displacements and 
bending moments for the horizontal and vertical second-order motions are provided 
in Table 15.1.

Comparing the magnitudes of the second-order bending moments to those from 
the first-order analysis, which are reported in (Reinertsen et al. 2012), it is found 
that the bending moment due to the horizontal motion is around 140% of the first-
order, wave-induced bending moment. By including the second mode, this would 
increase significantly. For the bending moment due to vertical motion, the corre-
sponding value is around 180%, i.e., significantly larger than the first-order, wave-
induced response.

The damping will have contributions of both the structural and hydrodynamic 
type. The latter can further be split into different sources such as linear potential 
damping, viscous damping and wave-drift damping. Relevant expression, for the 
wave-drift damping are found in Faltinsen (1990). Additional damping for the sub-
merged bridge can further be achieved by application of, e.g. tuned-mass dampers 
or sloshing dampers if the dynamic amplification level is found to be too high. It is 
likely that the damping is higher in the vertical direction than for the horizontal 
direction, which clearly would reduce the response levels somewhat as compared to 
the present estimates.

Table 15.1  Estimated horizontal and vertical second-order displacements and bending moments 
for worst direction with long-crested waves

Response component (direction of 
displacement)

“Refined estimate” 
Displacement

“Refined estimate” Bending 
moment

Horizontal (first mode) 0.50 m 3.2 GNm
Vertical 0.55 m 1.55 GNm

Fig. 15.8  Magnitude of modal load as a function of wave direction for mode shape number 1
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15.6  �Conclusions

Simplified formulations for slow-drift excitation of a submerged tunnel bridge con-
cept with pontoons at the sea surface have been summarized. It was found that the 
results from the simplified calculations were in reasonable agreement with those 
obtained by more refined methods.

A specific tunnel bridge concept has been considered in more detail, i.e. the one 
proposed for the Sognefjord crossing. The damping level for the relevant vertical 
modes could well be higher than for the lowermost horizontal modes due to the cor-
responding shorter natural periods (which are of the order of 20 s). This has not 
been taken into account in the present analysis. Furthermore, the effects of wave 
spreading are presently not accounted for. Accordingly, the low-frequency response 
level is expected to decrease somewhat as compared to the presently estimated 
values.
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Chapter 16
New Tools for the Analysis of the Generalized 
Impact of Earthquake Events

Carlos Sousa Oliveira, Mónica A. Ferreira, F. Mota Sá, and J. Bonacho

Abstract  Earthquakes and tsunamis continue to be some of the most disastrous 
natural events. In this review paper, we present the work developed by the Seismic 
Risks Group of Instituto Superior Técnico (IST) in the last decade, with emphasis 
on the performance indicators proposed to deal with the effects of natural disasters. 
Starting with an appraisal of the world earthquake impacts since 1900, the text sum-
marizes the most relevant impact indicators, namely, SIRIUS and disruption indexes 
(DI) for the urban and industrial fabrics, which includes cascading effects. Also, the 
early stage of the analysis of multi-hazard, namely for shaking and tsunami events, 
is reviewed. Finally, we use these impact indicators in conjunction with perfor-
mance indicators (RRW – risk reduction worth and RAW – risk achievement worth) 
to communicate the risk to the population and mitigate the action of future events. 
Several conclusions can be taken from the work developed. The most important is 
that earthquake impacts cannot be measured only by human losses and losses to 
property, but indirect and cascading effects also play a huge role in the global 
impact, especially in moderate to large events.

Keywords  Earthquake impacts • Cascading effects • SIRIUS • Disruption Index • 
Performance indicators

16.1  �Introduction

Earthquakes and tsunamis continue to be some of the most disastrous natural events. 
Historical data shows that their rates of occurrences are very variable from region to 
region, depending on where you are on the surface of earth, as well as very variable 
temporally, but nevertheless, cause great impact on the population, with loss of 
lives, economic losses, social and psychological distress, etc. It is very difficult to 
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measure the impact of such events and to compare situations because impacted 
zones have different cultural, economic and other civilizational characteristics. In 
general terms, the objectives of the scientific communities and entities responsible 
for mitigating risks in the areas of higher impact is to anticipate the effects of future 
events, develop policies and implement actions to reduce vulnerabilities of the 
existing stock of housing and infra-structures, and to build back better either the 
damaged stock or the new construction. Worldwide, many advancements have been 
achieved, especially after the occurrence of a big event which, as a whole, brings a 
lot of the knowledge. However, in many instances, earthquakes and tsunamis keep 
creating great impacts which are not acceptable to our modern societies of the 
twenty-first century. Why is this contradiction still so strong? With other types of 
natural catastrophes: floods, tornados, hurricanes, volcanic eruptions, landslides, 
heat waves, etc., science, technology and entities responsible for implementing the 
accumulated knowledge have made more advancements in reducing some of the 
impacts on the communities.

To mitigate the impact of an adverse event, it is first and foremost important to 
understand and quantify the expected impact, not only in the scientific context, but 
also in a more holistic perspective which can be shared by various stakeholders that 
are responsible for risk mitigation. Development of such an understanding and indi-
cators for holistic quantification of impacts of earthquakes and tsunamis has been 
actively pursued by the Seismic Risks Group of Instituto Superior Técnico (IST) in 
the last decade. This chapter presents an overview of these efforts and highlights 
some of the most important achievements. Additional details for interested readers 
are provided in the numerous references listed at the end of the chapter.

16.2  �Some Numbers on Impacts

Earthquakes and tsunamis keep on being the natural events with higher impacts, 
even though they are not the most frequent. Figure 16.1 shows that meteorological 
and hydrological events are the more common events according to statistics of the 
last 35 years, as reported by insurance companies. It is important to note that, while 
the number of disastrous geophysical events has remained more or less steady, the 
frequency of other events has increased over time, especially the meteorological 
events.

To provide a scenario of the latest condition, we present the following quote from 
an insurance company.

After three years of relatively low nat cat losses, the figures for 2016 are back in the mid-
range, where they are expected to be. A number of devastating earthquakes and powerful 
storms made 2016 the costliest twelve months for natural catastrophe losses in the last four 
years. Losses totalled US$ 175bn, more than two thirds above the previous year and nearly 
as high as in 2012 (US$ 180bn). Uninsured losses remained substantial at 70%. Insured 
losses came to US$ 50bn. (Source: http://www.munichreamerica.com)

C.S. Oliveira et al.
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Looking only at geophysical events (earthquakes and tsunamis), the first impact 
indicator is the size of population affected and economic losses. In Fig. 16.2, we 
present the statistics of human and economic losses since 1900. From the geograph-
ical distribution of losses, we can observe that, in most cases, a large number of 
human losses has occurred in less developed countries. The case of Tohoku earth-
quake and tsunami (2011) in Japan was an exception to this assertion. On the con-
trary, the economic losses come essentially from the more developed economies. In 
the twentieth century and the first 15  years of the twenty-first century, the total 
number of victims per decade shows a tendency of clustering around a few large 
events: Kanto series in 1923 in Japan, Tangshan in 1976 in China and the ones in the 
first years of the twenty-first century. The overall average has remained almost con-
stant, and if we consider data per world population, some non-significant decrease 
has taken place. As far as economic losses, we keep seeing an increasing trend 

Fig. 16.1  Number of natural events worldwide (1980-2014) causing important economic losses. 
(Source: http://www.munichreamerica.com)

Fig. 16.2  Evolution of losses since 1900: (a) lives lost/decade, (b) economic losses normalized to 
1997 values, in 106 $US dollars/decade (Updated from Oliveira et al. 2014)
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(ordinates are in a log scale). There are many factors contributing to this increase, 
namely, new urbanizations leading to higher exposure, higher prevalence of insur-
ance leading to more accurate loss estimates in recent times and the presence of 
more costly and hazardous industries and facilities.

Oliveira et  al. (2014) present a tentative, first correlation of human casualties 
with earthquake magnitude, and it is very clear that no correlation exists in the last 
15 years, even though some trends are present. If we look at the annual number of 
earthquakes in the last 43 years in the world by classes of magnitude (Fig. 16.3), it 
is apparent that the frequency of earthquakes has not increased significantly. This 
pattern is present in the last 2 years. We can say that even small events of magnitude 
5.5–6.5, if located nearby populated areas, can cause a large impact, as has hap-
pened in the last 20 years in Italy where a series of these type of earthquakes have 
taken place (Umbria-Marche 1997, L’Aquila 2009, Emilia-Romana 2012 and 
Amatrice-Norcia 2016).

In Europe, the spatial distribution of different types of natural disasters is very 
variable. Earthquakes happen in the southern part, whereas hydrological (floods 
essentially) events are more frequent in the northern parts. Looking to the risk per-
ception in the EU (Fig. 16.4), we understand that earthquakes are only in the 4th 
place, with floods in the 1st place followed by storms and forest fires. There does 
not seem to be much concern about tsunamis, which are, nevertheless, very relevant 
in countries such as Portugal and Spain.

It is very interesting to observe that the economic losses can be split into direct 
and indirect losses, indirect losses being due to loss of functions or interruption of 
activities. According to Daniell et al. (2012), there is an interval of ±10 times the 
mean value between direct and indirect losses due to natural disasters since mid-
nineties. So, we cannot neglect this reality (Fig. 16.5).

Fig. 16.3  Annual number of earthquakes in the last 43 years in the World by classes of magnitude, 
6  <  M  <  6.9, 7  <  M  <  7.9, 8  <  M. (USGS, 2012, EMSC, 2014) (From Oliveira et  al. 2014). 
Regression equations are valid only for the period under analysis

C.S. Oliveira et al.
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Non-structural damage is another topic of great interest, especially for small to 
moderate earthquakes because they can cause large impacts in population evacua-
tion (in conjunction with Early Warning) and injures. The KnowRISK (2016) EU 
Project aims at defining the rules for better behaviour of the population to be pre-
pared for non-structural damage and better communication practices.

After some years visiting real earthquake scenarios around the world (Ferreira 
2012), it became clear, as nowadays is well known, that earthquake impacts cannot 
be measured only by human losses and losses to property, but that indirect and 
propagation effects, many of them due to equipment damage (transformers, piping, 
life-lines, etc.) or non-structural components, acting as catalysts (amplifiers), play a 
huge role in the global impact.

16.3  �Evolution of Seismic Scenario Simulators

Predicting what may happen during future events in order to be prepared and under-
stand which policies are best to follow, seismic scenario simulators were developed 
since the early 2000s by different schools of thought. Table 16.1 presents a synopsis 
of the most renowned ones, adapted from Silva et al. (2013).

QE1. Which of the following natural or man-made disasters, if any, do
you feel most at risk of in (OUR COUNTRY)?

Flooding 45%

40%

29%

27%

22%

20%

16%

7%

2%

1%

1%

8%

2%

Violent storms

Industrial accident (chemical
accident, etc.)

Forest fire

Earthquake

Marine pollution (oil spill, etc.)

Nuclear accident

Landslide

Volcano eruption

Tsunami

Other (SPONTANEOUS)

None (SPONTANEOUS)

DK

22%Earthquake

Fig. 16.4  Risk Perception in the EU: “Flooding and storms are the disasters that EU27 residents 
fear the most” (Special Eurobarometer, European Commission 2009)
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Other earthquake scenario simulators not referred in Table 16.1 were also devel-
oped, some for rapid evaluation of impacts after the occurrence of an event. 
ShakeOut and ShakeMaps are available to estimate ground motion. PAGER (Jaiswal 
and Wald 2012), a USGS tool that estimates human and economic impact of earth-
quake occurrences anywhere around the world, is another example.

Most of these simulators have, as output (objectives), the population affected and 
the inflicted damage (Fig. 16.6). They are composed of several modules, aggregated 
into two groups as shown in the figure, with seismic source definition, the propaga-
tion of waves, site effects in one group and with building stock, networks and criti-
cal infrastructures in the other group. Some of the simulators look more to the 
geophysical process, whereas others look more to the building stock and their typol-
ogies, inventories, vulnerabilities and fragilities.

Based on the general outline of Fig. 16.6, QuakeIST (Mota de Sá et al. 2016) was 
developed. The special feature of this development is that it models the propagation 
effects of damages between different physical elements, considering the subsequent 
loss of function which has a cascading consequence on various sectors of a society, 
leading to disruption.

16.4  �Impact Indicators

There are several levels of impact indicators as referred to in Sendai (2015) frame-
work (Point 18). Most of them are of the first order, meaning that they only refer to 
a single variable as shown in Sect. 2, above.

Fig. 16.5  Direct vs. indirect economic losses from selected events in event-year million $US 
within the CATDAT Damaging Earthquakes Database (Daniell et al. 2012)

C.S. Oliveira et al.
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We will be presenting the concepts of SIRIUS, urban and industrial DIs for shak-
ing scenarios and how to incorporate them to include multi-hazard scenarios.

16.4.1  �SIRIUS

The concept of SIRIUS is one of the second level of importance, because it deals 
simultaneously with two variables that conveniently and simply translate earth-
quake risk (eri), one referring the vulnerability of the existing housing and the other 
reflecting the human concentration.

In this framework, rrd represents the risk due to buildings vulnerability as the 
major variable responsible for destruction. Risk due to human concentration, as a 
proxy (indirect indicator) of physical, functional and social vulnerability to major 
disruptive events, is represented by rhc. Earthquake risk is then a function of these 
two major variables:

	
eri f rrd,rhc= ( ) 	

It is organized into several categories which define the level of impact for that 
event. Those two variables were calibrated to feed the SIRIUS scale, as shown in 
Fig. 16.7 (Mota de Sá et al. 2013). This impact indicator is of great interest in select-
ing the areas of higher problems in urban areas.

Fig. 16.6  Schematic structure of earthquake scenario simulators (From Oliveira et  al. 
2014)

C.S. Oliveira et al.



323

16.4.2  �Earthquake Simulations Including Cascading Failures 
(DI)

Sophisticated predictions of the seismic response of buildings and facilities can be 
simulated nowadays and be used in loss analysis, where the losses are calculated 
using measures such as repair cost, repair duration and loss of life. One limitation 
with this type of analysis is that it does not account for the susceptibility of infra-
structure systems to decreasing their reliability, which frequently leads to cascade 
failures. Although such quantitative analyses can be highly robust, they require sig-
nificant levels of information and can only be applied in a small number of situa-
tions, usually in the assessment of a small number of elements.

In this context, the disruption index (DI) (Oliveira et  al. 2012, Ferreira 2012, 
Ferreira et al. 2013) can be used to estimate the potential impacts from earthquakes 
or other hazardous events, integrating physical, human, social, environmental and 
economic damage. The analysis proceeds by determining how the top failures can 
be caused by individual or combined lower-level failures or events. It is a useful tool 
to evaluate the costs and benefits of risk reduction measures, as well as preparedness 
and response. It is also desirable for other purposes, such as risk financing.

The disruption index is derived from established and classified functions using 
dimensions of fundamental human needs: environment, housing, food, healthcare, 
education and employment. Each dimension contains the functions (service compo-
nents) that impact welfare and urban life aspects like water, sanitation, telecommu-
nications, electricity, transportation networks and existence of debris. Figure 16.8 
illustrates the relationship between these data elements.
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Fig. 16.7  The SIRIUS scale (From Mota de Sá et al. 2013)
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During and after an earthquake, several services are unavailable to end users, 
thereby causing service disruption, and consequently, the failure of main urban 
functions such as:

•	 Disruption of water service for drinking/domestic use and for irrigation pur-
poses, hampering agriculture,

•	 Disruption of electricity, impacting security and the provision of health and other 
essential services,

•	 Health problems (degrading health conditions) due to the lack of accessibility to 
health services providers,

•	 Hindered access to and from homes to jobs, markets and other communities,
•	 Disruption of communication within and between communities, impacting secu-

rity, for example,
•	 Increased prices of commodities and transportation,
•	 Disruption of communal functions (social, economic and religious) and so on.

To solve this problem, we proposed to assemble the so-called social impact indi-
cators and create a graph as described in Fig. 16.8.

The main goal of the DI is to understand the relationship between buildings, 
facilities, utilities, networks and their interdependencies. The destruction or degra-
dation of which, or unavailability for a long period of time, would have an impact 
on dimensions of human needs, like environment, housing, health, education, 
employment and food. It quantifies the state of disorder induced by the disruption 
of urban structure and functions.

If we talk about complex industrial systems, we can think of another disruption 
index, called IDI (Industrial Disruption Index), whose graph is presented in 
Fig. 16.9. Here we can understand that the concept is similar to the urban DI with 

Disruption
index (DI)

Environment

Dangerous
facilities Buildings

Water Sanitation Telecom Electricity Security Mobility

Transports Debris

Facilities Facilities

Facilities Facilities Facilities
Facilities

Facilities

Facilities

Buildings

Buildings

Housing Healthcare Education Employment Food

Fig. 16.8  Graph representation of vital or urban functions and their dependencies and incidences 
(From Oliveira et al. 2014)
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the difference being that the system is feed with other dimensions such as mobility, 
telecom, energy, gas, water and security. These are computed with the vulnerability 
functions of equipment systems that are affected by shaking. Interaction or cascade 
effects are contemplated in this formulation.

The graph in Fig. 16.10 is transduced into an adjacency matrix where we can see 
the interactions among systems. An algorithm is used to compute the DI based on 
this adjacency matrix where the state of the system is 0 or 1, depending on if there 
is dependency or not. Future developments will introduce a more complex system 
where values between 0 and 1 can be assigned. QuakeIST is able to consider the DI 
algorithm (Mota de Sá et al. 2016).

16.4.3  �Examples of DI Applications

DI applications to the urban environment were made during the UPStrat-MAFA 
(2015) EU Project in several locations, namely: Mount Etna in Italy (Meroni et al. 
2016), L’Aquila 2009 and Emilia-Romana 2012 Earthquakes in Italy (Ferreira et al. 
2014), Algarve in Portugal (Ferreira et al. 2016) and Faial in the Azores (Ferreira 
2012 and Oliveira et al. 2012). Other applications include those to the Molise 2002 
(Italy) and Port-au-Prince 2010 (Haiti) earthquakes (Ferreira 2012). Apart from 
earthquakes, the DI has potential applications for other natural disasters. An 

Industrial
disruption

index

Production
(goods and 

services)
Environment

Mobility

System
equipts

System
equipts

System
equipts

Debris

Buildings

Transportation

System
equipts

System
equipts

System
equipts

Harbour

Telecom Energy Gas Water Security

Fig. 16.9  Graph representation of vital functions of an industrial system and their dependencies 
and incidences (Oliveira et al. 2015; Ferreira et al. 2017)
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example of such applications concerns the tropical storm, Washi, that occurred in 
2011 in the Philippines (Ferreira 2012).

The final result is presented in a DI scale (Fig. 16.11) with five classes described 
by descriptors. The application to Algarve, south Portugal is presented in Fig. 16.12, 
where we can see the influence of the different dimensions of human needs. Starting 
with an intensity map, we see the propagation effects taking place as long as the 
various interdependences occur. Figure 16.13 shows the evolution of recovery over 
time, in the short term and long term.

For the IDI, we have worked during the REAKT (2011) EU Project to develop a 
model for the Industrial Complex of Sines (Oliveira et al. 2015; Ferreira et al. 2017). 
Figure 16.14 shows only the effect of an event like the 1755 earthquake on the water 
and gas networks, and Fig. 16.15 shows the corresponding IDI.

16.4.4  �Multi-hazard Influence: Shaking Plus Tsunami

Another topic of great interest is the analysis of multi-hazard impacts. Offshore 
earthquakes can generate large tsunamis that aggravate or can be worse than the 
effects of ground shaking alone. Yet, the analysis of tsunamis without consideration 
of shaking is also not realistic. A clear example of a multi-hazard influence goes 

Fig. 16.10  The adjacency matrix corresponding to the graph of Fig. 16.9
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Fig. 16.11  Disruption index (DI) scale (From Oliveira et al. 2014)

Fig. 16.12  Disruption index: earthquake impact based on the systemic analysis of the urban com-
ponents: Algarve, south Portugal subjected to 1755 intensity distribution (From Oliveira et  al. 
2014)
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Fig. 16.13  Time evolution: (a) DI in short term, (b) Recovery in long term (adapted from Oliveira 
et al. 2014)

Fig. 16.14  Repair rates for gas and water networks under 1755 scenario applied to the Industrial 
Complex of Sines, REAKT (2011) EU Project

C.S. Oliveira et al.
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back to earlier times, such as the 1755 Lisbon event which was impacted by 3 
actions: ground shaking, tsunami and urban fire (Oliveira 2012).

Multi-hazard influences can be modelled with the principles of DI through graph 
theory. Here, we present a simple solution with an aggravation function where the 
damage state, DS, is a function of both the damage state caused by shaking only and 
by tsunami only (Fig. 16.16). To analyze damage due to a tsunami wave, we need to 
obtain vulnerability curves of the stock of buildings. In future developments, we 
will consider the interaction of both the shaking and the tsunami, meaning that the 
damage of a damaged structure is also depending on the level of damage of shaking. 
These developments require a calibration with real situations.

Figure 16.17 presents an example application in the city of Setúbal, where we 
plot separately the damage caused by ground shaking alone, shaking due to tsunami 
only and the aggregation of effects made according to Fig. 16.16. More details of 
this application are available in Bonacho and Oliveira (2016) and are the subject of 
a publication in preparation.

16.5  �System Performance Indicators/Measures and Disaster 
Mitigation Strategies

Once the needs for recovery are known, with the complete list of works to be made, 
it is necessary to have a model that helps the authorities/associations/financial insti-
tutions, etc., set priorities and timings for the resources that are available. A few 
research groups have been dealing with this subject with some promising results.

Fig. 16.15  IDI for Sines complex
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One of them at the University of Udine, Italy in collaboration with UNESCO and 
other international organizations, has developed the product VISUS (sprint.uniud.
pt) (Grimaz et al. 2016) which permits the implementation of a pragmatic technical 
triage for planning purposes, and it is adaptable to different local contexts and 
needs. VISUS was first developed to assess schools in a seismic scenario, but it has 
evolved into a holistic and multi-hazard approach which includes flooding and fire. 
It requires the definition of a rational and effective strategy for risk reduction based 
on the level of risk, criticalities, countermeasures and financial commitment. Other 
proposals (Ferreira et  al. 2016) used concepts developed in the nuclear industry 
(RRW, RAW, Vesley et al. 1983) to perform prioritization of resources based on the 
criteria of Phillips and Bana e Costa (2007).

We have developed this last idea, illustrated in Table 16.2, making use of urban 
DI (for more detail see Ferreira et al. 2016). In fact, the central reasoning underlying 
the definition of the disruption index is the identification and evaluation of the 
impacts on a target community, considering the physical elements that most contrib-
ute to a severe disruption. The following system-performing indicators/measures 
were considered: population at stake of some kind of impact, RRW – risk reduction 
worth and RAW – risk achievement worth.

The population at stake constitutes the first performance indicator developed 
(Meroni et al. 2016). It considers the number of people within each DI level (DI = I, 
II,…), informing the percent of population affected by a given dysfunction.

RRW and RAW are well known by risk analysts, and so, abundant bibliography 
exists about them (Vesely et al. 1983). Risk importance measures (or system per-
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forming indicators) are defined to evaluate the importance of a feature in further 
reducing the risk and its importance. RRW indicates the potential of subsystem i 
(column on the left) to reduce the actual risk, whereas RAW indicates the actual 
potential of subsystem i to aggravate the actual risk.

For example, as seen in Table 16.2 for the entire region of Algarve, RAWi = 1.23 
implies that if subsystem i (housing) persists to degrade until some plausible maxi-
mum value of the vulnerability that leads to losses or dysfunction in subsystem i to 
its plausible maximum, while leaving all of the other subsystems performing in 
their actual state, then the chances of reaching the actual levels of risk will be raised 
1.23 times. This value was obtained after running Monte Carlo simulations on vul-
nerability functions of the various systems (human needs).

Fig. 16.17  Superposition of shaking with tsunami (data from QuakeIST, Mota de Sá et al. 2016; 
Bonacho 2016). Water elevation by Santos and Koshimura (2013). Height of wave by adding maxi-
mum high tide values
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It is interesting to note, in the illustration presented as well in other examples not 
referred here, that the results are essentially controlled by the human need, housing, 
and only the size of DI equal III degree shows appreciable change of the impacted 
area.

Another note of importance is that cascading effects can induce high dysfunction 
in the targeted zones, and, in many cases, even dysfunctions in apparently small 
objects (nodes/sub-systems) can cause important impairments in economy, busi-
ness, urban life and in the reliability of critical assets.

In practical terms, available funds are always limited to some upper maximum 
amount, and consequently, portfolio management can come into play. The best port-
folio of possible intervention strategies is the one that, with our restricted funds, 
leads us to the maximum global benefit (the sum of benefits/risk reduction reached 
by each individual strategy). According to Philips and Bana e Costa (2007), the best 
portfolio can be reached by ordering the possible strategies i (programs or policies) 
by decreasing the importance of their value for money (Ratio = RRWj/Costj: Benefit/
Cost) and then retaining the so ordered policies until the budget is reached.

To sum up, the use of the disruption index can be a great opportunity to find poli-
cies and alternatives to risk reduction. Of course, its usefulness is not restricted to 
the above example, and many other cases can be pursued using DI with other risk 
importance measures (Vesely et al. 1983).

Table 16.2  Risk achievement worth (RAW) for Algarve (From Ferreira et al. 2016)

C.S. Oliveira et al.
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16.6  �Final Words

From what was presented in the first part of this chapter, earthquakes and tsunamis 
continue to have a major impact on millions of people every year, and therefore, 
earthquake risk management measures need to be implemented with urgency. 
Failure to enforce and implement appropriate measures could increase the impact of 
earthquake events and undermine the resilience of a system. To promote a risk man-
agement approach in dealing with earthquakes, including prevention, mitigation 
and recovery is fundamental, as well as to support all initiatives for continuous com-
munication to raise awareness and reinforce preparedness.

The new approaches to seismic risk reduction brought new insight and new open 
paths in seismic prevention strategies. They also brought new insights in to the so-
called holistic approaches (Carreño et al. 2012), until now mainly addressed with 
resource to traditional multi-criteria decision tools, where fundamental mathematic 
restrictions imply severe difficulties in leading with non-independent / interdepen-
dent impacts.

The different indicators (SIRIUS, DI) provide useful information in risk percep-
tion and risk communication, as well as in developing strategies to reduce the con-
sequences of earthquakes and increase the benefits of a decision. These concepts 
offer a comprehensive description of real, observed scenarios and help:

–– to identify critical services or elements in the urban or industrial system,
–– to rank the order of priority of services or elements for continuous operations or 

rapid recovery, and
–– to identify internal and external impacts of disruptions.

This approach can also be extended to other natural and man-made disasters and 
may be used as a tool for optimization of resources of system components.

16.6.1  �Future Work

Future work includes the development of other indicators, such as an urban score, a 
school score and a hospital score, or, at a different level considered as subsystems in 
this methodology, an education score, a health-system score, a life-line score, a 
sustainability score, etc.

As an example, the school score can be defined as follows:

	 (i)	 degree of inflicted damage,
	(ii)	 concentration of students at the time of event,
	(iii)	 proximity of other schools which perform the same functionalities requiring 

both mobility as well as the possibility of taking part in the immediate 
recovery.
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Future work in the theme of ranking the type of interventions to reduce the risk 
should include an analysis of the most critical typologies and not reduce vulnerabil-
ity in an equal way.

We have presented the SIRIUS and DI concepts (both applied to urban and 
industrial complexes) as well as an example of how to deal with multi-hazard phe-
nomenon using the tsunami action. New developments should include an analysis 
of how uncertainties can be dealt with within these concepts, consolidate the IDI 
and extend the multi-hazard idea to other areas/topics, not only to earthquake/tsu-
nami disasters, but also to floods, hurricanes, etc. Using these concepts, together 
with cost-benefit and multi-criteria analyses, will make risk mitigation more effec-
tive. Communicating the risk is another topic of great importance that needs to be 
properly addressed as illustrated in the KnowRISK (2016) EU Project.
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Chapter 17
Urban Disaster Prevention Strategies 
in the UPStrat-MAFA Project: From Risk 
Analysis to Communication

Gemma Musacchio, Monica A. Ferreira, Fabrizio Meroni, Rajesh Rupakhety, 
Carlos Sousa Oliveira, and Gaetano Zonno

Abstract  The UPStrat-MAFA (Urban Disaster Prevention Strategies using 
Macroseismic Fields and FAult Sources) project, funded by the European 
Commission, had a multi-disciplinary approach to disaster prevention that encom-
passed strategies based on the analysis of the level of risk and information. Use of 
macroseismic intensity data and its probabilistic treatment was one of the successful 
innovations of the project. The method allowed incorporation of knowledge of seis-
mic source, faults and their properties to estimate hazard and provide valuable 
insights on the level of expected shaking during future earthquakes. A holistic 
approach to risk assessment was one of the most relevant contributions of this proj-
ect. It was implemented with a new concept of global damage (the disruption index, 
DI) that provides a systemic way to measure earthquake impact on urban areas and 
helps in prevention strategies, as well as in decision-making for emergency plan-
ning and post-disaster activities. The project strongly relied on prevention strategies 
based on education and communication of risk. Analysis on the levels of education 
was performed and weaknesses identified. Various educational tools were prepared: 
video games for children and audio-video products for the general public. The 
results and achievements of the project were widely distributed to both the general 
public and experts.
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17.1  �Introduction

Prevention is acknowledged as being the most efficient strategy towards disaster 
risk reduction. Nonetheless, the level of prevention is often constrained by a lack of 
efficient risk management. When a hazard turns into a disaster, it often exposes 
weaknesses in disaster risk management and overall preparedness. Although hazard 
assessment and risk analysis are crucial in implementing prevention strategies 
through decision and policy makers’ involvement, their efficacy can be enhanced 
efficiently through long-term and widespread education. This was the approach of 
the UPStrat-MAFA (Urban Disaster Prevention Strategies using Macroseismic 
Fields and FAult Sources) project, intended to develop innovative methods in seis-
mic hazard assessment, risk analysis and their integration with risk communication 
and education. It is a multi-dimensional approach that encompasses strategies for 
prevention of urban disasters. The project was co-financed by the European Union 
Civil Protection Instrument.

The methods and tools developed in this project were based on seismically active 
case-study areas in Europe, namely Italy (Mt. Etna, Campi Flegrei), Portugal 
(Lisbon, Algarve and Azores Islands), Iceland (South Iceland Seismic Zone and 
Reykjanes Peninsula), and Spain (Alicante-Murcia region). These tools and meth-
odologies include new and innovative concepts and models of ground motion mod-
elling and seismic hazard assessment, holistic quantification of seismic risk in terms 
of the new idea of disruption index, formulation of disaster prevention strategies 
supported by adequate long-term actions with emphasis on education and aware-
ness, and other products such as educational video games and audio-visual materi-
als, which were found to support a bottom-up strategy towards disaster mitigation 
(see, for example, Sigbjörnsson et al. 2016). This chapter describes the tasks and 
achievements of the project and highlights the innovation in the three, inter-con-
nected fields of hazard assessment, risk analysis and disaster prevention strategies 
based on education and awareness.

17.2  �The Study Areas

Mt. Etna volcano is located along the eastern coast of Sicily, Italy, in a complex 
geodynamic region dominated by convergence between Africa and Europe (Branca 
et al. 2011). Apart from the regional high-magnitude seismicity, this zone is locally 
characterised by creeping and seismogenic faults, which contribute to seismic haz-
ard that might have often been overlooked (Azzaro et  al. 2012). Frequent 
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earthquakes with low to moderate energy release (Ml <5) occur in the area. Despite 
their small size, such earthquakes can be very dangerous because they occur fre-
quently and can induce cumulative damage in weak structures. In addition, these 
earthquakes are very shallow (hypocentral depth of only a few kilometres) and can 
produce ground-shaking effects similar to larger earthquakes occurring deeper in 
the crust. This hazardous scenario, combined with vulnerable residential buildings 
and public infrastructure, imposes significant seismic risk to the communities living 
in this area.

Campi Flegrei is a volcano in southern Italy, which lies northwest of the city of 
Naples. The structure of the volcano is large, with a 12 km × 15 km caldera, and 
more than 300,000 people live in areas potentially influenced by it. Together with 
the present inactive state of the volcano, the predominantly explosive nature of its 
eruptions put this highly populated region at the highest volcanic risk level world-
wide. Since the 1950s, the Campi Flegrei volcano has been in a state of unrest, 
which is characterised by periods of upraise of the caldera floor (bradyseism) and 
related seismic swarms. The latest crisis occurred in 1983, when about 40,000 peo-
ple were evacuated from the town of Pozzuoli. Over the last 10 years, there were 
several minor uplift phases and seismic swarms and a general intensification of the 
fumarole outflow. These observations have raised many concerns, indicating the 
need for a reappraisal of the volcanic activity in the area. Among the people living 
in the Phlegrean Field area, a paradoxical hazard perception exists among lay peo-
ple, who are more aware and concerned of the volcanic hazard related to the 
Vesuvius volcano (Carlino et  al. 2008; Ricci et  al. 2013) or the seismic hazard 
related to the general tectonic setting of the area, than the hazard due to one of the 
most dangerous calderas in the world, in which they are living.

The seismic risk in Portugal derives partly from offshore sources that can cause 
large events, such as the catastrophic 1755 Great Lisbon earthquake, which gener-
ated a tsunami that caused damage over a very wide area in Portugal (especially in 
the city of Lisbon) and western Spain. The Great Lisbon earthquake of 1755 was the 
most powerful and destructive one that has ever occurred in Portugal and Europe so 
far. Although the Portuguese people have heard about this event at least once in their 
lifetime, they do not have a clear idea of the likelihood of potential future events that 
can have disastrous effects in their or their children’s lives. This can be explained in 
part due to the fact that large earthquakes are not frequent in Portugal, and, as the 
memories of a historic disaster fades away, people become more complacent and 
less concerned about potential risks.

Located on the Mid-Atlantic Ridge, which is a slow-spreading boundary between 
the Eurasian and the American tectonic plates, the seismicity and volcanic activity 
in Iceland relate to the interactions between the plate-tectonic settings and a mantle 
hot spot. In Iceland, inhabitants are acquainted with the widespread geothermal 
energy that has strongly influenced settlement since its early development. There 
have been many strong earthquakes in the south Iceland lowland in the recent years, 
and people living in hazardous areas are, in general, aware of the risks due to natural 
disasters such as earthquakes and volcanoes. In general, Icelanders are familiar with 
existing evacuation plans (for example, during volcanic eruptions) and participate in 
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evacuation exercises (Bernhardsdóttir et al. 2016). During the June 2000 and May 
2008 earthquakes in south Iceland, residential buildings and other structures suf-
fered some damage. Fortunately, complete collapse of buildings or human casualty 
did not occur. This is, in part, due to the high seismic performance of Icelandic 
buildings, which are inherently strong against lateral shaking as they are also 
designed to withstand very strong wind action (see, for example, Rupakhety et al. 
2016). Despite this, earthquakes pose a risk to people living in the South Iceland 
Seismic Zone and the Tjörnes Fracture Zone (see, for example, D’Amico et  al. 
2016a, b) due to, for example, disruption of daily activities, financial loss due to 
structural and non-structural damage, and risk of injury or death due to movement 
of building contents during ground movement.

The Alicante-Murcia region is located in the south-eastern area of the Iberian 
Peninsula, and it includes several Neogene-Quaternary basins in the Betic Cordillera. 
Among these there are the Vega Baja in the Alicante Province and the Lorca Basin 
in the Murcia province. Moderate earthquakes, most of which have a shallow focus, 
occur in the Vega Baja and Lorca Basin. Although the historical seismicity recorded 
in the Spanish earthquake catalogue reveals the occurrence of very destructive 
earthquakes with maximum EMS98 intensities reaching IX-X and X, the strongest 
instrumental events reach magnitudes slightly over 5.0. In the Vega Baja, the stron-
gest event occurred on 21 March 1829, and it was known as the Torrevieja earth-
quake. It was the main shock in a seismic sequence of at least 42 events that occurred 
from 1828 to 1830, with EMS98 intensities reaching IX-X. EMS98 intensities VIII 
were also reported in the region in 1048, 1482 and 1673 in Orihuela, and in 1919 in 
Jacarilla. On 11 May 2011, two damaging earthquakes (Mw4.5, Mw5.2) killed nine 
people, injured more than 300 and produced significant building damage in the city 
of Lorca. According to the Spanish earthquake record, in the Lorca Basin and sur-
rounding regions, significant damaging events have also occurred in historic times, 
such as those in 1674 (Lorca), 1855 (Alhama de Murcia), 1911 (Lorquí) and 1948 
(Cehegín). The most recent activity before the 2011 Lorca earthquakes was events 
of around magnitude Mw5.0 in 1999, 2002 and 2005, which produced slight dam-
age in several localities of the Murcia region.

17.3  �Hazard Assessment

Probabilistic seismic hazard assessment (PSHA) results are generally expressed in 
terms of some ground motion (or structural response) intensity parameters corre-
sponding to a certain probability of exceedance in a reference mean return period. 
The most commonly used intensity parameters are peak ground acceleration (PGA) 
or response spectral acceleration (RSA), which are both derived from instrumen-
tally recorded ground motion data. Before the use of instrumental data, earthquake 
effects were quantified by some sort of descriptive scale, which could be thought of 
as a ranking. Macroseismic intensities belong to this class of intensity measure. 
Because macroseismic data are available for a much longer time and are more 
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abundant than instrumental data, their use in understanding seismic hazard has been 
gaining interest for some time. Albarello and Mucciarelli (2002) present a very 
detailed mathematical treatment of semi-qualitative macroseismic data and demon-
strate quantitative hazard estimates based on them. Based on the probabilistic pro-
cedure developed by Albarello and Mucciarelli (2002), D’Amico and Albarello 
(2008) present a computer program called SASHA (Site Approach to Seismic 
Hazard Assessment) to probabilistically estimate seismic hazard in terms of macro-
seismic intensity. This method lies on documented effects of past earthquakes at a 
site of interest but can also incorporate knowledge of seismic source data. In this 
sense, the approach allows full exploitation of macroseismic information and com-
bines them with knowledge of seismic sources in a framework of formal and coher-
ent treatment of intensity data, taking into account the inherent uncertainties as well 
as the bounded, ordinal nature of intensity scales. The UPStrat-MAFA project is the 
first application of this method in many different case study areas with different 
tectonic environments. In this project, macroseismic data were combined with 
knowledge of faults and their properties to estimate seismic hazard.

As a first step, this method builds up a local seismic history of intensity at a site. 
These intensities can either be documented observations at the site or inferred from 
epicentral intensities, which are often more readily available. Statistical methods 
are used to infer the completeness, as well as representativeness, of the constructed 
history (see, for example, Albarello et al. 2001). Hazard estimates are based on this 
seismic history and rely on estimating a recurrence rate for different intensity 
thresholds (see, D’Amico and Albarello 2008 for further details).

The SASHA algorithm and the computer code were significantly improved dur-
ing the UPStrat-MAFA project. The most important change was required to accom-
modate procedures to the construction of a seismic history at a site by converting 
epicentral intensities to intensities at the site through either empirical ground motion 
prediction equations (GMPEs) or from physically constrained stochastic simula-
tions of ground motion using seismological knowledge of past earthquakes. This 
requirement led to other innovative studies in the project, such as statistical treat-
ment of spatial decay and distribution of macroseismic intensity data. Although 
GMPEs for instrumental intensity parameters are abundant in the literature, this 
project developed powerful mathematical models to represent spatial attenuation of 
macroseismic intensity.

In this regard, the macroseismic fields were modelled using statistical data depth 
functions (Agostinelli and Rotondi 2016). The challenging task of stochastic attenu-
ation of ordinally scaled, discrete intensity measures was handled. This study 
allowed us to idnentify the most central pattern of the isoseismic contours of a set 
of spatially discrete, macroseismic observations. This study led to a proper mathe-
matical framework for modelling attenuation of macroseismic intensity, thereby 
calibrating GMPEs based on them. The outline of such a framework and the result-
ing GMPEs applicable to the four study areas of the project are reported in Rotondi 
et al. (2016). The probabilistic model of macroseismic attenuation results in prob-
ability distribution of the intensity at a site for a given epicentral intensity.

17  Urban Disaster Prevention Strategies in the UPStrat-MAFA Project: From Risk…



342

Apart from relying on epicentral intensity and attenuation models, stochastic 
methods of ground motion simulation based on physical properties of the earth-
quake source, the propagation path and the properties of the site were also under-
taken to compile a seismic history at a site. In this approach, seismological 
information from past earthquakes was used to simulate ground motion time series, 
from which instrumental intensities were estimated, and then empirically converted 
to macroseismic intensities. Langer et al. (2016) present such an application for the 
case study area of Mt. Etna. Recorded data from weak motions were used to cali-
brate important source and path parameters that were then used to simulate ground 
motion for typical earthquake scenarios. The simulated intensity measures are com-
pared against observed intensity data from past earthquakes. One such example is 
shown in Fig. 17.1, below. Similar studies were also conducted in the Campi Flegrei 
area in Italy (see Galluzo et al. 2016). For the case study in Portugal, source and 
high-frequency decay parameters in the Azores region were calibrated by Carvalho 
et al. (2016). Local site effects in altering ground motion intensity were also thor-
oughly studied in some areas. Path and local elastic site amplification effects on the 
Mt. Etna, Italy and Vega Baja, Spain are presented in Scarfì et al. (2016).

The attenuation models, the site response models and the observed macroseismic 
intensities facilitated creation of site seismic histories, which were then used in 
PSHA using the SASHA code. Azzaro et al. (2016) present seismic hazard maps for 
the Mt. Etna region in Italy based on both isotropic and anisotropic attenuation of 

Fig. 17.1  Distribution of observed intensity from two shallow volcano-tectonic earthquakes in the 
Mt. Etna region compared with the instrumental intensities computed from simulated ground 
motion (from Langer et al. 2016)
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macroseismic intensities. Their results indicate that EMS (European macroseismic 
scale) intensities of as high as VIII can be expected in the region with a probability 
of exceedance of 10% in 10 years, and an intensity of IX may be expected in some 
parts of the area for a 10% probability of exceedance in 30 years. The usefulness of 
the approach developed in this project is even more relevant for the case study area 
of southeast Spain, where earthquake databases are mainly comprised of macroseis-
mic intensities from felt effects. Jiménez et al. (2016) present the application of the 
SASHA methodology to estimate probabilistic seismic hazard in SE Spain. Their 
results indicate that the computed hazard for a 10% and 2% probability of exceed-
ance in 50 years are comparable to maximum observed intensities in the historical 
record, and that highest hazard is expected in the Vega Baja area. In the Lorca 
region, the estimated hazard values corresponding to a 2% exceedance probability 
in 50 years were found to be closer to observed intensities. Jiménez et al. (2016) 
also provide valuable insight on the differences between PSHA results obtained 
from the SASHA method and standard PSHA methods, which place more emphasis 
on source modelling, and discuss the advantages of the former. The application of 
SASHA methodology to seismic hazard assessment in mainland Portugal is 
described in Carvalho and Albarello (2016). Their results provide deep insight into 
the potential earthquakes contributing most to the seismic hazard in mainland 
Portugal. Apart from the effect of the 1755 Great Lisbon earthquake, thought to be 
contributing most in 475 and 975 mean return period hazard over most of the central 
and southern Portugal (see Sousa and Campos Costa 2009), Carvalho and Albarello 
(2016) conclude that smaller, nearby earthquakes might be relevant as well. Their 
results were consistent with what has been understood since the introduction of the 
first Portuguese seismic design code in 1983; two scenarios are relevant, the first 
one being large offshore earthquakes and the other one being close-by, moderate 
magnitude earthquakes.

Similar PSHA was conducted in Iceland using the macroseismic attenuation mod-
els developed in the UPStrat-MAFA project. The main results of the analysis are 
presented in D’Amico et al. (2016a). The resulting hazard maps were found to be 
qualitatively different from previous hazard maps, expressed in terms of PGA with a 
10% probability of exceedance in 50 years, for example, Solnes et al. (2004) and the 
SHARE (Stucchi et  al. 2013) hazard maps. Using a semi-qualitative comparison 
method based on the procedure described in Mucciarelli et al. (2008), it was found 
that the results obtained with the SASHA code are substantially different in most 
parts of Iceland. The hazard estimated using the SASHA method and that reported in 
the SHARE hazard map were in good agreement in the area around Selfoss, but the 
latter predicted a relatively higher hazard in Reykjavik, Akureyri, and Höfn. D’Amico 
emphasizes that use of macroseismic intensities as a measure of hazard can be tricky 
in a country like Iceland, where building tradition has strongly evolved with time, and 
because macroseismic intensities are somewhat affected by building vulnerability, 
the problem of non-stationarity arises. For example, historical earthquakes were more 
damaging in Iceland than more recent earthquakes of similar size (see, for example, 
Sigbjörnsson and Rupakhety 2014). In such a situation, macroseismic intensities are 
time dependent and this non-stationarity needs to be properly modelled.
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17.4  �Risk and Disruption Analysis

Development of disaster prevention strategies based on the level of risk was the 
project’s main objective. Analysis of seismic risk involved (i) estimation of seismic 
hazard, as discussed in the previous section; (ii) evaluation and improvement of 
vulnerabilities of physical elements such as buildings, lifeline systems, with special 
emphasis on strategic structures such as schools, hospitals, etc.; (iii) convolution of 
hazard with exposure and vulnerability to the estimated risk. The project went one 
step further in developing and testing an innovative idea where risk is expressed in 
terms of overall disruption of physical infrastructure, the services they provide and 
their effects on society. Such an overall disruption index would invariably need to 
take into account the interdependencies of different elements of an infrastructure 
and propagation of damaging effects between different elements. This led to the 
idea of adisruption index (Ferreira 2012; Ferreira et al. 2014, 2016; Oliveira et al. 
2012), a new concept of global damage providing a systemic way to measure earth-
quake impact on urban areas and helping in prevention strategies, as well as in deci-
sions for emergency planning and the post-event phases.

Quantification of disruption in this manner is very useful for planning disaster 
prevention strategies based on different levels of risk. In regards to estimating vul-
nerabilities of different physical components, detailed studies were conducted in the 
study areas, and the main results are reported in Sousa and Campos Costa (2016), 
and Rupakhety et al. (2016).

Risk calculation, including the interactions between different elements of the 
infrastructure, was implemented in a GIS compatible computer program called the 
QuakeIST® seismic scenario simulator (Mota de Sá et al. 2016). QuakeIST® runs 
under ArcGIS, ArcView or other open source GIS and is used for estimating poten-
tial losses and propagation effects from earthquakes. This platform was used for 
estimation of disruption index (DI) in the Mt. Etna area in Italy, and the Azores 
Islands, Lisbon and Algarve in Portugal, and the Lorca region in Spain. In this paper 
we discuss the DI application to the Mt. Etna and Algarve regions, while we present 
risk education and information strategies that were used in all the test areas.

17.4.1  �Mt. Etna Pilot Area: 1914 Earthquake Scenario (Mw 5.3)

The lower eastern flank of the volcano faces significant seismic risk. It is a dense 
urban area with 28 municipalities with a total population of about 400,000 inhabit-
ants and contains much critical infrastructure and many lifelines.

The DI for this case study area is estimated for the seismic scenario equivalent to 
the May 8, 1914, Mt. Etna Earthquake. The damage data used includes residential 
buildings, hospitals, schools, police stations, lifeline services (electricity, water, gas, 
wastewater) and roads. The data about buildings were extracted from the 1991 and 
2001 Italian National Institute of Statistics (ISTAT) census. The data are grouped 
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according to the census sections, and the vulnerability indices were evaluated using 
the approach proposed by Lagomarsino and Giovinazzi (2006). The ISTAT data on 
residential buildings allows for the definition of the frequencies of groups of homog-
enous structures with respect to a number of typological parameters: vertical struc-
tures, age of construction, number of storeys, state of maintenance and state of 
aggregation with adjacent buildings. This information was applied at the levels of 
municipal territories and supplemented with a large quantity of data collected by the 
local civil defense protection as part of the Lavori Socialmente Utili (Cherubini 
et al. 1999) project. Regarding the lifelines, electricity main lines were considered. 
High voltage power lines and their related pylons were mapped into the geographic 
information system, together with the positions of high and low voltage substations. 
A dense network of roads connects the villages, and the Messina-Catania main road 
runs along the coast on the eastern flank of the Mt. Etna volcano. These roads were 
included in risk analysis. Locations and vulnerabilities of bridges were also consid-
ered. Further details on the vulnerability and computed risk can be found in D’Amico 
et al. (2016b).

The final level of DI was based on the propagation effects of the earthquake 
impact that are produced by functional disruption (i.e., of human needs), as estab-
lished using the DI rules (see Ferreira et al. 2016). A typical example of the evolu-
tion of disruption from damage to different physical elements is in Fig. 17.2. More 
detailed results are presented in Meroni et al. (2016). The results provide a holistic 
picture of earthquake effects and are, therefore, very useful for earthquake pre-
paredness planning and for developing strategies to minimize seismic risk.

17.4.2  �Algarve Pilot Area: 1755 Earthquake Scenario (M8.7)

The Algarve region was selected to demonstrate the application of DI in estimating 
earthquake impact. In this application, detailed information on the geological sur-
face layers, building inventory and population was used. Local site effects were 
included in hazard assessment, and building stock vulnerability was defined for 55 
different classes of structures (Ferreira et  al. 2016). A vulnerability index was 
assigned to each building typology using the approach of the EMS-98 scale to cal-
culate expected damage in buildings. The calculations of DI were performed using 
the QuakeIST® software. The first level of analysis of the QuakeIST® software is 
based on obtaining intensity (or PGA) distributions (Fig. 17.3) and estimating spa-
tial distribution of the losses (building and lifeline damage) throughout the region of 
interest. The second level of analysis is intended to propagate effects and earthquake 
impacts using the DI formulation (Figs. 17.4 and 17.5). The scenario hazard taken 
for this application corresponds to the strongest earthquake that hit the region in 
1755 (Modified Mercalli Intensity IX-X).

It is important to notice that, despite high exposure and vulnerability of building 
and facilities to earthquakes, the propagation effects and the number of chain dis-
ruptions must be underlined in risk scenarios studies. According to Figs. 17.4 and 
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17.5, the 1755 earthquake scenario (not including the possible tsunami) has high 
potential to cause disruption on infrastructure and production capacity in the entire 
Algarve region and, consequently, on the national level.

Evaluation of risk and inferring consequent urban disruption allows formulation 
of proper strategies to manage and reduce risk. This holistic approach also allows 
identification of weak links that contribute most to the disruption of an urban sys-
tem, thereby allowing for optimal and efficient mitigation. It also allows for the defi-
nition of priorities and actions to reduce vulnerability of these weak links so that the 
overall disruption can be reduced. In addition to this information, risk importance 
measures (from the risk analysis field) are defined to evaluate the importance that a 

Fig. 17.2  Scenario of the 1914/05/08 earthquake and the evolution of disruption index evaluation 
for Mt. Etna area. The physical elements considered here are buildings, power supply, schools and 
water supply, and the expected functional disruption in education (the bottom left), as well as the 
overall DI (bottom right)
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feature can play in further reducing the risk. One proposed risk importance mea-
sure, called the risk reduction worth (RRW), is useful for prioritising feature 
improvements that can be most beneficial in reducing the overall risk. The other 
important measure, called the risk achievement worth (RAW), is useful for prioritis-
ing the most important features in reliability assurance and maintenance activities 
(Ferreira et al. 2016, Mota de Sá et al. 2016).

17.5  �Risk Education Strategies

Portugal, Iceland and Italy are regions where seismic hazard resides in both histori-
cal and personal memories. Earthquakes implant their consequences into the roots 
of societal groups and yield different answers to disaster prevention strongly 
depending, among other things, on cultural and economic factors (Jóhannesdóttir 
and Gísladóttir 2010). Furthermore, education and information are fundamental in 
raising awareness of need of the prevention and allowing choices to be made to 
reduce risk due to natural disasters and improve resilience of communities (Muttarak 
and Lutz 2014; La Longa et al. 2012).

The great potential of education as a disaster prevention strategy is in stark con-
trast to the apparent lack of preparedness in school curricula worldwide (Komac 
et al. 2013). Bearing this in mind, the UPStrat-MAFA project relied on strategies 
that started from the assessment of information accessibility at school and within 
selected vulnerable groups (i.e. hospitals) (Bernharðsdóttir et al. 2016), including 
the analysis of compulsory school curricula (Musacchio et al. 2015a) and developed 
different ways to address the population for the dissemination of information in 
each of the participating countries (Musacchio et al. 2015a, b). The idea is to turn 
risk management from a bet to a choice.

Risk education is a long-term process that passes from knowledge, through 
understanding, to choices and actions that place preparedness and prevention over 

Fig. 17.3  MMI distribution in the Algarve region corresponding to the 1755 earthquake scenario
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recovery. We could argue that strategies for prevention that encompass child and 
adult education represent a bottom-up approach to building a more resilient society. 
Clear, transparent and reliable information plays a crucial role in building trust in 
scientific institutions. That, in regards to risk reduction, is a ground level approach 
having great potential for effectiveness (Musacchio et al. 2015a).

The condition of education in state plans is a mirror of what any society consid-
ers to be valuable for its growth. Analysis of compulsory school education in Italy, 
Portugal and Iceland reveals a crucial weakness in the age at which seismic hazard 

Fig. 17.4  Impact on mobility, function of assessment of physical damages to building stocks and 
bridges. According to DI methodology, the impact on mobility is equal to II and III
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and risk are addressed. It is not addressed early enough and lacks in-depth informa-
tion, suitable textbooks and in-depth studies.

Early age education is considered to be a great opportunity to trigger the non-
cognitive side of awareness and to imprint mind behaviours that will be recalled in 
a dangerous situation. On the other hand, an in-depth understanding of the subject 
is lost by not teaching seismology related topics within the latter years of compul-
sory education. Textbook analysis confirmed that a major concern is the many mis-
takes that can lead misconceptions being passed on to students (Musacchio et al. 
2015a; Oldershaw 2004; King 2010, Benton et al. 2012, Komac et al. 2013).

School education needs to be more efficient regarding seismic and volcanic haz-
ards. Above all, we found a compelling argument for lowering the age at which 
hazard education should start to raise interest in the subject and to transfer knowl-
edge on safety measures. Moving from this evidence, we have taken actions for 
earthquake hazard education, which encompasses various tools that are attractive 
for children. Hands-on and learn-by-playing approaches are among the best choices 
to raise the interests of children (Piangiamore et al. 2015). The development of the 
Treme-Treme videogame (Musacchio et al. 2015a) was thought to be an attractive 
learning tool to capture attention of digital native generations. The game (Fig. 17.5) 
focuses on do’s and don’ts for earthquake shaking and allows children to think 
about what might be useful in the case of an evacuation.

Fig. 17.5  Estimation of disruption index (DI) for the Algarve region. Direct damages to the physi-
cal elements are shown in the left panel. Incorporation of interaction (propagation) effects results 
in impact in different sectors as shown in the three top diagrams on the right panel. The overall 
disruption index is shown in the bottom right

17  Urban Disaster Prevention Strategies in the UPStrat-MAFA Project: From Risk…



350

Besides schooling, risk education of the general public was addressed using 
audio-visual products (Fig. 17.6). They were strongly linked to the social, historical 
and cultural background of each country. Five videos were produced to raise aware-
ness of seismic hazards in Lisbon, The south Iceland lowland, Naples, and Catania, 
which are all prone to earthquake disasters.

“Voices of earthquake preparedness” is a 29-min-long video that outlines the 
preparedness and security measures addressing earthquakes in Portugal, Iceland 
and Italy. The video contains voices of experts who describe earthquakes, referring 
to the scientific aspects, as well as personal views and experiences of disruptive 
earthquakes.

“Campi Flegrei” (10-min long) and “Mount Etna” (13-min long) are videos that 
highlight how the beauty of landscape and the richness of soil can overwhelm the 
awareness of natural hazards in Italy. In Pozzuoli (Naples), the video shows how 
only when people living in the calderas experienced the bradyseisms did they 
become aware of the hazard they were living with.

“Before it’s too late” is a 16-min-long video that focuses on memories, experi-
ences and the cultural views of people. Street interviews in the city of Lisbon were 
used to explore laypeople’s concerns, and experts’ suggestions are used to dissemi-
nate prevention.

“Hveragerði... in compliance with nature” is a 14-min-long video that explains 
how the inhabitants in this seismically active place have learnt how to live with 
earthquakes. The effects of the 2008 earthquake that hit the town of Hveragerði are 
shown, with an emphasis on the damages due to building contents and lack of 
preparedness.

Once scientific achievements are pursued and communication tools are set up, 
they need to undergo dissemination that has to be adjusted to different types of pub-
lics, namely, peer experts and laymen. The UPStrat-MAFA project placed a strong 
emphasis on dissemination, providing participation in and promotion of a wide 
range of events (Table 17.1). Of particular importance are the many scientific papers 
published in a special issue of the bulletin of earthquake engineering (Sigbjörnsson 
et al. 2016).

The tools developed for the dissemination of the scientific results were leaflets, 
newsletters, a layman’s report and a multimedia platform (Musacchio et al. 2015b). 
They were all made available on the Internet and were freely downloadable. The 

Fig. 17.6  Videos screenshots. Left to right: “Campi Flegrei”, tourists at the Solfatara muds; 
“Mount Etna”, steep slope landscape related to the Timpe fault system; “Before it’s too late”, street 
interviews; “Hveragerði... in compliance with nature”, a child describing his experience of the 
2008 earthquake
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Table 17.1  Dissemination channels grouped according to the type of audience

Research Layman Schools

6/2/2012: Kick-off meeting, Brussels http://
ec.europa.eu/echo/en/funding-evaluations/
financing-civil-protection-europe/selected-
projects/urban-prevention-strategies

2012- on: 
Contribution to the 
permanent exhibition 
in the city of 
Heveragerdi, Iceland

19–20/8/2012: ESC- European Seismological 
Commission 33rd General Assembly, Moscow, 
Russia,
10 September 2012 – Meeting FNEP, Milano, 
Italy
24–28/9/2012: 15th WCEE World Conference on 
Earthquake Engineering, Lisbon, Portugal

24–28 /9/ 2012: 
15th WCEE World 
Conference on 
Earthquake 
Engineering, 
Lisbon, Portugal

21–22/3/2013 SYNER-G Systemic Seismic 
Vulnerability and Risk Analysis for Buildings, 
Lifeline Networks and Infrastructures Safety 
Gain, Workshop, Milano, Italy

6–10 /5/ 2013: 
ScienzAperta, 
Catania, Italy

16–18 4/2013: Final Workshop of the European 
Dr. House project, Alessandria, Italy

6–10 /5/ 2013: 
ScienzAperta, 
Catania, Italy

12–13 /5/2013: 
Pre-alpine 
Geophysical 
Observatory open 
doors, Varese, Italy

17–19/6/2013: ICEGE - International Conference 
on Earthquake Geotechnical Engineering, 
Istanbul

12–13 /5/2013: 
Pre-alpine 
Geophysical 
Observatory open 
doors, Varese, Italy

14–16 /5/ 2014: 
ScienzAperta, 
Milano, Italy

23–26/7/2013: UPStrat-MAFA 3rd General 
meeting, Selfoss, Iceland

23–26 /7/2013: 
UPStrat-MAFA 
3rd General 
meeting, Selfoss, 
Iceland

30 May – 21/6/ 2013: 
International 
Earthquake 
Engineering and 
Engineering 
Seismology graduate 
summer course, 
Selfoss, Iceland

11–15/8/2013: StatSei-8 - 8th International 
Workshop on Statistical Seismology, Beijing
11–14/12/2013: UPStrat-MAFA 4th General 
Meeting, Catania, Italy

11–14/12/ 2013: 
UPStrat-MAFA 
4th General 
Meeting, Catania, 
Italy

20/11/ 2013: 
Treme-Treme test, 
Escola Básica com 
Jardim de Infância de 
Setúbal, Setúbal, 
Portugal

(continued)
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multimedia platform (Fig. 17.7) has also allowed us to walk through the doorway of 
households and schools to reach a wider audience. This platform contains informa-
tion on four major topics: (1) probabilistic macroseismic attenuation, (2) seismic 
hazard assessment, (3) seismic risk assessment and (4) disaster prevention strate-
gies. The platform includes interactive contents, videos, images and hyperlinks to 
raise knowledge in an accessible way. The user can take notes and screenshots and 
save them to a file. A whole section is devoted to the knowledge of the territory, 
describing the geologic and seismological settings as the ground level motivation to 
implement strategies towards natural disaster prevention. The multi-level contents 
of the platform highlight where the seismicity occurs and its different characteris-
tics in each region, providing details on the most recent damaging earthquakes. The 
users can find information on the three strategies used for seismic hazard computa-
tion: deterministic, statistical and the hybrid approach.

Table 17.1  (continued)

Research Layman Schools

14/7/2014: Meeting with a Korean Delegation, 
Milano, Italy

8/7/2014: 
Pre-alpine 
Geophysical 
Observatory open 
doors, Varese, Italy

21/3/ 2014: 
Treme-Treme test, 
Colégio Amor de 
Deus, Cascais, 
Portugal

24–29/8/ 2014: 2ECEES, Istanbul, Turkey

15–19/9/2014: IAEG XII Congress, Torino, Italy 8 /6/2014: Pre-alpine 
Geophysical 
Observatory open 
doors, Varese, Italy

6–7/11/2014: Videojogos2014 (Conference of 
Science and Art of Video Games), Barcelos, 
Portugal
26–28/11/2014: JPEE Congress, Lisbon, Portugal

Fig. 17.7  Home page of the multimedia platform (left) and a page of the project results relating to 
Italy (right)
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A special section of the platform is devoted to prevention strategies based on the 
level of risk. For example, the Algarve region in south Portugal is a densely popu-
lated area where tourism can triple the population. Here, maps of the disruption 
index allow stakeholders to visualize those facilities that are most prone to suffering 
damage. It is also shown how a disruption index scenario for Mt. Etna highlights, 
for example, how contaminated drinking water might pose a serious health threat 
for the local population. The worse impact scenario concerns housing and empha-
sizes the need for semi-permanent housing. Significant displacements of residents 
might affect traffic patterns, and change school locations, business and commerce. 
Therefore, the results provide a host of useful information for local government 
officials, which they can use for disaster preparedness and policy recommendations 
to raise earthquake resilience.

17.6  �Conclusions

Disaster prevention strategies need to take into account the level of risk and imple-
ment efficient management planning, but they must take into account that risk is a 
holistic issue. The Upstrat-MAFA project addressed a wide spectrum of factors 
related to volcanic and seismic hazard risk and its mitigation in Italy, Portugal, 
Iceland and Spain. Several innovative developments were achieved in the project. 
Use of macroseismic intensity data to define seismic hazard and its coherent proba-
bilistic treatment was one of the successful innovations of the project. This led to the 
development of ground shaking intensity models in the study areas that were subse-
quently used in hazard assessment. The resulting hazard maps provided valuable 
insight on the level of expected shaking during future earthquakes, helped identify 
the relevant hazardous scenarios and highlighted the conformity and differences in 
the results compared to those based on conventional hazard estimates using instru-
mental intensities. This project also provided a platform to research and reviewed 
the exposure and vulnerability of different physical elements of urban infrastruc-
ture. Based on existing reports, as well as additional analytical modelling, as in the 
case of Portugal, vulnerabilities of different elements were identified and docu-
mented. Incorporation of hazard, exposure and vulnerability allowed for the estima-
tion of seismic risk expressed in terms of expected damage.

One of the most important contributions of this project is the innovative approach 
of using a holistic definition of risk. Whereas expected damage to different elements 
can be individually estimated based on the expected hazard and their vulnerability, 
the overall impact on society is a very complex interaction of these damages and the 
loss of functions they induce. In this sense, damages to various physical elements 
result in loss of various functions, which cascades and propagates into different sec-
tors of societal needs, creating a complex scenario of the disruption of society. The 
concept of the disruption index (DI) developed in this project is an innovative tool 
that considers such interactions, and cascading effects, models risk in a holistic way 
and evaluates the overall disruption by integrating the damages and loss of functions 
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of different physical elements. This tool was successfully implemented in the case 
study areas, and the results indicated that it could be very useful to understand and 
communicate the overall impact of natural disasters. Furthermore, since the overall 
disruption is derived as an integration of disruption of different services, which are 
a result of damage to different physical elements, the DI allows analysts to identify 
weak links in the infrastructure and take necessary steps to strengthen, retrofit or 
provide back up for the most critical physical elements. In this sense, it is useful for 
planners and policy makers to understand the most optimal and efficient interven-
tion strategies for disaster risk reduction.

This project placed a strong emphasis on education and communication of risk. 
Levels of education regarding seismic hazard and risk in the study areas were stud-
ied in detail and several weaknesses were identified. The idea of a bottom-up educa-
tion strategy was tested and applied, and various educational tools, from video 
games aimed at children to educational videos aimed at adults, were produced and 
disseminated. The results and achievements of the project were widely distributed, 
directed towards both the lay population and experts such as seismologists, engi-
neers, planners, policy makers, risk communication experts, social scientists etc. 
The project was a very successful collaboration of a multi-disciplinary team of 
experts and resulted not only scientific advancements in the areas of seismic risk 
and hazard, but also very useful tools and strategies, both for the lay population and 
local governments for understanding, communicating and reducing risk due to seis-
mic and volcanic hazards in the study areas. The methods and tools developed in 
this project are based on sound research and validation and can be useful for other 
areas as well.
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Chapter 18
Is Perception of Earthquake Effects Gender 
Dependent?

Ragnar Sigbjörnsson, Sólveig Ragnarsdóttir, and Rajesh Rupakhety

Abstract  This paper addresses the question of whether or not the perception of 
earthquake effects is gender dependent. The case considered is the south Iceland 
earthquakes of June 2000. This includes two moderate-sized, shallow, strike-slip 
earthquakes with high peak ground acceleration in the epicentral area. After the 
earthquakes, a survey on earthquake intensities was carried out by the Earthquake 
Engineering Research Centre of the University of Iceland. The survey also included 
questions addressing safety issues and demographic information. The data dealt 
with herein cover 249 respondents in the epicentral area. In the analysis presented 
herein, emphasis is placed on the following questions: Did you manage to seek 
shelter inside a house during the earthquake? Did you manage to keep your bal-
ance? How long did it take you to recover? The main finding is that the data indicate 
a tendency towards gender-dependent perception of earthquake effects, which in 
some cases appears to be statistically significant. In particular, the time taken to 
recover seems to be very different between male and female respondents. The 
results also indicate that female respondents are biased towards higher estimation of 
felt earthquake intensity, while the opposite is true for male respondents.

Keywords  South Iceland earthquakes • Macroseismic intensity • Earthquake per-
ception • Residential safety
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18.1  �Introduction

Human perception of earthquake effects is an important field of research of practical 
application in devising preventive measures, risk mitigation, decision-making, and 
risk management. In the present study, the term “earthquake risk perception” refers 
to the judgement of laypersons on felt effects caused by seismic actions. This issue 
is addressed in more detail by Slovic et al. (1982), Slovic (1987), and Slovic et al. 
(2004). Observations on seismic risk perception can provide useful information 
about potential measures of coping with earthquake-induced effects and their conse-
quences (see, for instance, Lindell and Perry 2000). Studies have revealed that per-
ceptions of earthquake risk may be influenced by earlier personal experience, and, 
furthermore, systematic investigations have shown variation in human perception 
during seismic sequences (Cucci and Tertulliani 2007). In addition, gender depen-
dence in risk perception has been found in several studies (Fothergill 1996; Gustafson 
1998; Greenberg and Schneider 1995). In fact, Kung and Chen (2012) state in their 
investigation on earthquake risk; “[g]ender is one of the most important demographic 
variables for research of risk perception.” These findings underline the importance of 
further study into the gender dependence of earthquake risk perception for various 
seismic regions covering different cultural and societal environments.

The human perception of earthquakes, from the seismological point of view, is 
closely connected to the development and application of macroseismic intensity 
scales used to assess and quantify earthquake effects (see, for instance, Wood and 
Neuman 1931; Grünthal 1998; Musson 2000, 2006). How the macroscopic intensi-
ties are related to ground-motion intensity measures are discussed, for example, in 
Sigbjörnsson et al. (2007).

This study analyses human perception of risk during two moderate-sized earth-
quakes in Iceland, an island in the North Atlantic Ocean inhabited with people, 
largely originating from Scandinavia and characterised by high standard of living. 
The built environment is dominated by earthquake-resistant buildings and modern 
infrastructure systems. In most cases, the building stock can be described as low-
rise, especially in earthquake-prone regions.

Iceland is seismically active, with a history of damaging earthquakes that goes 
far back in time. Even though earthquakes have caused widespread damage through 
the centuries, the number of fatalities due to earthquakes is small, only roughly one 
hundred persons during the last millennium. The seismic activity in Iceland is attrib-
uted to the boundaries of diverging tectonic plates, the North American Plate and 
the Eurasian Plate. Shift in this boundary results in two major transform faults, or 
fracture zones, in Iceland, one in the south, the South Iceland Seismic Zone, and 
other in the north, commonly called the Tjornes Fracture Zone. All major damaging 
earthquakes in Iceland have originated within these two zones. Outside these two 
major earthquake areas, there is significant seismic activity that is most commonly 
related to the spreading zones and to volcanoes.

In the south Iceland lowland, the historic earthquakes of 1896, along with the 
destructive 1912 earthquake, are the most noteworthy, instrumentally recorded 
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events. A detailed description of the damaging effects of the 1896 earthquakes (see, 
for example, Sigbjörnsson and Rupakhety 2014) adds to the value of the recordings. 
A damaging, south Iceland earthquake sequence, comparable to the 1896 earth-
quakes, occurred in June 2000. The sequence began at 15:41 on 17 June 2000, with 
a moment magnitude of 6.5, whose epicentre was just north of the rural village of 
Hella. It was followed by major seismic activity throughout the entire South Iceland 
Seismic Zone and the Reykjanes Peninsula. The second earthquake in the sequence, 
which exceeded magnitude 6, occurred on 21 June at 00:52. The moment magnitude 
was assessed to be 6.4 and the epicentre was approximately 17 km west of the epi-
centre of the first event.

The June 2000 earthquake induced widespread damage (Sigbjörnsson and 
Ólafsson 2004). However, major damage was mostly limited to the epicentral region 
of the two biggest events. The elliptically shaped damage areas around the main 
causative faults stretch out towards the north and south from the epicentres. It should 
be noted that the borderlines of these areas are less than 20 km from the causative 
faults. A significant proportion of the damage in the first earthquake occurred in the 
rural village of Hella, situated no more than 5 km from the southern end of the caus-
ative fault. The latter earthquake also caused a great deal of damage to buildings in 
the epicentral area, but this was mostly confined to individual farms, groups of sum-
mer cottages, and utility and communication systems. Considerable damage was 
caused to equipment, household articles, and objects inside buildings, both in indi-
vidual dwellings and on company premises. It is worth noting that very heavy 
objects moved out of place, slid or toppled, indicating that horizontal, as well as 
vertical, acceleration was considerable, a finding which is fully supported by accel-
erometric recordings from the Icelandic Strong Motion Network. Details and indi-
vidual recordings are available on-line (Ambraseys et al. 2004; to obtain data, see, 
http://www.ISESD.hi.is).

No serious accidents occurred during the earthquakes, but many things indicate 
that good fortune had a great deal to do with this (Ákason et al. 2006a, b). In this 
context, it is worth pointing out that the first earthquake occurred on Iceland’s 
National Day, 17 June, when many people were gathering outdoors or in well-built 
assembly houses. There were, however, several physical injuries, which were all 
classified as medically minor. Based on historical experience, the 21 June event was 
expected and people had prepared for it, for instance, by fixing or removing indoor 
objects that could fall or topple and cause danger to occupants.

The objective of this study is to address the question of whether or not perceived 
earthquake effects are gender dependent. Furthermore, we aim to study whether or 
not such dependence might influence macroseismic intensities obtained by public 
surveys (Sigbjörnsson and Ragnarsdóttir 2008). This is based on survey data col-
lected after the June 2000 earthquakes. In the following, the sample, research area, 
and main results are outlined.

18  Is Perception of Earthquake Effects Gender Dependent?
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18.2  �Methodology, Research Area, and Sample

The elements of the model applied in earthquake effects analysis are summarised in 
Fig. 18.1 in a simplified way indicating three basic variable groups. These distinct 
variable groups are:

	A.	 Seismic variables containing information on the earthquake and the propagation 
of seismic waves from the source to the site. Here, the basic variables are earth-
quake intensity quantified using the Modified Mercalli Intensity, MMI (see, for 
instance, Wood and Neuman 1931), the peak ground acceleration quantified as 
a fraction of g (g being the acceleration of gravity), and distance from source to 
site given by the shortest distance to the causative fault (rather than the epicen-
tral distance).

	B.	 Built environment variables containing information on building types, building 
material, building age, and location.

	C.	 Human or individual variables referring to the individual person. In this study, 
the basic variables in this group are gender, age, and location.

The objective of the modelling process is to relate state variables, termed herein the 
derivative variables, to the basic variables through quantitative models to enhance 
the understanding of the underlying processes.

The application of the MMI scale was an attempt to preserve continuity with 
earlier studies and a recognition of the fact that the bulk of intensity data collected 
in Iceland so far are according to the MMI scale. However, the survey also included 
information relevant to the European Macroscopic Scale, or EMS (Grünthal 1998; 
Musson 2000). The numerical values of these two scales in the study area did not 
seem to be much different.

The research area is defined by a borderline at a 20 km distance from the caus-
ative fault of each event. Within this area, the mean value of the resultant peak 
ground acceleration is 0.59 g, with a standard deviation of 0.28 g, minimum value 
of 0.21 g, and maximum value of 1 g. The obtained earthquake intensity, applying 
the Modified Mercalli Intensity scale, is in the range IV to X, reflecting great vari-
ability, as do the strong-motion recordings. The earthquake intensity is a holistic 

Fig. 18.1  Elements of the 
earthquake effect analysis 
represented as a triangle 
indicating the three basic 
variable groups
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measure of the earthquake’s action and perceived effects. In an earlier study, it was 
found that the earthquake intensity measure (MMI) correlates better with rotation-
invariant, strong-motion amplitudes than with the amplitudes of individual accel-
eration components. Such quantities are, e.g., the resultant acceleration and the first 
invariant of the Arias intensity tensor (Sigbjörnsson et  al. 2007). The problem 
regarding the invariance of the earthquake response spectrum and strong-motion 
duration is dealt with in detail by Rupakhety and Sigbjörnsson (2013, 2014).

The sample of informants was derived from a random sample of 168 residential 
buildings augmented by houses hosting strong-motion stations. In all cases, the 
dwellings are low-rise, single-family houses located in rural areas. The construction 
materials are cast-in-situ concrete, timber, and masonry constructed with pumice 
blocks. The sample of houses was also selected to ensure that it would reflect fun-
damental geographical and structural qualities with regard to the nature of the build-
ing stock in the area. These included:

	1.	 geographical distribution
	2.	 age distribution
	3.	 distribution of building types and building material

The foundation conditions are judged rock or firm soil in most cases. The basic 
information on the informants is summarised in Table 18.1. In all cases, emphasis 
was placed on respondents that were inside their houses during the earthquakes.

18.3  �Survey

A questionnaire was used with an emphasis on the perceived earthquake intensity, 
location (i.e. the distance to causative faults), respondents’ sex and age, as well as 
where they were when the earthquakes struck. In addition, the analysis addresses 
explicitly the following safety related questions:

	1.	 Did you manage to seek shelter inside a house during the earthquake?
	2.	 Did you manage to keep your balance?
	3.	 How long did it take you to recover?

Table 18.1  Characteristic values for the age of respondents in the 2002 survey

All Male Female

Number of respondents 249 122 127
Mean age (year) 54.3 57. 5 51.2
Median age (year) 52 56 48
Standard deviation (year) 14.5 13.7 14.6
Maximum age (year) 87 87 82
Minimum age (year) 23 30 23
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The questionnaire was administrated via telephone by reading the questions for the 
individuals in the preselected sample. The earthquake intensity was treated uni-
formly by applying the MMI scale, which was read for the respondents. The survey 
was carried out 2 year after the earthquakes.

18.4  �Results

In the official guidelines issued in Iceland regarding how to act during an earth-
quake, it is recommended that people inside a house seek shelter by “moving to a 
safe place” indoors. In view of this recommendation, it is interesting to look at the 
responses to the question:

Did you manage to seek shelter inside a house during the earthquake?
The options given in the questionnaire were the following five activities:

	1.	 I did not think of seeking shelter
	2.	 I assumed there was no danger and therefore I did not seek shelter
	3.	 I sought shelter and I succeeded in seeking shelter
	4.	 I could not move
	5.	 I judged that moving might have caused injuries

The responses to this question are summarized in Fig. 18.2. It can be observed that 
the most frequent male responses was not to think of seeking shelter, while the 
females responded predominantly by seeking shelter. A two-sample t-test was per-
formed to whether the male and female responses are statistically significant. This 
resulted in a t-statistic of 2.41 with a p-value of 0.02, which means that the differ-
ence in male and the female responses is statistically significant at a 2% confidence 
level. It is also noteworthy that a similar proportion of males and females could not 
move during the earthquakes. The reason is, at least partly, due to the high accelera-
tion and violent movements in some of the buildings close to the causative faults.

Another safety related issue is how people manage to keep their balance during 
earthquakes and whether or not they fall because of the shaking. An uncontrolled 
and unexpected fall is a potential threat that may cause injuries, which we have 
examples of from the 17 June 2000 earthquake. The ability of respondents to main-
tain balance during the earthquakes was assessed by the following question.

Did you manage to keep your balance?
The options given in the questionnaire to answer this question were:

	1.	 I kept my balance
	2.	 I was close to falling
	3.	 I kept my balance by leaning on something
	4.	 I fell
	5.	 I was sitting but fell when I tried to stand up
	6.	 I was sitting and did not try to stand up

R. Sigbjörnsson et al.
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A summary of the responses to this question is presented in Fig. 18.3. It seems that 
the female respondents admit to falling or having difficulty keeping their balance 
more often than the males. The t-statistic in this case was 0.24 with a p-value of 
0.81. This indicates that the difference in overall responses of the males and females 
is more likely due to random chance than being statistically significant.

It is generally recognised that an earthquake is a threatening event that often has 
significant psychological stress-related effects and traumatic injuries that may take 
time to heal. Reflecting on this, the following question was incorporated in the 
questionnaire.

How long did it take you to recover?
The options given defined the following simplified time or recovery scale:

	1.	 I was not scared and I did not need any time for recovery
	2.	 I recovered early on
	3.	 It was considerable time to recover
	4.	 I have not fully recovered, which implies at least a 2-year period after the earth-

quake struck

A summary of the responses to this question are presented in Fig. 18.4. The results 
show that females admit more frequently than the male respondents that they have not 
fully recovered 2 years after the earthquakes. It is also observed that about 1/3 of the 
females had not recovered when the survey was carried out. The t-statistic in this case 
was found to be 2.3 with a p-value of 0.001. Since the number of responding samples 
for each of the four possible answers is larger than five for both males and females, a 
chi-squared test of independence was also performed with the null hypothesis that 

Fig. 18.2  Response to the question: Did you manage to seek shelter inside a house during the 
earthquake? Total number of respondents is 143; number of males is 65 and number of females is 
78
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recovery time is independent of gender. The χ2 statistic was 16.5. With a degree of 
freedom equal to three, its probability of being exceeded (p-value) is equal to 0.001, 
which implies that the difference in recovery time between males and females is more 
likely to be statistically significant than being due to random chance.

Fig. 18.3  Response to the question: How did you manage to keep your balance? Total number of 
respondents is 128; number of males is 61 and number of females is 67

Fig. 18.4  Response to the question: How long did it take you to recover? Total number of respon-
dent is 185, number of male is 94 and number of female is 91

R. Sigbjörnsson et al.



365

Further analysis of the data reveals a weak but significant correlation between 
recovery time and earthquake intensity as indicated in Fig. 18.5. The overall corre-
lation is about 0.33, slightly higher for the male respondents and somewhat lower 
for the females. Furthermore, there is a weak, positive association between recovery 
time and age, which implies that older people need a longer time to recover than 
younger ones. The correlation is about 0.25 and statistically significant at a 5% 
confidence level. In this context, it should be stressed that the respondents partici-
pating in the survey were all adults (see Table 18.1). Furthermore, it is worth point-
ing out that psychological questions were addressed in another survey (Bödvarsdottir 
and Elklit 2004), leading to comparable results.

The results presented above suggest that there might be some gender-dependent 
perception of earthquake effects. Therefore, it was decided to investigate whether or 
not the assessed earthquake intensities depend on the gender of the respondents. 

Fig. 18.5  Frequency distribution of recovery time and earthquake intensity. (a) All respondents: 
Correlation between recovery time and earthquake intensity is Pearson’s r equal to 0.3273 
(p < 0.0001). (b) Male respondents: Correlation between recovery time and earthquake intensity is 
Pearson’s r equal to as 0.3421 (p = 0.0018). (c) Female respondents: Correlation between recovery 
time and earthquake intensity is Pearson’s r equal to 0.2972 (p = 0.0070). Total number of respon-
dent is 162, number of males is 81, and number of females is 81
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The results of the analysis are displayed in Fig. 18.6. It can be seen that the fre-
quency of intensities above seven (MMI ≥ VII) are assessed more often by females 
tend than those by males, while the opposite is true for smaller intensities. On aver-
age, the mean intensity assessed by females is slightly greater than the mean inten-
sity assessed by males. A two-sample t-test was performed to test the statistical 
significance of the difference between the MMI reported by males and females. The 
null hypothesis was that males and females access the same intensity. The t-statistic 
was found to be 2.14 with a p-value of 0.03, which means that the difference is 
statistically significant at a 3% confidence level.

The presented data indicate a tendency towards gender-dependent earthquake 
perception, which, in some cases, appears to be statistically significant. This applies, 
in particular, to the question of what to do during an earthquake and the time needed 
to recover psychologically after the earthquake. Finally, the earthquake intensities, 
expressed by the MMI scale, are found to be gender-dependent. The female respon-
dents were found to be biased towards higher intensities while the male respondents 
were found to be biased towards lower intensities. This observation is more appli-
cable at areas close to the earthquake epicentre, where the intensities are larger, in 
this case, MMI VII or higher. It is not clear whether or not the male-assessed earth-
quake intensities are more correct or more realistic than the female assessed ones. 
In this context, it is, however, worthwhile to point out that it is a known tendency of 
males, being traditionally the physically stronger gender, to downplay, in hindsight, 
the strength of threatening events or frightening forces. This male characteristic 
could, hypothetically, lead to an underestimation of earthquake intensities in a sur-
vey of the type dealt with herein. The results are based on limited data and are far 
from being universal for different socioeconomic and seismic environments. 

Fig. 18.6  Histogram of perceived earthquake intensities by males and females. Total number of 
respondents is 161, number of males is 85, and number of females is 76. Mean intensity values 
reported by males and females are 5.81 and 6.26, respectively
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Nevertheless, we believe they are relevant and need to be tested with further research 
after major earthquakes worldwide. Gender issues in this context are important not 
only due to potential bias in estimation of felt earthquake intensities, but also in 
emergency management and planning. If males indeed tend to downplay the adverse 
experiences, and under-estimate time to recovery, and because most people involved 
in emergency management and disaster recovery planning are men, bias towards 
perceived effects and risk could potentially affect decision making.
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Chapter 19
Factors Affecting the Speed and Quality 
of Post-Disaster Recovery and Resilience

Stephen Platt

Abstract  This chapter pulls together insights about post-disaster resilience and 
recovery from a comparison of 10 recent earthquake disasters. Recovery is a com-
plex process that starts immediately after a disaster. In simple terms, it involves a 
return to normality. But recovery is not only about speed; the quality of reconstruc-
tion and the idea of building back better are also important.

To better understand which factors may affect the speed of recovery, data from 
the 10 earthquake events are analysed in terms of 3 exogenous factors that are given, 
and 5 sets of endogenous factors that are within the control of decision-makers and 
planners – authority, decision-making, planning, finance and science.

The somewhat surprising finding is that there appears to be little relation between 
speed of recovery and the exogenous factors of size of impact, population demo-
graphics and economic factors. However, there is a clear relationship between the 
standard of post-disaster management decision-making and both the speed 
(R2  =  0.56) and quality of recovery (R2  =  0.90). The relationship between post-
disaster decision-making and the quality of recovery in terms of whether crucial 
aspects of the society and economy are built back better is striking.

Keywords  Disaster recovery • Resilience • Earthquakes • Recovery speed • Build 
back better

19.1  �Introduction

This chapter pulls together insights about post-disaster resilience and recovery from 
a comparison of 10 recent earthquake disasters. It is aimed at people in earthquake 
engineering who may have focused on understanding hazards or mitigating their 
impact but who would like to know more about long-term recovery after a disaster. 
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The chapter analyses the effect of 8 factors on both the speed and quality of 
recovery.

19.1.1  �Resilience

The word resilience derives from the Latin word resiliens, meaning to rebound. In 
engineering, resilience is defined as a measure of how easily a material returns to its 
original shape after elastic deformation (Hollnagel et al. 2006; Oxford Dictionary of 
Construction, Surveying and Civil Engineering 2013). In ecology, Holling (1973) 
defined resilience as the capacity to absorb shock and linked resilience to the idea of 
systemic stability. The concept of resilience has been used extensively in disaster 
research (Tierney 1997; Comfort 1999; Petak 2002; Bruneau et al. 2003). Zolli and 
Healy (2012, p 7; Aldrich 2012) define resilience as “the critical ability to anticipate 
change, heal when damaged, to reorganize … to maintain core purpose, even under 
radically changed circumstances”. Resilience encompasses a society’s level of pre-
paredness to confront or deal with a disaster and its ability to recover quickly and 
successfully (Alexander 2013a). The UNISDR (2004, p 16), in their global review 
of disaster reduction initiatives, define resilience as “the capacity of a system, com-
munity or society exposed to hazards to resist, absorb, accommodate to and recover 
from the effects of a hazard in a timely and efficient manner, including through the 
preservation and restoration of its essential basic structures and functions”. Bruneau 
et al. (2003) define seismic resilience as the ability of a system to reduce the chances 
of a shock, to absorb such a shock if it occurs, and to recover quickly after a shock. 
They argue that a resilient system is one that shows reduced failure probabilities, 
reduced consequences from failures, in terms of lives lost, damage, and negative 
economic and social consequences, and reduced time to recovery (restoration of a 
specific system or set of systems to their normal level of functional performance).

19.1.2  �Recovery

Recovery is a complex process that starts immediately after a disaster. Recovery is 
defined in this chapter as “the act or process of returning to a normal state after a 
period of difficulty” (Merriam-Webster). Most (lay) people think about disaster 
recovery as a return to normality, although this raises the question of what is normal. 
The normal may not be a return to the status before the event; in fact, this may be 
undesirable. Quarantelli (1999) suggests that the word recovery implies an attempt 
to bring the post-disaster situation to some level of acceptability. Bruneau et  al. 
(2003) include restoration of the system to its normal level of performance in their 
definition of recovery. This conception of recovery as a return to normality is the 
one used in this chapter. But recovery is not only about speed; the quality of recon-
struction and the idea of building back better are also important.
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To try to better understand which factors may affect the speed of recovery, data 
from the 10 earthquake events are analysed in terms of exogenous factors, i.e., those 
factors that are given and are outside the control of decision-makers and planners, 
and endogenous factors, i.e., those factors that are amenable to decision-making. 
The following are the factors considered in this chapter.

19.2  �Methodology

The author has studied recovery in 10 places affected by earthquakes (See 
Table 19.1). This chapter analyses these case studies in terms of the 8 exogenous 
and endogenous factors listed above. Although the disasters are all earthquake-
related, many of the insights would apply to recovery after other types of natural 
disaster, including tropical cyclones, floods, and volcanic eruptions.

19.2.1  �Data Collection

Five types of data collection methods were used in a complementary way to provide 
both quantifiable and qualitative data and to improve the reliability of the evidence 
(See Fig. 19.1). The methodology of measuring recovery and resilience is reported 
in more detail in Platt (2016).

Remote Sensing  Manual and semi-automatic analysis of satellite imagery was used 
to provide accurately quantifiable measures of recovery of relatively small sample 
areas in Pakistan, Thailand, China, and Turkey. Twelve indices of recovery were 
identified, covering transport, housing, shelter, services, environment, and liveli-
hoods (Platt et al. 2016). However, the satellite imagery analysis was partial. The 

Exogenous Factors

	1.	 Size of the disaster: people displaced, deaths, economic loss
	2.	 Demography: age profile of population, birth rate
	3.	 Economy: regional and national annual growth in GDP

Endogenous Factors

	1.	 Authority, leadership and governance
	2.	 Decision-making and window of opportunity
	3.	 Planning: repair or rebuild; master planning urban environment
	4.	 Finance: resourcing recovery and reconstruction
	5.	 Science and engineering: informing decision-making with evidence
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Table 19.1  Data from 10 major earthquakes

Country Name Year Date Mw Displaced Deaths

Loss 
US$ 
bn Size

USA Northridge 1994 Jan-
17

6.7 125,000 61 44 0.1

Iran Bam 2003 Dec-
26

6.6 75,000 26,271 1.5 82

Thailand Indian Ocean 2004 Dec-
26

9.2 1,690,000 276,025 14 3979

Pakistan Kashmir 2005 Oct-
08

7.6 3,500,000 100,000 2.3 1313

China Wenchuan 2008 May-
12

8.0 1,940,000 90,000 75 1393

Italy L’Aquila 2009 Apr-
06

5.8 67,000 309 16 0.7

Chile Maule 2010 Feb-
27

8.8 800,000 550 30 45

New 
Zealand

Christchurch 2011 Feb-
22

6.3 25,000 185 16 39

Japan Tohoku 2011 Mar-
11

9.0 130,927 18,499 235 5502

Turkey Van 2011 Oct-
23

7.1 50,000 604 1 0.4

This table provides a comparison of the scale of the disaster in different countries. Size is measured 
by the formula: Size = deaths * (economic loss/GDP) (Dacy and Kunreuther 1969; Padli et al. 
2010; Suppasri et al. 2016)

Fig. 19.1  Data collection methodology

analysis covered only part of the affected area for specific snapshots over the first 
2 years of recovery.

Interviews  Semi-structured interviews and focus groups were conducted with deci-
sion-makers, planners, stakeholders, and residents. Typically, 30 key informants 
were interviewed in each location and about half of them attended a focus group 
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workshop to explore issues in greater detail. Their perceptions and opinions formed 
the basis of the meta decision analysis reported below. No specialised software was 
used, but interview quotes were coded into a thematic framework using a standard 
ethnographic procedure (See Appendix A).

Surveys  Household surveys of a small sample of residents were used in 6 of the 10 
disaster locations (Chile, Japan, New Zealand, Pakistan, Thailand, and Turkey) to 
collect data about the timing and quality of recovery, plus many other qualitative 
aspects of the process (See Appendix B). Household surveys of 50 households cho-
sen randomly were used to collect data about the timing of recovery. People were 
asked by what percentage different aspects of society (access, debris clearance, 
environmental recovery, schooling, healthcare, mains water, and livelihoods) had 
recovered at given intervals after the disaster. Other resilience factors, such as gov-
ernance, leadership, planning, science, and construction, were derived, in part, from 
published sources and in part from the interviews.

Analysis of Published Material  As much use as possible was made of reports, sta-
tistical data, and documents produced by government departments and international 
agencies. This helped provide baseline data on population, housing, and economic 
activities and was used to validate the extent and timing of various aspects of recov-
ery, for example school and health provision. There was, however, limited data 
about rehousing, business continuity, funding recovery, and regional GDP. Published 
sources also provided data about the impact of the disaster in terms of deaths, dis-
placed persons and economic loss, and pre-disaster resilience attributes, for exam-
ple demography, economic production, and socio-economic factors such as equity 
and education. It would have been most helpful to have obtained published data 
about the timing of recovery, for example about population movements, housing 
and the local economy, but it was extremely difficult to get any useful information.

19.2.2  �Measuring the Speed and Quality of Recovery

Speed of recovery was measured using key informant interviews in every case, as 
well as satellite imagery analysis in Pakistan, Thailand, Turkey, Italy, China, and 
New Zealand. The timings reported by key informants were compared to that from 
remote sensing and were found to correlate closely (Platt et al. 2016).

Five indicators were used to calculate a single measure of the speed of recovery, a 
return to normality, based on the time taken to return and comply with all the condi-
tions listed in Table 19.2. Recovery quality was assessed using data from interviews, 
field observations, and published material. Five indicators were used (see Table 19.3) 
to calculate a measure of quality of recovery based on the concept of building back 
better (Kim and Olshansky 2015). Each indicator was assessed on a 5-point scale in 
terms of whether the recovered state was worse, the same, or better than the pre-
disaster state, and the scores were summed to give a single measure of the quality of 
recovery in each country. This was a similar approach to that adopted by Burton 
(2012 p 3) in research that aimed at measuring the multi-dimensional nature of disas-
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ter resilience; “what set of indicators provide the best comparative assessment of 
disaster resilience and to what extent do these predict disaster recovery”.

19.3  �Exogenous Factors

19.3.1  �Size of the Disaster

There is evidence from historic disasters of a directly proportional relationship 
between the number of fatalities and the years it takes to recover (Kates and Pijawka 
1977). Figure 19.2 plots their data, separating pre and post twentieth-century disas-
ters to reflect the enormous strides in pre-disaster mitigation and preparedness and 
in post-disaster health care and disease control. The graphs show a strong correla-
tion between the number of fatalities and the time to recover (R2 = 0.83 and 0.91).

For the 10 case study events analysed here, there is an obvious relationship 
between the magnitude of the event and its impact as indicated by the trend lines for 
deaths and economic loss in Fig. 19.3. However, the relationship is not that strong 
(R2 ranges from 0.22 to 0.33). Other factors, including the economic wealth of the 
country, the condition of its building stock, and the level of preparedness, affect how 
robust a place is in terms of its capacity to resist an earthquake. Four disasters had 
significantly high deaths tolls: Indian Ocean Tsunami 2004, Wenchuan Earthquake 
2008, Kashmir Earthquake 2005, and the Bam Earthquake 2003. In three of these 
disasters, the main cause was poor building construction. Three disasters had signifi-
cantly high economic losses: Tohoku 2011, Wenchuan 2008, and Northridge 1994.

The question is, does this mean recovery is slower after larger events with bigger 
impacts? Kates and Pijawka (1977) argued that, for historic earthquakes, the speed 
of recovery was principally related to the magnitude of the damage (Fig. 19.2). This 
makes intuitive sense, but does the relationship still hold for current disasters? 
Surprisingly, there is little evidence from these 10 events that the speed of recovery 
is related to the magnitude of the event or the size of its impact (see Fig. 19.4, left 

Table 19.2  Indicators of speed and quality of recovery

Speed indicators Quality indicators

Access Fully restored Scale 1–5
Temporary housing Completely cleared Safety
Permanent housing ≥90% displaced 

rehoused
Amenity

Schooling ≥90% children in school Ecology
Livelihoods ≥90% back in work Housing
Power Fully restored Local economy
Time taken for all above conditions to be met Recovery quality = sum of indicator 

scores

Reduced set of indicators devised by the author to measure speed and quality of recover
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Fig. 19.2  Fatalities and speed of recovery after historic disasters (Source: Kates and Pijawka 1977).
Note the vertical scale of the Pre twentieth century is 10 times larger than that of the twentieth 
century data

Fig. 19.3  Impact of events in terms of deaths and economic loss (axes logarithmic)
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hand graph). Therefore, other factors must account for the wide variation in recov-
ery times. Kates (1977) acknowledged that other factors, including the prevailing 
pre-disaster economic and demographic trends, the resources available for recovery, 
and the quality of leadership, planning, and organization, are also important and 
stated that exceptional performance could reduce recovery time by as much as half. 
This chapter, therefore, seeks to measure the effect of these other factors mentioned 
by Kates on both the timing and quality of recovery.

19.3.2  �Demography and 3 Economy

Two other exogenous variables to be considered are demography and economy. It 
might be expected that a country with a dynamic population, i.e. a high population 
growth rate, would recover quicker. It might also be expected that a wealthier coun-
try with a buoyant economy would have more resources to aid recovery. Finally, a 
country with a more equitable division of wealth might also be expected to recover 
more quickly since a large proportion of the funds for recovery come from indi-
vidual families and local communities. The 10 countries have widely differing 
demographic and economic profiles, and differing levels of equality. Are these dif-
ferences reflected in recovery rates? Table 19.4 presents the data to test this.

There is, however, no relationship between the speed of recovery and any of the 
demographic and economic indicators (See Table 19.5).

It is possible that the exogenous variables interact to produce a combined effect. 
To test this, the three indicators of average annual population growth, annual GDP 
growth, and the GINI equality index can be combined into a single measure of soci-
etal resilience, where

Fig. 19.4  Effect of exogenous factors on the speed of recovery
Size of impact is measured by the formula: Size = deaths * (loss / GDP). (Dacy and Kunreuther 
1969; Padli et  al. 2010; Suppasri et  al. 2016. Resilience is measured by the formula: 
Resilience = Annual Population Growth 2010–2015 * Annual GDP Growth 2010–2015 * GINI 
Index of Equality 2015 (Sources: see Table 19.3)
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	 R P E G= ∗ ∗
	

(R  =  resilience; P  =  population growth; E  =  economic GDP growth; G  =  GINI 
index)

Figure 19.4 shows, surprisingly, that there appears to be no relation between 
speed of recovery and either size of impact of the disaster or the combined resilience 
index of demographic and economic factors.

Table 19.4  Speed of recovery against population growth, economic growth, and equality

Name Year

Av 
Annual 
Pop. 
Growth 
2010–15

Av 
Annual 
GDP 
Growth 
2010–15

Equality 
(GINI 
Index) 
2015 Resilience

Return to 
‘normality’ 
years

Northridge, USA 1994 0.9 4 0.41 1.5 2
Bam, Iran 2003 1.0 7 0.38 2.7 25
Indian Ocean 2004 1.1 6 0.39 2.6 5
Kashmir, 
Pakistan

2005 1.8 9 0.3 4.9 15

Wenchuan, 
China

2008 0.4 9 0.37 1.3 5

L’Aquila, Italy 2009 0.2 −6 0.35 −0.4 20
Maule, Chile 2010 0.9 6 0.51 2.8 5
Christchurch, NZ 2011 1.0 1 0.33 0.3 10
Tohoku, Japan 2011 −0.1 −5 0.32 0.2 12
Van, Turkey 2011 1.1 8 0.39 3.4 5

Sources: Population growth rate: United Nations, Department of Economic and Social Affairs, 
Population Division, GDP growth: World Bank http://data.worldbank.org/indicator/NY.GDP.
MKTP.KD.ZG,GINI Index http://data.worldbank.org/indicator/SI.POV.GINI

Table 19.5  Effect of 
exogenous factors on the 
speed of recovery

Exogenous factor R2

Deaths + missing 0.046
Economic loss US$bn 0.042
Loss/GDP 0.001
Total national population (year of 
disaster)

0.083

Population growth (av. annual) 0.002
Total national GDP (year of 
disaster

0.086

GDP growth (av. annual) 0.093
Regional GDP (year of disaster) 0.179
GINI equality index 0.196

S. Platt
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19.4  �Endogenous Factors

The following five sets of endogenous factors are considered:

–– Authority, leadership and governance
–– Decision-making and window of opportunity
–– Planning: repair or rebuild, master planning urban environment
–– Finance: resourcing recovery and reconstruction
–– Science and engineering: informing decision-making

19.4.1  �Authority, Leadership and Governance

Governance is defined in this chapter as the extent to which control and decisions 
about recovery are top-down and centralised or bottom-up and delegated to regional 
and local authorities with a degree of community consultation and involvement. In 
5 of the 10 countries (China, Iran, Pakistan, Thailand and Turkey), there is a top-
down governance structure. There are, however, differences of detail.

In Pakistan, governance is conducted through military institutions and govern-
ment departments. Turkey also has a centralised top-down structure with little tradi-
tion of community involvement. Van is far to the east, away from the centres of 
power in Ankara and Istanbul, and local involvement of stakeholders was hampered 
by political tensions of the Kurdish separatist movement. Decisions about recon-
struction were taken by AFAD, the Prime Minister’s Office for Disaster Management, 
and Toki, the Government Housing Agency. Interviews with personnel in AFAD 
revealed that geologists made planning decisions in Van on the basis of distance 
from a known fault and whether the land was government-owned; there was no 
public consultation (Platt and Durmaz 2016). Iran, Thailand and China have similar 
top-down governance structures.

In Italy, decision-making was initially top-down, but after the first phase, there 
was a lack of coordination between regional, provincial, and municipal authorities. 
The many people who spoke at the forum organised by the OECD (OECD 2012) 
and Groningen University (Brezzi and McCann 2012) on recovery in L’Aquila, 
attended by the author of this chapter, related how the national, regional, provincial, 
and municipal authorities had failed to cooperate effectively, with each accusing the 
other of being the cause of delay. This judgement is supported by Alexander (2010) 
and Daziel (2012). Nor was there any genuine community involvement and consul-
tation, even with local architects, engineers, or academics. Leadership after the 
L’Aquila earthquake might be characterised by chaos and failure of government.

In contrast, governance in the USA, Japan, New Zealand, and Chile, was more 
balanced with delegation of authority to regional and local government, and with 
stakeholder involvement and community consultation. In Chile, the government 
appointed a national coordinator to develop a reconstruction plan. The plan was 
based on the premise that “the State is unable to reconstruct everything or even 

19  Factors Affecting the Speed and Quality of Post-Disaster Recovery and Resilience



380

control the process of recovery centrally from Santiago. With the support of the 
state, it is the responsibility of each region, town council and community to develop 
its own plans” (MINVU 2010 p. 108; English translation MINVU 2013 p. 2). This 
meant that authority was delegated to the regional government.

The distinctive aspect about recovery in Chile, however, was the quality of the 
participation process that involved the community in decision-making and kept 
them informed about progress (See Fig. 19.5). The architects who were master plan-
ning recovery in the 18 coastal settlements visited their areas at least once a week, 
briefing residents groups and business people, and walking the streets to monitor 
progress and meet residents. Maps, sketches, and plans were used throughout this 
process to communicate ideas and get feedback. The main objective was to get busi-
ness up and running again. So restaurants and fish processing plants operated in 
temporary structures while permanent accommodation was planned and built.

Similarly in Japan after the Tohoku disaster in 2011, the central government took 
control providing the resources and setting the agenda, and the regional and munici-
pal authorities interpreted this policy and implemented plans. There is also a legal 
obligation in Japan to consult members of the community. But there are cultural 
differences between Chile and Japan that impacted the speed and quality of recov-
ery. The political structure in Japan is more strongly centralised and the national 
government maintains a closer oversight over the prefectures, cities, and other local 
government institutions, so there is much less delegation of decision-making 
(Sorensen 2004). Public consultation in Japan was, therefore, more formalised, less 
inclusive and gave priority to a smaller section of opinion.

In New Zealand, the Canterbury Earthquake Authority (CERA) and Christchurch 
City Council (2011) made efforts to involve citizens in the debate about the future 
of the city. CERA conducted community workshops and public consultation on the 

Fig. 19.5  Architect Carolina Arriagada at weekly briefing to a residents association and resulting 
master plan for Tubul, Chile. KEY: 1 health centre; 2 school; 3 police; 4 fire brigade; 5 wetland 
park; 6 housing (266); 7 main street; 8 waterfront; 9 info centre; 10 park; 11 cycleway; 12 port 
infrastructure; 13 new road; 14 evacuation assembly

S. Platt
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Recovery Strategy for Greater Christchurch (CERA 2011). The City Council plan-
ning department’s focus was on replanning the central business district, and it ran 
the Share an Idea campaign that involved residents through an interactive website 
and an exhibition attended by over 10,000 people (Carlton 2013). However, despite 
these initiatives, more power lay with the Minister for Canterbury Earthquake 
Recovery and CERA than with the city council or local citizens and stakeholders.

There were considerable differences in which authority was responsible for recov-
ery decision-making, i.e., whether existing ministries and local government are in 
charge or a special, dedicated organisation is in control. Typically, the creation of a 
dedicated body needs special legislation. In 6 of the 10 case studies (China, Iran, New 
Zealand, Pakistan, Thailand and Turkey), authority was vested in a special body.

The Government of Pakistan established the Earthquake Reconstruction and 
Rehabilitation Authority (ERRA) on October 24, 2005, 2 weeks after the disaster, to 
control all aspects of relief and recovery and to “convert adversity into opportunity” 
by “building back better” (GFDRR 2014, p. 4). In coordinating the various organ-
isations involved, ERRA adopted the UN cluster approach that grouped humanitar-
ian organisations into specific areas of responsibility, for example health and water/
sanitation (United Nations 2005). The early performance of clusters in Pakistan was 
uneven; responsibilities were not clearly defined, and some clusters struggled until 
government departments were involved, but it provided a framework for coordina-
tion in a chaotic operational environment (Hidalgo and Lopez-Claros 2007).

In New Zealand, the local authorities, Christchurch City Council, and 
Waimakakiri District Council were initially in charge after the September 2010 
earthquake. This changed after the second, more devastating earthquake the follow-
ing February 2011. Two weeks after the February quake, the Government passed the 
Canterbury Earthquake Recovery Act 2011 granting extraordinary powers to the 
Canterbury Earthquake Recovery Authority (CERA) as a department of govern-
ment. Instead of working to strengthen the city council, CERA took over its core 
recovery functions and the city council was, initially, side-lined. However, despite 
the tensions, CERA and the municipal authorities cooperated and power gradually 
reverted to the city council. In January 2015, CERA was downgraded from a depart-
ment to an agency within the Department of the Prime Minister.

After the disaster in Tohoku in 2011, the Japanese government immediately 
sought to broaden the recovery strategy by setting up an advisory council. Within 
2  months the council issued seven principles for the reconstruction framework, 
that became the basis for the government guidelines that were decided on by the 
National Policy Unit 3 months after the disaster (Government of Japan 2012). The 
new governmental Reconstruction Agency, reporting to the Cabinet, was established 
in February 2012. Its aim was to plan and coordinate all national reconstruction pol-
icies and measures and to support the efforts of afflicted local governments by serv-
ing as a one-stop shop. The role of the central government was, therefore, to provide 
guidelines for reconstruction and support in terms of finance, human resources, and 
know-how, but the main administrative actors were the municipalities.

In Chile, the central government recognised it would be unable to reconstruct 
everything or even control the process, and national coordination was limited to 
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defining the scale of the problem and allocating resources. Planning and implemen-
tation were the responsibility of the regional government and specialist teams of 
experts. What distinguished recovery in Chile was the community consultation and 
the desire from the bottom up to rebuild as quickly as possible, but also to build 
back better (Platt and So 2016).

19.4.2  �Decision-Making and the Window of Opportunity

Societal resilience, the level of preparedness and rapid and successful recovery 
depend, to a large extent, on good decisions (Coles and Zhuang 2011).

If official agencies do not act quickly, many victims will begin to rebuild where 
and how they choose. Although speed is necessary, it is also vital to take the time to 
plan post-disaster reconstruction. Planning can create opportunities to improve land 
use and infrastructure, enhance safety, promote good design, involve citizens in 
decision-making, and find cost-effective solutions. If planning takes too long, 
though, it will be ineffective. Alexander (2013b) cautions that reconstruction that 
occurs very rapidly should be treated with suspicion, for it implies that there has 
been a failure to consult adequately with interested parties. Time is not limitless, 
however. The worst cases, he suggests, are either those in which planners ride 
roughshod over local interests or those in which a conflict of interest leads to stale-
mate. Many of these problems can be mitigated by pre-disaster planning that sets 
out general principles and policies that can be updated after the disaster.

Reactive policies are understandable in the context of the urgent policy needs in 
post-disaster situations (Ingram et al. 2006). Relief has to be rapid and short-term 
recovery efforts must aim to minimise the time needed to rehouse people safely and 
to re-establish livelihoods. During this transitional phase it is critical that communi-
ties are informed about longer-term plans in order to reduce anxiety and frustration. 
Long-term recovery policies require comprehensive, site-based assessments of risk 
and vulnerability and effective consultation with stakeholders. Long-term, multi-
sector strategic planning can facilitate the sustainable management of resources, 
supply livelihood support, strengthen infrastructure, improve urban planning and 
design, extend insurance, and enhance disaster preparedness at the national, 
regional, and community level.

The window of opportunity for effecting radical change and for accomplishing 
post-disaster improvements is narrow, in many cases lasting for just 18–36 months 
after a disaster (Birkmann et al. 2010). Although there is little research on this topic, 
Comerio (1998) suggests that basic functions should be restored within 2 years to 
ensure successful recovery. This window of opportunity varies from one country to 
another, not so much because it is an inherent quality of disaster recovery, but rather 
because it is a product of a particular country’s political climate. Having to deal with 
a crisis moves issues higher up a government’s policy agenda (Kingdon 1995, 
2010). In time, other pressing problems divert attention.
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Turkey and Japan represent extremes in this regard. In Turkey, following the Van 
earthquake in October 2011, the window of opportunity was extremely limited in 
duration and extent. Post-disaster planning by the Disaster and Emergency 
Management Presidency (AFAD) and the various government ministries adhered to 
strict protocols with well-defined criteria, and there were a small number of deci-
sion-makers and little stakeholder or community involvement. The window of 
opportunity to do things better may have been open for 6 months at most.

In Japan, following the Tohoku earthquake in March 2011, there was, by con-
trast, a massive, concerted effort by many sections of society to come to terms with 
the issues and to devise safer solutions. Despite the efforts of the national govern-
ment to speed up the process by providing resources and imposing deadlines, the 
effect was to delay reconstruction. The window of opportunity was still, to an extent, 
open 5 years after the event.

In Chile, meanwhile, following the Maule earthquake in February 2010, the win-
dow of opportunity was open for about 18–24 months, during which architects sec-
onded from the University of Bío Bío by the regional government worked on master 
plans for the disaster-affected coastal communities, and planners from the Ministry 
of Transport in Santiago devised a new master plan for Concepción, the capital of 
the Bío Bío Region (Platt 2012a). Subsequently, the planners who had been sec-
onded to special teams went back to their old jobs, and the government’s priorities 
shifted with the change of government from Sebastián Piñera’s centre-right Alliance 
for Chile to former President Michelle Bachelet’s centre-left New Majority party in 
December 2013 (Meyer 2014).

Figure 19.6 shows the results of an attempt to estimate this window of opportu-
nity for 12 countries (in terms of recovery and the number of months after the 
event). The estimates are based on fieldwork interviews in 10 of the 12 countries 
and an intense search of published sources. None of the papers and reports specifies 
this time period, but, in most cases, inferences can be drawn from how long policy 
committees consulted and when final plans were published.

19.4.3  �Planning: Repair or Rebuild; Master Planning Urban 
Environment

Reconstruction after an earthquake is a complex process entailing economic, politi-
cal, and social issues as well as geotechnical considerations. Public awareness of the 
risk is high, and the issue is accorded high priority on political agendas (Scholl 
1986). It is, therefore, an opportunity to change how things are done – to build back 
better (Gunewadena and Schuller 2008). Opportunities exist in the aftermath of 
earthquakes to enhance hazard mitigation (Birkmann et al. 2010). However, experi-
ence shows that current hazard response and mitigation practices often sustain com-
munities as they are and merely perpetuate the disaster-damage cycle rather than 
address the root causes of the problems (Graham 1999). There is a natural tendency 
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among survivors to want to restore their lives and communities to normal as quickly 
as possible (Scholl 1986), putting pressure on the authorities and inhibiting mitiga-
tion strategies and long-term planning. Nevertheless, most communities do become 
safer and less vulnerable to earthquakes as a result of post-disaster reconstruction 
(Haas et al. 1977; Rubin et al. 1985).

19.4.3.1  �Speed or Safety

Decisions about whether the emphasis should be on rapid reconstruction or on 
increased safety and building back better are, perhaps, the most critical of post 
disaster meta-decisions (Kim and Olshansky 2015). The key question facing the 
authorities is whether they should aim to reinstate livelihoods and rebuild homes as 
quickly as possible or whether the crisis is an opportunity to change – to increase 
safety, to strengthen the economy, and to improve the urban environment. Speed of 
reconstruction was exceptionally fast in two of the studied countries, China and 
Turkey, where a large proportion of displaced families were rehoused within 2 years 
and infrastructure and livelihoods were restored (Miao 2010; Dunford and Li 2011).

In Italy, after the L’Aquila earthquake in 2009, the main issue was the slow 
recovery of the local economy. Most of the historic buildings were safeguarded with 

Fig. 19.6  The window of opportunity
Sources: various reports and papers were used to estimate these times, but the following represent 
the main sources: Chile: Platt (2012a); Sandoval and Gonzalez (2015); China: Huang et al. (2014); 
Haiti: Fan (2013); India: Thiruppugazh (2001); Iran: Omidvar et al. (2010); Italy: OECD (2013); 
Japan: Matanle (2011); New Zealand: Toomey (2015); Pakistan: Kirk (2008); Thailand: Srivichai 
et al. (2007); Turkey: Turan (2012); United States: Wu and Lindell (2004)
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an exoskeleton of scaffolding; however, it may take years to repair them (See 
Fig. 19.5). Meanwhile, much of the city centre of L’Aquila was closed. Although 
the main priorities of residents were repair and reconstruction of their homes, recon-
struction of the historic centre and re-establishing employment (OECD 2012), 
rebuilding was on the outskirts of the town (Alexander 2010; EEFIT 2013). In 2016, 
the centre of L’Aquila was still partially closed and the university, the main eco-
nomic driver in the region, was operating in temporary rented accommodation. 
Instead of repairing existing homes, the government built 12,000 new homes in 19 
new settlements 15 kilometres from the old city centre (Alexander 2010). Although 
these were built within 8 months of the disaster, they were built without consulting 
local opinion and are not where people want to live.

In Chile, there was pressure from the residents to rebuild homes, restore facilities 
and get the economy moving, but there was also a desire on the part of the authori-
ties to develop new urban plans that would improve these communities and make 
them safer. Master planning of the 18 coastal settlements affected by the disaster 
was completed within 10 months by a team of architects and planners seconded 
from the  University of Bío Bío. The aim of these master plans was to restart busi-
ness, rehouse residents, and to improve safety. This involved relocating critical 
facilities, a setback for buildings of 50–80 metres from the beach, and constructing 
new sea defences, including tree planting and a promenade forming a sea wall. The 
teams also produced designs for tsunami-resistant housing (Platt 2012a).

In Japan, after the 2011 Tohoku earthquake, the government’s top priorities were 
also economic revival and safety. In contrast to Chile, however, these two aims 
seemed to be at odds and were causing delay. The safety imperative in Japan meant 
that ways of life and people’s relationship to the sea had to change, and this was 
painful and caused dissent. Up to 9 m high tsunami protection levees were built, 
homes were moved to higher ground along the fiord-like Rias Coast, and on the 
Sendai Plain, where there are no natural hills, housing was concentrated on raised 
platforms. By law, the authorities had to consult people, and it is in the nature of 
Japanese society to try to reach consensus rationally (Heath 1995; Kopp 2012). This 
takes time, which undermined the possibility of recovery in places that were already 
in economic and demographic decline.

In Turkey, the imperative was speed, particularly to rehouse people in permanent 
housing. Transitional container shelters were provided within 3  months and 35 
camps comprising 30,000 containers and 175,000 inhabitants were established in 
Van and Erçis (Basbuğ Erkan et al. 2015). The containers were smaller than those 
provided in Japan and housed bigger families, but people didn’t have to stay in them 
nearly as long as people did in Japan. The author visited Van 10 months after the 
earthquake, while temporary camps were in operation. The author visited again 
18 months after the disaster and the camps were nearly all empty. Within 15 months, 
the Ministry for Housing Development (TOKI) had built 10,000 dwellings in Van, 
and 5000 in Erçis (Fig. 19.7). This rate of reconstruction is unprecedented (Platt and 
So 2016).
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19.4.3.2  �Construction: Repair or Rebuild

Unless the decision is to relocate the whole city or settlement, people need to decide 
whether to repair or rebuild after a disaster. Two case study countries – Iran and 
China – opted for complete rebuilding. The remaining countries opted for a mixed 
strategy.

In New Zealand, there was a feeling amongst engineers that some decisions to 
demolish were unjustified and that demolition was driven by the high level of insur-
ance penetration and by a conservative approach to safety (Lynch 2012). The engi-
neers the author interviewed at Canterbury University in Christchurch and GNS 
Science in Wellington confirmed this. One of the key issues was that few cities hit 
by recent earthquakes had suffered such a high intensity of aftershocks, and this had 
influenced decisions about reinsuring buildings in Christchurch (Merkin 2012; 
Watson 2012).

The main policy outlined in the Christchurch City Council’s Central City Plan 
was for a more compact, low-rise, greener city centre, in which building heights 
would be strictly controlled (Christchurch City Council 2011). City centre busi-
nesses were relocated to the periphery. The City Council was also engaged in a 
debate about saving historic buildings, the most heated concerned the Anglican 
Cathedral (Interviews; Burdon 2015). Christchurch was unusual for the quality of 
its Gothic Revival public buildings and the city’s Victorian and Edwardian character 
(Lochhead 2012). A serious architectural loss was the collapse of the Canterbury 
Provincial Council Chamber (1865), a remarkable colonial example of High 
Victorian Gothic by the local architect, Benjamin Mountfort (New Zealand Historic 
Places Trust 2012). This example from New Zealand, an advanced country that 
values its historic buildings, illustrates the importance of decisions about repair or 
demolition and how, unless these issues have been debated and decided in advance, 

Fig. 19.7  New TOKI 
housing (photo by author) 
taken on landing at the 
airport in Van 10 months 
after the disaster
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there is a risk that irreplaceable cultural heritage will be lost for lack of adequate 
protection during the period of aftershocks.

Emergency legislation removed all statutory protection for heritage buildings 
and over 150 listed heritage buildings were demolished in Christchurch. In contrast 
in L’Aquila, over 3000 medieval buildings were damaged, many as badly as those 
in Christchurch, but were subsequently supported with scaffolding (Comune di 
L’Aquila 2011). Over half of the city centre of Christchurch was demolished; many 
historic buildings were lost, and extensive areas of residential land were taken out 
of use. There is clearly a tension between a desire to conserve the familiar and repair 
damage, usually the preferred option of residents, and the ambition to make safer 
and build back better, often led by government. Balancing these competing goals is 
one of the main aims of meta decision-making.

In Pakistan, after the earthquake in 2005, the federal government directed the 
Housing Ministry to upgrade building codes to match international standards and in 
March 2006, the Ministry, in collaboration with National Engineering Services 
Pakistan Limited (NESPAK), drafted new building codes. But in the years follow-
ing the release of the codes, there was evidence that few people had the followed 
recommended construction practice. The high cost of standard building materials, 
especially steel and cement, the lack of understanding about sound concrete con-
struction, and the lack of adequate site supervision meant that reconstruction was 
not as safe as supposed.

19.4.3.3  �Master Planning

An aspect of the wider question about speed and safety is whether homes and activi-
ties should be reconstructed in the same place or relocated to safer areas. Relocation 
is generally considered as a last resort because of land ownership issues and public 
opposition (González 2012). Although the policy decision to relocate is taken at 
high levels, detailed implementation involves local land-use planning decisions 
about which built-up land should be abandoned and new green-field or agricultural 
land be taken into use.

In Christchurch, in neighbourhoods bordering the lower River Avon and along 
the River Waimakariri in Kaiapoi to the north, there was widespread liquefaction 
(Quigley et al. 2012; Ballegooya et al. 2014). The water table raised nearer the sur-
face and the crustal thickness was reduced and less able to support the weight of 
built structures. Severe widespread liquefaction affected many of the Christchurch 
suburbs, especially Avonside, Avondale, and Bexley, and its central business dis-
trict. This meant a loss of large areas of the city. Approximately 20,000 houses were 
seriously affected by liquefaction, out of which between 6000–7500 were damaged 
beyond economic repair and were abandoned (Cubrinovski et al. 2012). Buried pipe 
networks suffered extensive damage and the wastewater system was particularly 
affected resulting in loss of service to large areas (MacAskill 2016). Extensive areas 
along the lower River Avon and around the estuary and coastal zones, and in the 
town of Kaiapoi, were deemed as unsuitable for rebuilding, and the government 
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bought the affected properties and cleared the land. Complete neighbourhoods and 
some communities were displaced (Swaffield 2013).

In Pakistan, after the 2005 earthquake, the plan was to relocate the city of 
Balakot, which had been almost completely destroyed, to a safer location 23 kilo-
metres south towards Mansehra (Ismail 2012). Yet when the author visited the town 
9 months after the disaster, new inhabitants had already migrated to the site of the 
original town because of its strategically important location and had set up busi-
nesses and were building homes. For various reasons, including costs, land owner-
ship, poor governance, and corruption, plans for the new town were not realised 
(Asad 2014). Owners of the land that was designated for the new city refusing to 
leave their land and a failure to involve the local community in the plans were other 
reasons for the failure of the project (Shafique and Warren 2015).

19.4.4  �Finance: Resourcing Recovery and Reconstruction

Financing recovery is about providing the resources for business continuity and 
reconstruction. This involves decisions about whether businesses should fend for 
themselves or receive support, whether individual households or the state should 
rebuild homes, and whether government should try to control resource allocation 
and prices or leave demand and supply to market forces. In part, these decisions 
depend on sovereign wealth and insurance penetration.

All the countries studied, with the possible exception of Iran, prioritised business 
continuity, and some gave significant amounts of assistance to help business con-
tinue. In Chile, Japan, and New Zealand the local government financed the con-
struction of temporary shops and restaurants, and these became local tourist 
attractions (see Fig. 19.8).

Insurance penetration ranged from near 100% in New Zealand to virtually zero 
in Pakistan. Chile was somewhere between these extremes. Nevertheless, insurance 
played a role in Chile in facilitating recovery and reconstruction (Franco and 
Siembieda 2010), even though insurance penetration was low (30% of the residen-

Fig. 19.8  Temporary shops and restaurants: Dichato Chile, Kesennuma Japan, Christchurch New 
Zealand
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tial properties in the capital Santiago and 10% elsewhere, and about 60% for com-
mercial and industrial properties throughout the country).

In New Zealand, less than 0.5% of all damaged dwellings were uninsured and 
most non-residential buildings in the CBD were fully insured. The government insur-
ance scheme will pay losses of more than NZ$7 billion and private insurers will pay 
upwards of a further NZ$10 billion towards the cost of rebuilding Christchurch. The 
government expected to spend an additional $8.5 billion. One of the more difficult 
issues was that authorities were keen to have buildings seismically strengthened, but 
there was a question about who paid for the enhanced performance.

In terms of housing, most reconstruction in China was done by the state and a 
proportion of new homes were also built by the state in Japan, Turkey, and Italy 
(OECD 2012). In contrast, in Pakistan, to ensure that homes were rebuilt the way 
people wanted, the policy was for people to self-build on the same plot with govern-
ment advice about safer construction and grants for reconstruction (Bajwa 2007). It 
was hoped that this approach would more adequately match people’s needs, but the 
financial assistance was insufficient; the technical advice was unclear, and people 
lacked understanding of safe construction practice.

Various authors have pointed out the problem of what has come to be known as 
welfare dependence. Sandoval and Voss (2016) describe how this was a problem 
after the volcanic eruption in Chaitén, Chile, in May 2008. They describe how a lack 
of control over the benefits may have produced a welfare dependency in which 
people were reliant on government benefits for more than 2 years. The author of this 
paper observed a similar phenomenon in Thailand after the Indian Ocean tsunami of 
2008. Survivors in Ban Nam Khem, the town studied by the author, received aid for 
over 2 years. The unprecedented level of international aid and compensation resulted 
in fishermen receiving two or three boats and families being given two houses. This 
excess attracted migrants and produced an unhelpful indolence amongst some. 
Similar patterns were reported in Indonesia and India (Régnier et al. 2008).

19.4.5  �Science and Engineering: Informing Decision-Making

There have been major advances in our scientific understanding of natural hazards, 
in quantifying vulnerability, exposure and risk, and in engineering solutions to miti-
gate damage. This knowledge, particularly its application in building codes and 
enforcement, has dramatically reduced the casualty rates in developed countries. 
Better disaster preparedness, early warnings and evacuation, immediate response, 
and international relief have also had a positive impact. Fatalities, however, in very 
large disasters, such as Tohoku 2011, and in less developed countries, such as Haiti, 
Pakistan, and Nepal, are still unacceptably large. Damage and economic losses are 
also huge and can impose severe strains even on developed economies like Japan. 
Nevertheless, the widening application of scientific knowledge and engineering 
expertise means that things are steadily improving.
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New Zealand was perhaps the most impressive of the case studies in terms of the 
engineering and science that went into understanding the earthquakes and resultant 
damage and the development of clear guidance. In particular, a simple system of 
zoning land was devised according to the future risk of liquefaction and the type of 
foundation required. For example, Tonkin & Taylor, a firm of consulting engineers 
collated all the survey data, insurance claims, and other information into a GIS that 
it made available to all the players (Platt 2012b).

Worldwide, there has been less progress in terms of understanding recovery and 
providing the information decision-makers need to manage reconstruction. One 
area in which the author has personal experience is in the use of remote sensing to 
monitor recovery (Van Westen 2000; Brown et al. 2010, 2011; Blaschke 2010; Bello 
and Aina 2014). There have been big strides recently in the use of data collected 
from satellite and airborne sensors to map hazards, assess post-earthquake damage, 
manage humanitarian and financial assistance, and plan and monitor long-term 
recovery. The most useful application in the disaster management field is to estimate 
the vulnerability of buildings to earthquake and tsunami risk (Geiß and Taubenbšck 
2013; Geiß et al. 2014, Mück et al. 2013; Wurm et al. 2015). However, the take up 
of this technology by disaster management practitioners and planners is 
disappointing.

19.4.5.1  �Two Types of Information Needs

The Nobel prize-winning economist Kahneman (2012) suggested that we have two 
ways of thinking. Fast thinking involves intuition and instinctive behaviour while 
slow thinking demands deliberation and rational analysis. The people charged with 
disaster management have to make choices fast, using experience, instinct, and fol-
lowing established protocols. They find it difficult to think about using the kind of 
information research scientists are able to provide. Moats et al. (2008) describe how, 
after major disasters, leaders are required to make high-consequence decisions with 
incomplete or inaccurate information, ill-defined goals, the pressures of time, and a 
constantly changing situation by drawing on their training and experience. They 
posit scenario planning as a way that managers can understand better their environ-
ments so as to avoid disastrous events and to put in place efficient and effective 
plans for coping if disaster should strike. Bradfield et al. (2005) say public policy 
makers are increasingly using scenarios to involve multiple agencies and stakehold-
ers in policy decisions, enabling joined-up analysis and creating an accommodation 
platform to assist policy implementation.

As part of the EU project Framework to integrate Space-based and in-situ sENS-
ing for dynamicvUlnerability and recovery Monitoring (SENSUM), the author 
devised a scenario planning game to better understand the information needs of 
disaster management decision-makers (See Fig. 19.9; Platt et al. 2014). The game 
aimed to explore how information is needed at different stages in the recovery pro-
cess and to address the question of why the take-up of new data technology, specifi-
cally remote sensing based maps, is slower than one might have expected. In the 
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disaster management field, this approach has been applied in ShakeOut prepared-
ness exercises and drills (William Spangle Associates 1994; Wein and Rose 2011) 
and civil defence exercises (Bradfield et al. 2005). Of particular interest, Chermack 
(2004) analyses decision failure by isolating three key issues that affect dynamic 
decision-making in situations similar to those found in disaster management: 
bounded rationality, exogenous variables, and friction.

Although the scenario planning game worked remarkably well, disaster manag-
ers in both countries had difficulty in transferring information needs into requests 
for data products. At the time, we put this down to the pace of the disaster event 
forcing decision makers to follow standard protocols. We assumed that, with more 
familiarity with GIS and remote sensing, information products would be more 
widely adopted. However, Kahneman’s thesis of thinking fast, thinking slow sug-
gests that the problem is more fundamental. The need to respond quickly means that 
disaster managers use intuitive, System 1 thinking almost exclusively and may not 
be able to use the kind of information scientists are able to provide currently.

19.4.5.2  �Two Types of People Needed for Disaster Management 
and Recovery Planning

This analysis suggests that governments need to authorise two teams to respond to 
disasters: one, the usual civil defence team managing relief and immediate recovery 
who are good at System 1 thinking, and the other, who are good at both System 1 
and System 2 thinking, planning long-term physical, social, and economic recovery. 
The second team might have a few key people from civil defence who would pro-
vide liaison but would be led by and comprise people seconded on merit for 
18 months to 2 years from academia, industry, and the civil service.

Fig. 19.9  Disaster recovery scenario planning game with disaster managers and reconstruction 
planners in Kyrgyzstan/Tajikistan (left) and Turkey (right)
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19.5  �Disaster Management and the Speed and Quality 
of Recovery

The preceding 5 endogenous factors can be used to construct an index of post-
disaster management and recovery planning where each factor is scored between 0 
and 4 on a 5-point subjective scale. It should be stressed that, although the data used 
to construct this index is based on careful study of the available evidence, the assess-
ments are subjective and based on the considered opinion of the author alone (see 
Table 19.6).

Figure 19.10 shows that there is a clear relationship between the standard of post 
disaster management decision-making (as assessed by the author) and both the 
speed (R2 = 0.56) and quality of recovery (R2 = 0.90). The relationship between 
post-disaster decision-making and the quality of recovery in terms of whether cru-
cial aspects of the society and economy improve, i.e., are built back better is strik-
ing, although perhaps unsurprising.

19.6  �Discussion

Disaster resilience is widely assumed to be determined by how well a society resists 
the impact of a disaster event and by how quickly it recovers. But speed is not every-
thing and that, as well as returning to normality building back better is also impor-
tant in assessing recovery since it increases resilience to future disasters.

Table 19.6  Disaster management indicators and the speed and quality of recovery

Name
Gover- 
nance

Decision-
making

Build 
back 
better Finance

Science 
information Normalised Speed

Quality 
(%)

Northridge, 
USA

3 3 2 2 3 65 3 64

Bam, Iran 1 1 1 1 2 30 25 36

Indian Ocean 1 2 1 3 2 45 5 52

Kashmir, 
Pakistan

2 1 1 1 1 30 15 32

Wenchuan, 
China

2 2 2 2 3 55 5 52

L’Aquila, 
Italy

1 0 1 1 2 25 20 40

Maule, Chile 4 3 3 3 2 75 5 84

Christchurch, 
NZ

2 2 2 3 4 70 10 68

Tohoku, 
Japan

2 2 2 3 3 60 12 60

Van, Turkey 2 3 2 2 1 50 5 56
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It has been widely assumed by many people, including the author of this paper, 
that both exogenous and endogenous factors play a part in determining the speed 
and quality of recovery (for example Rubin and Barbee 1985). The finding that none 
of the exogenous factors considered in this analysis has an effect on the speed of 
recovery sounds counter-intuitive. Common sense suggests that Japan is taking lon-
ger to recover than Turkey or the USA because the events were quite different in 
size of impact. One might assume that Pakistan is taking longer to recover than 
China because its economy is much weaker.

A possible explanation for this lack of relationship is that there are interactions 
between population and economic variables. The analysis, therefore, combined 
measures of population growth, GDP growth, and the GINI index of equality to 
derive a simple index of societal resilience. This single index of societal resilience 
also had little effect. We know, however, that societal resilience is much more com-
plex than population and economic dynamics. Various authors have argued that 
social capital is important in building community resilience (for example Cutter 
et al. 2010; Aldrich 2012), and others have talked about the adaptive capacity of 
families, communties, and societies to respond to crises (for example Dovers and 
Handmer 1992; Kleina et al. 2003). This is a rich area for further research, not least 
to determine to what extent social capital and adaptive capacity are exogenous and, 
therefore, fixed, and to what extent they can be encouraged and developed in 
advance of disasters.

Before concluding, it is important to question the reliability and replicability of 
the method of analysis adopted here. The author has studied recovery after more 
than a dozen disasters, 10 of which are reported here. This has afforded him a broad 
understanding of the issues involved in post-disaster recovery. However, the data 

Fig. 19.10  Disaster management and the speed and quality of recovery
Note the data plotted is an assessment of disaster management and the speed and quality of recov-
ery for specific earthquakes, for example L’Aquila 2009, rather than an assessment of disaster 
management in general for all events in that country
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used in the analysis is, in part, subjective. Although the assessments are based on 
evidence from field studies, remote sensing analysis, interviews, and published 
data, there is the possibility of subjective bias.

There is also a danger of treating variables as independent when they are possi-
bly inter-related. This is especially true of the relationship between the assessment 
of post-disaster management and the quality of outcomes. Post-disaster manage-
ment was assessed in terms of the five exogenous factors: governance, decision-
making, build back better, finance, and science and information. Conceptually, 
these are different from changes in the quality of housing, amenity, etc. The author 
was aware of this risk and made efforts to differentiate the assessments. Nevertheless, 
there is a possibility that an assessment of governance and policies of building back 
better, for example, are confounded with the quality of recovery. In other words, one 
is judging the standard of disaster management by the quality of recovery 
outcomes.

19.6.1  �Next Steps

The factors affecting the speed and quality of recovery would seem to be a promis-
ing area for further research. The reliability findings from this limited study of ten 
cases would be improved with events from more countries. It would also be useful 
to study other earthquakes in the same countries to see if the variation in speed and 
quality varied as much within the same country as it does between countries.

In terms of exogenous and endogenous factors, it would be interesting to see if 
the frequency of earthquakes within a country has any effect. One might expect that 
in countries where earthquakes are frequent, national and local government and 
businesses and households would be better prepared, more resilient, and recover 
faster than in places where earthquakes occur infrequently.

19.7  �Conclusion

Disaster recovery is a huge subject for investigation. It applies to all sectors of soci-
ety: housing, transport, infrastructure, industry, environment, etc. and covers many 
aspects of human behaviour, from individual wellbeing to the macroeconomy of 
whole regions. Our understanding of the issues ranges from the scientific to the 
intuitive and initiatives taken encompass professionally engineered solutions and 
spontaneous community action.

Governments seem unable to learn lessons from previous disasters in other coun-
tries. In part, this is because of the relative infrequency of major disasters and a lack 
of direct experience amongst the key players. But it is also a product of the extreme 
time pressure on decision-makers from the public and press to be seen to be doing 
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something. It is perhaps not surprising then that progress in understanding and man-
aging recovery has been relatively slow.

This chapter has explored to what extent pre-existing resilience (exogenous fac-
tors) and post-event response (endogenous factors) determine the speed and quality 
of disaster recovery. Careful analysis of the evidence from ten recent earthquake 
related disasters tentatively suggests that exogenous factors – the magnitude of the 
event, population dynamics, the wealth of the nation, and the state of the economy – 
play a smaller role in determining outcomes than has hitherto been supposed. 
Endogenous variables, i.e., the decisions, policies, and choices governments and 
societies make, seem to have a greater effect on recovery outcomes than has perhaps 
been supposed.

The critical factors in determining speed and quality of recovery would seem, 
therefore, to be within the control of government decision-makers, recovery plan-
ners and local communities. The evidence suggests that the quality of decision-
making determines the difference between the post-disaster performance of different 
countries rather than the size of the impact of disaster or pre-existing demographic 
and economic conditions. If substantiated by other research, this would be a signifi-
cant breakthrough in our understanding of resilience and post-disaster recovery.

In conclusion, the key issues for governments and decision makers in hazard 
prone countries are:

19.7.1  �Authority

Governments need to decide who is in charge of recovery and prepare the necessary 
legislation to assign this responsibility. They need to ensure that they form the most 
competent teams of people to manage the process of recovery (i.e. people good at 
System 2, long-term strategic thinking). As far as possible, they need to involve 
local residents and business people in decision-making.

19.7.2  �Decision-Making

National, regional, and local governments need to improve their preparedness in 
terms of rehearsing critical decisions before an event.

19.7.3  �Build Back Better

Every effort needs to be made to find ways of building back better both in terms of 
building structures, but also urban planning and economic development.
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19.7.4  �Finance

Governments need to know where the money is coming from to finance reconstruc-
tion and to develop procedures for getting this money to the grass roots as quickly 
as possible.

19.7.5  �Science and Engineering

Decisions about reconstruction need to apply science to inform decision-making 
and engineering and construction know-how to build back better.

Above all, the people charged with managing recovery need to learn lessons 
from previous disasters, both in the same country and in other places. This is not 
happening nearly enough at the moment. Nevertheless, the idea that exogenous 
variables are more significant than endogenous is literally empowering. It means 
that recovery outcomes after major disasters are in our own hands and we can decide 
how to recover quicker and build back better.

�Appendices

�Appendix A. Interview Questions

�Personal: You and your Involvement with a Particular Earthquake

	1.	 What is your role or experience in disasters?
	2.	 What relations do you have with local or central government?
	3.	 What event do you have experience of? How big an event? Casualties, 

fatalities?

�The Event: Impact of the Earthquake – Preparedness Phase

	4.	 Amount of damage – residential, commercial, infrastructure?
	5.	 How well prepared were you physically, economically and in terms of 

organisation?
	6.	 In what way was the economy affected?
	7.	 How has society or social organization been affected?
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�Meta Decisions: Strategic Decisions Made at High Level by Central 
Government

	 8.	 Who was in charge – the existing authorities or a special dedicated body?
	 9.	 Was new legislation passed or were new authorities created?
	10.	 Was the emphasis on speed or on community involvement and building back 

better?
	11.	 Was the aim to reinstate what had been lost or was it an opportunity to change?
	12.	 How far was the Government involved in recovery?
	13.	 What proportion of resources went on relief and what on long-term recovery?

�Operational Emergency Management Decisions – Relief and Response 
Phase

	14.	 How did central, regional and local government respond?
	15.	 Who coordinated relief and made operational decisions?
	16.	 Could information be provided quickly enough to influence decision-making?
	17.	 How many people were displaced and how many needed temporary shelter?
	18.	 Where were transitional shelters located? Did this affect permanent housing?
	19.	 Who provided temporary units, of what size, material etc.?
	20.	 What essential public services were disrupted?
	21.	 What proportion of people were insured?
	22.	 How badly were water, sanitation and food supplies affected?
	23.	 Which access roads were blocked and needed clearing?
	24.	 Where were public services located? Health, schools etc.?

�Planning Decisions – Recovery and Reconstruction Phase

	25.	 Who was in charge of recovery and reconstruction?
	26.	 Has the urban planning process changed to manage post-earthquake recovery?
	27.	 How is policy developed and by whom?
	28.	 Who does land use, transport or economic development planning?
	29.	 Was there an urban or regional plan? Was there an economic development plan?
	30.	 What other organisations were involved? Scientific institutes, universities?
	31.	 What scientific, land use or census information was used?
	32.	 How is policy and action coordinated between national regional and local 

authorities?
	33.	 Is recovery and reconstruction monitored?
	34.	 How is information used to guide the planning process?
	35.	 What stage is recovery at? How long do you think it will take?
	36.	 What is the impact of demographic change and migration?
	37.	 How were people helped or compensated? Insurance? Government assistance?
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	38.	 How resilient is the community and to what extent can family networks drive 
recovery

	39.	 How were displaced people rehoused? Who decided about resettlement?
	40.	 How is housing need or demand assessed?
	41.	 How is speedy recovery balanced against deliberation?
	42.	 What cultural issues are involved in recovery and reconstruction?
	43.	 Are local residents involved in decision-making, for example where to rebuild?
	44.	 Is anyone working on plans to improve the city? What new projects are planned?

�Long-Terms Decisions – Future Mitigation

	45.	 In what ways is the country/city better prepared for another disaster?
	46.	 Have any previous built up areas been defined as too hazardous to rebuild?
	47.	 Has critcial infrastructure and essential services been relocated?
	48.	 Have building design codes changed?
	49.	 How effective is inspection to ensure buildings are repaired properly?
	50.	 Were lessons learnt and has the public perception of risk been improved?

�Appendix B. Disaster Recovery Survey
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